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PREFACE

The XXVIII session of the Ohio River Valley Soils Seminar (ORVSS) was held on
October 10, 1997, at the Holiday Inn North, Lexington, Kentucky. The XXVIII seminar
was primarily hosted by the Kentucky Geotechnical Engineering Group of the American
Society of Civil Engineers. Co-sponsors of the seminar included the Cincinnati
Geotechnical Engineering Group of the American Society of Civil Engineers, the
University of Kentucky Department of Civil Engineering Office of Continuing Education
and the Kentucky Transportation Center, the University of Louisville Department of
Civil Engineering and the Center of Continuing Studies, the University of Cincinnati
Department of Civil and Environmental Engineering, and the University of Dayton
Department of Civil and Environmental Engineering and Engineering Mechanics.

In October of 1 996, a committee was established to select a seminar topic and
plan for the XXVIII seminar. Members of the organizing committee were:

Larry W. Snedegar L.E. Gregg Associates
Wayne Karem Atlanta Testing & Engineering
Darrin Beckett Kentucky Transportation Cabinet
Kevin Sutterer University of Kentucky
Craig Lee Atlanta Testing & Engineering
Paul Donahue Law Engineering
Scott Murray FMSM Engineers
Tommy C. Hopkins Kentucky Transportation Center

The time donated freely by these individuals is gratefully acknowledged along with our
appreciation to each of their employers for encouraging and supporting their activity
with ORVSS. We also wish to acknowledge the efforts of Ms. Jackie Overbey of the
Kentucky Transportation Cabinet and Lanise Martin of L&M Design.

The theme of this year’s ORVSS Seminar was “Unconventional Fills: Design,
Construction, and Performance”. Site preparation typically involves construction of
engineered fills to achieve desired site grades and drainage. Typically the fill materials
are earth and rock, but increasingly unconventional materials are being used. These
materials include man-made products, contaminated soils, heterogenous mixtures of
earth and rock, and materials whose properties change over time. As geotechnical
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engineers, it becomes our charge to model and predict the behavior of these materials
and determine their suitability as engineered fill. ORVSS XXVII provided a forum for
sharing techniques and methods of evaluating these fill materials, discussing their
applications, and presenting selected case histories.

After a review by the organizing committee, eight papers were selected for
presentation at ORVSS XXVIII from those submitted after our call for papers. Mr. Paul
Toussaint, Director of the Kentucky Transportation Center, welcomed the attendees
and officially opened the seminar. Dr. Joe Hagerty, of the University of Louisville
Department of Civil Engineering, was moderator for the morning session. The morning
keynote speaker was Dr. Timothy Stark, of the University of Illinois at Urbana-
Champaign. Mr. Barry Thacker presented the afternoon session keynote address. The
afternoon session was moderated by Dr. Kevin Sutterer.

We wish to thank the exhibitors for their participation, for it is through their help
that a major portion of the seminar is funded.

Larry W. Snedegar
ORVSS XXVIII Committee Chairman
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DESIGN OF A FAILED LANDFILL SLOPE

By: Timothy D. Stark’, W. Douglas Evans2,and Paul E. Sherry3

ABSTRACT: This paper describes a slope failure that occurred in a 135 acre
(546 2) municipal solid waste landfill in which lateral displacements ofup to 900
ft (275 m) and vertical settlements of up to 200 ft (61 m) were measured. The
slide involved approximately 1.5 million cubic yards (1.1 million m3) of waste
making it the largest slope failure in a municipal solid waste facility in the history
of the United States. Failure developed through the natural colluvial soilunderlying the 350 feet (107 m) of waste that was not excavated prior to waste
placement. This paper presents a chronology of the events leading to the waste
slide and the studies conducted to determine the cause of the failure. In addition,
the static and seismic re-design of the fhiled slope is discussed.

Introduction
An existing municipal solid waste landfill occupies 135 acres (546 km2) approximately 9miles (15.3 km) northeast of Cincinnati, Ohio. This facility is currently permitted for 234 totalacres (947 2) of waste placement and encompasses a total of 436 acres (1765 j2) ofcontiguous property. The site lies on rolling terrain between the Ohio and Great Miami Rivervalleys. The landfill is the largest facility in the State of Ohio based on annual waste receiptsand accepts an average of 5,000 tons (4.5x106 kg) of residential, commercial, and industrialsolid wastes per day. In summary, the landfill handles approximately 12% of the total amountof Ohio solid waste disposed of in Ohio landfills and is an important piece of infrastructure insouth-western Ohio.
Disposal at this site began in 1945 as part of a swine farm. The landfihling operationinitially consisted of pushing waste over the edge of an existing ravine. It is important to notethat the natural colluvial soils on the bottom and sides of the ravine were not excavated priorto solid waste placement. Prior to the 1980’s, problematic native soils usually were notexcavated prior to waste placement. Colluvium covers most of the site and is a poorly sortedmixture of fine-grained soil and angular fragments of weathered limestone and siltstone of the

‘Associate Professor. of Civil Engrg., Univ. of Illinois @ Urbana-Champaign, Newmark Civil Engrg. Lab,MC-250, 205 N. Mathews Ave., Urbana, IL 61801-2352.

2En’fronmen Engineer, Central Office, Division of Solid and Infectious Waste Management, OhioEnvironmental Protection Agency, Columbus, Ohio

3Environmental Engineer, Southwest District, Division of Solid and Infectious Waste Management, OhioEnvironmental Protection Agency, Dayton, Ohio

1—1



Grant Lake Formation. Colluvium is derived from physical and chemical weathering of
bedrock and thus the engineering properties of the colluvium are related to the composition of
the bedrock. Colluvial deposits are often marginally stable because they are continually in a
near failure state due to constant downslope movement caused by gravity. These deposits are
usually less than 30 feet (9.2 m) thick and are thinnest near the crest and thickest near the toe
of each slope. In the Cincinnati area, the colluvium layer is usually less than 20 feet (6.1 m)
thick and is underlain by gently dipping interbedded shale and limestone of Late Ordovician
age. The Cincinnati area is a rolling, gently sloping upland that has been dissected in a
dendritic pattern by ancient drainage systems (Baum and Johnson 1996). Cincinnati and
vicinity has one of the highest annual per capita costs of damage due to landsliding in the
United States (Fleming and Taylor 1980; Fleming 1983). Most of these landslides occur in
slopes underlain by colluvium.

Colluvium is an extremely common surficial deposit (Turner 1996). Therefore, this case
history provides important information for the operation and expansion of the large number of
landfills and structures that are founded on colluvium in Ohio, Kentucky, and Indiana.

Landfill Expansion

Ohio Environmental Protection Agency regulations promulgated under House Bill 592 in
1988, and became effective in March, 1990, requires that solid waste landfills be updated to
include best available technology design components. These include a composite liner, a
leachate collection and removal system, ground water monitoring and siting criteria. Landfill
areas that had been partially filled prior to the update requirements were permitted to continue
operations under certain conditions. For the purposes of this article these areas are referred to
as “grandfathered”.

In 1994 the Cincinnati landfill owner/operator was granted a permit for a 120 acre (485
2) lateral expansion. The lateral expansion involved creating a 140 foot (42.7 m) deep
excavation at the toe of the existing landfill and installing a composite liner system in the
expansion. The liner system was to consist of five feet (1.5 m) of compacted clay, 60 mils (1.5
mm) thick geomembrane, and a leachate collection and removal system.

The large and deep excavation was nearly complete at the time of failure after being open
for eighteen months prior to the waste slide. However, the compacted clay of the composite
liner system had been only placed on a portion of the 3H:1V slope adjacent to the
“grandfathered” area (see Figure 1).

Figure 1 presents a cross-section through the failed slope prior to the waste slide. The
continual collection of surface runoff in the excavation caused many construction delays. As a
result, the additional capacity that would be provided by the expansion was not going to be
ready for waste placement certification for quite awhile.

The delays in the construction of the lateral expansion resulted in a shortage of capacity at
the site. At the time of failure, the site was overbuilt by 1,236,000 cubic yards (944,300 m3)
(Civil 1996). The slope that failed was overbuilt by approximately 957,000 cubic yards
(731,100 m3). Figure 2 presents an aerial view of the site on February 6, 1996, which is
approximately one month prior to the waste slide. It can be seen that waste placement was

1-2



EXISTING
SOLID WASTE

SOLID WASTE/BROWN
COLLUVIUM INTERFACE—

WASTE GRADE ON DECEMBER 21, 994

APPARENT FAILURE SURFACE

L.J
w

z
0

I 150

‘050

950

850

750

650

WASTE GRADE ON FEBRUARY 6. 1996

SEE TOE DETAIL
IN FIGURE 3—

1150

.1051

950
z
0

850 -

>
w

750

850

1400 1900 1800 2000
200 400 600 800 1000 1200

DISTANCE (FEET)
[1 FOOT = 0.3 m]

Figure 1. Slope cross-section prior to March 9, 1996 failure
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occurring at the top of the landfill (note: vehicle turnaround at the center or top of the waste
pile) and along an adjacent slope just below the top vehicle turnaround (note: access road and
smaller vehicle turnaround to the west). At the time of the slide, waste was being placed along
the adjacent slope. The 140 foot (42.7 m) deep excavation created for the lateral expansion
starts to the north of the vehicle turnarounds. Waste continued to be placed at the top of the
landfill until a few days prior to the slide.

As part of the 1994 expansion permit, the maximum elevation of the landfill was permitted
at +1065 feet (324.8 m). The last aerial survey, one month prior to the waste slide, revealed
that the maximum elevation of the landfill was approximately +1109 feet (338.2 m). Figure 1
shows the waste grades from the annual report dated December 21, 1994 and the February 6,
1996 aerial survey. It can be seen that a 30 to 60 foot (9 to 18 m) thick layer of waste was
placed over the majority of the slope between December 21, 1994 and February 6, 1996. In
addition to exceeding the maximum permitted elevation, the average slope inclination of the
“grandfathered” area adjacent to the excavation was 2.6 Horizontal: iVertical with some
portions steeper than 1.85H:1V. A 15 to 20 foot (4.6 to 6.1 m) high nearly vertical excavation
was also constructed at the toe of the slope for a composite liner anchor trench and the
required access road. This excavation daylighted the weak brown colluvial layer as the slope
continued to be filled (see Figure 3). This overbuilt and resulting steep slope caused driving
forces that exceeded the shear resistance of the underlying brown colluvial soil.

A subsurface investigation was initiated by the owner/operator 54 days after the waste slide
to estimate the cause of sliding and determine appropriate shear strength parameters for design
of the reconstructed slope. The subsurface investigation consisted of 13 borings in the slide
area. The location of three of the borings is important in determining the location of the failure
surface. Boring C corresponds to the toe of the original slope while Boring G corresponds to
the graben area adjacent to the scarp (Figure 4). Samples of the brown colluvium from above
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OBSERVED DEFORMATION
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Figure 3. Detail of landfill toe prior to waste slide
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the gray shale were obtained in Boring G (see Figure 3). However, in Boring C the gray shale
was found underlying the waste and the brown colluvium was not present. The absence of
brown colluvium in Boring C was caused by the slide mass scraping off the colluvium and
carrying it into the excavation. This was verified because the brown colluvium was found in
Boring D even though the brown colluvium was removed in the early stages of the deep
excavation.
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Figure 4. Slope cross-section showing slide mass geometry and boring locations

Based on field observations and the results of the subsurface investigation, the failure
surface was estimated to have passed through the solid waste at a near vertical inclination to
the underlying brown colluvium (see Figure 1). After reaching the colluvium, the failure
surface passed through the brown colluvium, and thus along the original ground surface, and
daylighted at the vertical face of the excavation at the toe of the “grandfathered” slope. This
failure surface is in agreement with the observed translatory nature of the waste slide.

Cause of the Waste Slide
After the waste slide a number of failure mechanisms were investigated including: rock

blasting in the adjacent excavation, seismicity, weak layers of sludge or waste, shear behavior
of the brown colluvium, and overbuild. The following paragraphs investigate the feasibility of
each of these mechanisms.

The most recent blasting occurred on March 5, which is one day after the initial cracking
was observed at the top of the slope. This means that the slope failure had already started
prior to this blast. The calculated ground velocity induced by the blast on March 5 is low and
probably had no impact on the stability of the slope.

No seismicity was reported or measured within a 100 mile (170 kni) radius of the site for
thirty days prior to the waste slide. Therefore, seismicity was not considered to be a factor.
There is a history of sludge disposal at the site but the slide was translatory and occurred along
a weak layer at the bottom of the waste and not.through the waste. In addition, no weak zones
were encountered in the waste during the subsurface investigation. As a result, this
investigation focused on the shear behavior of the brown colluvium and the overbuild that
occurred in this slope.

SOUD WASTE/BROWN
COLLLMUM INTERFACE

200 400 600 800 1000 1200 1400 1600 1600 2000
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Back Analysis of Waste Slide

To investigate the shear behavior of the brown colluvium, a three-dimensional (3D) back-
analysis of the waste slide was conducted to estimate the shear strength of the brown
colluvium. A 3D analysis was used to account for the complex geometty of the original
ground surface and leachate level. In addition, a 3D analysis was used to account for the end
effects, i.e., shear forces along the sides of the slide mass, and thus yield a back-calculated
shear strength that is in better agreement with the field or mobilized strength. Two-
dimensional (2D) analyses do not account for 3D end effects. These end effects increase
stability and thus 2D back-analyses yield too high, or unconservative, estimates of the field
shear strength.

In summary, a 2D analysis is appropriate, and recommended, for slope design because it
yields a conservative estimate of the factor of safety. It is conservative because the end effects
are not included in the 2D estimate of factor of safety (Duncan 1992). A 3D analysis is
recommended for back-analysis of slope failures so that the back-calculated shear strength
does reflect the 3D end effects.

Bishop’s simplified method of slices (Bishop 1955) was used to conduct the 3-D limit
equilibrium regressive analysis. Bishop’s simplified method was extended to three-dimensions
by Hungr (1987) and coded in the microcomputer program CLARA 2.31 (Hungr 1988). The
3D geometry of the ravine and leachate level were described using eighteen 2D cross-sections.
The waste translated down the axis of an existing ravine underlying the waste and into the
excavation for the lateral expansion. The program interpolates between the 2D cross-sections
to define the 3D geometry. The original ground topography was estimated from the 1955
Quadrangle Sheet (United States Geological Survey 1955) and the surface topography was
estimated from the February 6, 1996 (one month prior to the waste slide) aerial survey (see
Figure 2). Table 1 summarizes the input parameters used in the 3D analysis.

Back-Calculated Shear Strength ofBrown Colluvium

The 3D back-analysis revealed that the shear strength of the brown colluvium at the time of
failure could be characterized using an effective stress angle of internal friction of
approximately 12 degrees and an effective stress cohesion of zero. Due to the type of soil
deposit and the waste placement technique, it was initially thought that this low value of
friction angle might correspond to a residual or minimum value. Laboratory ring shear tests
were conducted at the University of Illinois on samples of the brown colluvium provided by the
owner/operator using the procedure described by Stark and Eid (1993). Figure 5 presents the
residual failure envelopes for the brown colluvium obtained in Borings G and D and the Gray
Shale directly underlying the waste in Boring C. It can be seen that the brown colluvium from
Borings D and G yielded similar drained residual failure envelopes. As reported by Stark and
Eid (1994), the drained residual failure envelope for the more plastic brown colluvium in
Boring G is stress dependent, and thus the failure envelope was approximated with a friction
angle of 11 degrees to represent the shear strength at the range of applied stresses. The brown
colluvium in Boring G is more plastic, and thus more stress dependent, than the colluvium
obtained from Boring D. The United States Geological Survey (Fleming and Johnson 1994)
also conducted torsional ring shear tests on the brown coiluvium in the Cincinnati area and
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measured a “Best Fit” residual cohesion and friction angle of 115 psf (5.5 kPa) and 12 degrees,
respectively

Table 1. Summary of input parameters for 3D back-analysis of the waste slide.

Effective Stress Shear
Strength Parameters

Moist Unit Saturated Cohesion Friction Angle
Weight Unit Weight (ps’kPa) (degrees)

Material Type (pcf) (pcf)
Interim Soil Cover 120 125 0 30

Solid Waste 65 75 0 33
Brown Colluvium 120 125 0 back-calculated

a,

Co
Cl)
ILl

LU

Cl)

The empirical correlation proposed by Stark and Eid (1994), which relates liquid limit and
clay-size fraction to the drained residual friction angle, also coafirmed a residual friction angle
of 10 to 12 degrees for the brown colluvium used in the ring shear tests. The liquid limit,
plastic limit, and clay-size fraction of the brown colluvium tested are 69, 28, and 55%,
respectively (see Figure 5). The liquid limit of the brown colluvium samples ranges from 27 to
77 or from low to high plasticity. The clay-size fraction ranges from 26 to 66 with the higher
values of clay-size fraction usually corresponding to higher values of liquid limit. Consideringthis data and the large scale impact of mobilizing a residual strength on slope stability, the
following paragraph presents a discussion on the stability of colluvial slopes.

12000
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Figure 5. Drained residual failure envelopes for brown colluvium and gray shale
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Surficial coiluvial deposits, such as those in the Cincinnati area, usually contain at least one

thin, weak, highly plastic layer of cohesive soil that is overlain andlor underlain by less plastic,

and thus stronger, soil. The existence of this thin, weak, highly plastic layer is not easily

determined, but may be confirmed by determining the index properties of the colluvium at
small (3 to 6 inches or 76 to 152 mm) intervals (Fleming and Johnson 1994). Field
observations suggest that the potential failure surface will locate the most plastic, i.e., weakest,
material and not the average. Therefore, it is not recommended to use the average liquid limit

or clay-size fraction to estimate the drained residual friction angle from an empirical

correlation, such as presented by Stark and Eid (1994).
Of course, the coiluvium directly underneath the waste should be tested to measure or

estimate, using index properties, the drained residual strength because of the natural variability
that occurs in coiluvium across a site. This variability is caused by a number of mechanisms
including differences in the parent rock(s), chemical and physical weathering processes,
colluvium thickness, inclination of the ravine, and thus the rate and magnitude of downslope
movement, as well as the effect(s) of leachate on the engineering properties of the underlying
soil. Colluvium samples from other areas or ravines around the site may not accurately
represent the material directly under the waste, which will ultimately control the static and
seismic stability of the waste slope.

In summary, a 3D back-analysis, drained torsional ring shear tests, empirical correlations,
and previous failures of colluvial slopes (e.g., Hamel and Flint 1972) suggest the brown
colluvium underlying the solid waste mobilized a drained residual strength at the time of the
waste slide.

Effect ofOverbuild on Interim Slope Stability

The other major contributor to the waste slide was the 1.2 x 106 cubic yards (9.2 x in3)
of overbuild. Using the back-calculated friction angle of the brown colluvium, 10 to 12
degrees, the 3D factor of safety for the slope was calculated as the maximum height of the
landfill increased from elevation +1005 feet (306 m) to elevation +1109 feet (338 m). The
analysis utilized the leachate level estimated at the time of failure and the excavation for the
lateral expansion which daylighted the colluvium. The analysis revealed that the factor of
safety decreased from approximately 1.15 at elevation +1005 feet (306 m) to about unity at
elevation +1109 feet (338 m). Therefore, it was concluded that the overbuild was the
triggering mechanism for the waste slide and the main cause was the mobilization of a residual
shear strength in the brown colluvium.

Slope Reconstruction

The slope was reconstructed by constructing two rock berms at the toe of the slide mass
and rebuilding the slope from the toe of the slide mass up towards the scarp. This involved
placing new solid waste at the toe of the slope and excavating overbuilt waste from the top of
the slope to achieve the final grade. The inclination of the reconstructed slope is
approximately 5H: 1V and satisfies static and seismic factors of safety of 1.5 and 1.3,
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respectively, and a permanent seismic deformation of less than 12 inches (0.3 m). The majority
of the slope reconstruction was completed by January, 1997.

One disadvantage of this slope reconstruction plan was the time that a Large amount of
solid waste was exposed as the slope was reconstructed from the toe to the scarp. This lead to
eighteen fires at the site, three of which became uncontrolled. The fire on May 23, 1996
spread to approximately 5 acres (20.2 km2) in size near the middle of the slope. This fire was
covered by leveling the slide blocks or “wastebergs” with large excavators and bulldozers. It
took five days, working twenty-four hours per day, to cover this fire. The fire on July 23,
1996 involved the vertical scarp. Access could not be gained to the scarp because of the deep
graben at the base of the scarp. In addition, the scarp could not be safely reduced from the top
because of the nearly vertical height of 100 to 150 feet (30 to 46 m). As a result, the local Fire
Chief ordered new waste to be used to buttress the scarp to gain access for fire elimination
purposes and allow emplaced waste to be pushed from the top of the scarp down to the
bottom to smother the fire. This fire was extinguished after approximately eight days. The
local Fire Chief also ordered placement of new waste in the remaining portions of the graben to
facilitate scarp removal and thus reduce the remaining fire hazard.

Design of Reconstructed Slope

Static Stability Analyses
Slope stability analyses were conducted to investigate the stability of the reconstructed

slope. A number of cross-sections were analyzed to evaluate the stability of the reconstructed
slope. Figure 6 shows the typical geometry of the reconstructed slope and the two potential
failure surfaces. The upper failure surface extends from the scarp through the waste to the
brown colluvium (see dashed line), along the solid waste/brown colluvium interface, and out
through the solid waste (see dashed line). The search process involved vaiying the dashed
portions of the failure surface and forcing the remainder of the failure surface to follow the
solid waste/brown colluvium interface. The lower failure surface extends from the proposed
surface of the reconstructed slope (see dashed line) down to the bottom of the rock
excavation, along the bottom of the rock excavation, and out along the side of the rock toe
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berm. This search process also involved varying the dashed portion of the failure surface and

forcing the remainder of the failure surface to follow the bottom of the rock excavation and the

side of the toe berm.
Since sliding had occurred through the colluvium, the reconstructed slope had to be

designed using drained residual shear strength parameters for the brown colluvium. Based on

ring shear tests conducted by the first author, the failure envelopes for the brown colluvium in

Borings G and D (Figure 5) were used to model the colluvium shear strength along the upper

and lower failure surfaces, respectively. Table 2 presents the input parameters used in the two-

dimensional analysis of the reconstructed slope.

Table 2. Summary of input parameters for 2D analysis of the reconstructed slope.

Effective Stress Shear Strength
Parameters

Moist Unit Saturated
Weight Unit Weight Normal Stress Shear Strength

Material Type (pcf) (pcf) (psf) (psf)

Interim Soil Cover 120 125 all

Solid Waste 65 75 0 - 750 c = 500 psf
>750

Rock Toe Berm 140 140 all 4)=33°

Brown Colluvium 120 120 0 0

in “Grandfathered” 1045 295

Area 2090 532
. 4180 849

8355 1444
14620 2293

Brown Colluvium 120 120 all 4) r = 12°

in Deep Excavation
Gray Shale 130 130 all

The microcomputer program XSTABL (Sharma 1994) was used for the limit-equilibrium

stability analyses. Spencer’s (1973) method, as coded in XSTABL, was used to calculate the

static factors of safety and the yield accelerations that are to be used in the permanent seismic

deformation analysis. The minimum static factor of safety for the upper and lower failure

surfaces was calculated to be 1.82 and 1.50, respectively. As a result, the lower failure surface

was found to be more critical than the upper failure surface but is still satisfactory.

Seismic Stability Analyses

The seismic stability of the reconstructed slope was evaluated using a permanent

deformation analysis. The permanent deformation chart developed by Makdisi and Seed

1-10



E
C)

Iz
LIJ

w
0
-J
0
Cl)
D

(1978) and shown in Figure 7 was used for the analysis. Based on Ohio and Subtitle D
criteria, this site is located in a seismic impact zone. A seismic impact zone is an area with a
probability of greater than or equal to 10% that the maximum horizontal acceleration (MHA)
in lithified material will exceed 0. ig in 250 years. The bedrock MHA was estimated to be
0. 16g from the acceleration map developed by Algermissen et al. (1990). The design
earthquake Richter magnitude for the site is 6.1.
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Figure 7. Permanent seismic deformation chart by Makdisi and Seed (1978)

For the permanent deformation analysis, the yield acceleration for the upper and lower
failure surfaces in Figure 6 had to be estimated. This was accomplished by varying the seismic
coefficient for the critical failure surface until the static factor of safety was reduced to unity.
The yield acceleration for the upper and lower failure surfaces were calculated to be 0. 13g and
0.08g, respectively. This is in agreement with the static analysis because the lower failure
surface was more critical than the upper failure surface. The yield accelerations (Ky) were

KylKmax
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divided by the maximum horizontal bedrock acceleration (Kmax) of 0.16g to obtain ratios of
Ky/Kmax. The ratio of Ky/Kmax for the upper and lower failure surfaces was calculated to be
0.81 and 0.5, respectively. Using these ratios and the permanent deformation chart (Figure 7)
developed by Makdisi and Seed (1978), the permanent deformation for the upper and lower
failure surfaces was estimated to be 0.8 inch (20 mm) and 5 inches (130 mm), respectively.
The upper bound of the range for an earthquake magnitude of 6.5 was used to estimate the
permanent deformation. Because of uncertainties in using a simplified chart and the limitations
of a permanent deformation analysis, the upper bound of each earthquake magnitude is
recommended. Since the deep excavation and “grandfathered” area are not lined with a
composite liner system that contains geosynthetics, a permanent deformation of 5 inches (130
mm) was deemed acceptable.

1000

100

10
0.01 1.0

Figure 8. Permanent seismic deformation chart by Hynes and Franklin (1984)

The value of Kmax corresponds to the maximum value of the average horizontal
acceleration for a potential slide mass. Since the upper and lower failure surfaces are located
at the bedrock/soil or solid waste interface and no liner system was installed, the maximum
horizontal bedrock acceleration was used as Kmax. If the failure surface passed through the

0.1
Yield Acceleration / Maximum Acceleration
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waste, the value of Kmax would have to correspond to the maximum average acceleration of
the slide mass extending to a specified depth in the waste. This acceleration could be estimated
using empirical correlations or calculated using a seismic response analysis.

In an effort to compare with another simplified permanent deformation analysis technique
the Hynes and Franklin (1984) permanent deformation chart (see Figure 8 which is located on
the previous page due to formatting constraints) was also used. Because of uncertainties in
using this simplified chart and limitations of deformation analysis, the mean + a relationship is
frequently used. As previously mentioned, the ratio of yield/maximum accelerations for the
upper and lower failure surfaces were calculated to be 0.81 and 0.5, respectively. It can be
seen from Figure 8 that these ratios do not lie on the mean + a relationship. As a result, this
chart could not be used to estimate the permanent deformation. In addition, the effect of
earthquake magnitude is not incorporated in this chart. In summary, the Makdisi and Seed
(1978) permanent deformation chart is preferred because the effect of earthquake magnitude
can be incorporated and the ratio of yield/maximum accelerations is plotted using an arithmetic
scale instead of a logarithmic scale.

Conclusions

This case history illustrates the importance of the shear behavior ofmaterials underlying the
waste, e.g., native soil and/or geosynthetics, on slope stability. These native materials and/or
geosynthetics should be sampled and tested to evaluate their shear strength and the resulting
impact on interim and final slope stability. Based on published information and the analyses
conducted for this case history, it is recommended that a drained residual shear strength be
used to characterize the shear strength of colluvial soils underlying existing waste. Of course,
the colluvium directly underneath the waste should be tested to estimate the drained residual
strength because of the natural variability that occurs in colluvium across a site. Since coliuvial
deposits usually contain a thin, weak, highly plastic layer of cohesive soil, the average liquid
limit and/or clay-size fraction for the deposit should not be used to estimate the drained
residual friction angle from an empirical correlation.

The next main lesson involves the importance of toe excavations and the stability of interim
slopes. As mentioned previously, the critical time for the stability of a slope is while the toe is
excavated or daylighted. Clearly the time that the toe of the slope is exposed or daylighted
must be minimized. Careflul planning should be conducted to ensure that the slope is exposed
for a minimum amount of time. If there are construction delays, waste may need to be diverted
to another facility to ensure that the adjacent slope is not overbuilt. Engineers should
investigate the stability of interim slopes, even though it may not required by regulations, to
ensure slope stability during construction.

It is suggested that an interim slope exhibit a static factor of safety greater than 1.3 because
of design and calculation uncertainties, a slope can be overbuilt without being detected, and
most importantly people are usually required to work below the exposed slope. This also
illustrates the need for close oversight by regulatory personnel to check the inclination and
height of slopes during routine inspections. The slope also may warrant instrumentation to
monitor slope movements while construction personnel are working below the slope. Prior to
installation of the instrumentation, procedures for monitoring, quickly interpreting the results,

1-13



determining the criteria for imminent failure, and evacuating the excavation should be
developed.
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CONSTRUCTION OF A HIGHWAY EMBANKMENT
WITH GASOLINE-CONTAMINATED SOIL

BY

FRED W. ERDMANN, P.E., C.P.G.(i)
AND RICHARD J. HAJER (2)

INTRODUCTION

The Commonwealth of Kentucky Transportation Cabinet, Department of Highways
(KDOH) acquired through condemnation proceedings approximately 26 acres of right-of-way from
the Standard Oil Company of Ohio (Sohio) for the purpose of constructing a roadway connecting
Kentucky Highways 16 to the west and 17 to the east. The project location is shown on Figure 1.
The purpose of constructing the Connector was to provide better access in hopes of promoting
potential development of the area. What the Commonwealth did not realize or anticipate were the
environmental problems they had inherited by obtaining the right-of-way. Although there were
indications of potential environmental problems based on soil boring information obtained in 1985,
they were not addressed when construction began in September 1987. It was not until after
construction was under way that awareness of petroleum contamination along the right-of-way
became apparent. Awareness heightened when KDOH technicians reportedly experienced light
headedness and skin rashes while preparing soil samples collected from the site for Proctor
compaction testing in November 1987. As a result, the project was temporarily halted so the
situation could be evaluated.

Dames & Moore, who was conducting an environmental assessment of the former Sohio
refinery site, was contacted by KDOH to assist in addressing environmental conditions present
along the Connector and to develop a plan that would be acceptable to the Kentucky Natural
Resources and Environmental Protection Cabinet (KNREPC) so that the project could move
forward to completion. This resulted in several on-site investigations, which led to the eventual
preparation of a Closure Plan addressing the petroleum-contaminated portions of the Connector

(1) Associate and (2) Senior Project Manager
Dames & Moore
644 Linn Street
Cincinnati, Ohio 45203
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right-of-way. Dames & Moore worked closely with KDOH to find the most feasible and cost

effective approach to addressing the problem and keeping construction moving forward.

Since only portions of the 0.856-mile-long right-of-way were contaminated, and the

proposed method for remediating the affected areas did not require special construction techniques,

Dames & Moore recommended that the highway contractor retained by KDOH be used to

im,lement the closure program. This required having their personnel take the health and safety

training courses in accordance with 29 CFR 1910.120 to eliminate the necessity of having to bring

in an environmental remediation contractor. Dames & Moore also recommended that KDOH

inspectors assigned to the site undergo the same training since they would be responsible for the

day-to-day oversight of environmental activities under the direction of Dames & Moore, thus

reducing the cost of having an environmental consultant present on-site full time. Although this

approach helped reduce costs for the state, it did present challenges in working with personnel who

were not trained in environmental remediation work or accustomed to implementing the work in

accordance with requirements of the approved Closure Plan.

REFINERY SITE HISTORY

An oil refinery, constructed on the site in the early 1920s was acquired by The Standard Oil

Company of Ohio (Sohio) in 1928. Several petroleum products were processed at this site until

1962, when the facility was closed for economic reasons. Before 1950, the refinery produced

low-octane gasoline, kerosene, fuel oil, and asphalt. In the 1950s and early 1960s, the refinery

made asphalt as their primary product, with some gasoline blends, kerosene, fuel oil, and naphtha

based jet fuel.

The facility was capable of processing about 5,000 barrels of crude oil per day before

Sobio acquired the site. This capacity was increased to about 15,000 barrels per day by the mid

1930s and was up to 18,000 barrels per day by World War II. Production remained at this level

through the 1950s and early 1960s, with peak production sometimes reaching 21,000 barrels per

day.

Most crude oil was brought on-site by railroad tank cars, (up to 100 cars per day) dining

the 1920s and 1930s. The refinery switched to using pipelines for transporting crude oil and some

finished products in the 1940s. Products were shipped off-site by rail tank cars, by tank trucks,

and through the pipelines.
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Specific parts of the refmery property were used for the same purposes throughout most of
the history of the facility. Most of the processing units were located in the area west of the
Connector site as shown on the site plan, Figure 2. The remainder of the property was either not
utilized, used for waste disposal, or supported tank farms.

REGULATORY SETTING

During the course of the Remedial Investigation/Feasibility Study (RI/FS) program
conducted by Dames & Moore for BP America (formerly Sohio), a question of the applicability of
the petroleum exclusion, as defined by Comprehensive Environmental Response, Compensation,
and Liability Act (CERCLA) and adopted by reference in Kentucky law, was raised. In February
and March 1991, KNREPC gave BP America written clarification on the site’s regulatory status as
it related to this issue. According to KNREPC, the provision to exclude petroleum constituents
from the regulatory authority of Kentucky Revised Statute (KRS) 224.877(1)(e) was applicable to
the former refmery. However, KNREPC also made an interpretation to include petroleum and its
constituents under the definition of solid waste, meaning that the solid waste regulations as
modified by the Department for Environmental Protection, KRS Chapters 47 and 49 to apply to the
site and that a portion of the refinery site qualifies as a residual waste landfill. Furthermore,
nonpetroleum constituents that were listed as hazardous substances pursuant to 40 CFR 302.4
were interpreted to be subject to KRS 224.877.

These interpretations were then applied to the Highway Connector site. This shifted
oversight authority from the Uncontrolled Sites Branch (IJSB) of KNREPC to the Division of
Waste Management Solid Waste Branch (SWB). However, because of SWB’s work load at the
time, they transferred their authority for the site back to the USB. This appeared to be a logical
approach since USB was already familiar with the site. However, it required their having to
become knowledgeable of the Solid Waste Regulations which presented a challenge for Dames &
Moore in assuring that the USB consistently apply Solid Waste Regulations to the project.
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HIGHWAY SITE DESCRIPTION

TOPOGRAPHY

The Connector site is situated along the perimeter of a high floodplain/glacial lake terrace

that is part of the Banklick Creek-Licking River-Ohio River drainage system. Banklick Creek has

eroded through the terrace sediments and is located at an approximate elevation of 470 feet mean

sea level (msl). There is as much as 50 to 60 feet of relief between Banklick Creek and ground

surface along the Connector route. Small intermittent tributaries of Banklick Creek flow across the

Connector site between the terrace and Kentucky Highway 17, and drain southwestward into the

creek through small valleys.

The highway was designed to go under the CSX railroad tracks; consequently, a new

railroad bridge was built and that portion of the Connector site was cut below the surrounding

grade. Most of the earthwork within the highway right-of-way between the new railroad bridge

and Kentucky Highway 17 had been partially constructed either through cuts or placement of fill.

LAND USE

Most of the area immediately to the west and southwest of the residual waste landfill

portion of the Connector site is undeveloped or was once occupied by the former Sohio refmery

(Figure 2). A residential area of Ft. Wright is located approximately 1,000 feet north of the center

of the section of roadway where petroleum-contaminated soil was present. Ft. Wright has a

population of 6,570 and is predominantly residential, although some light to medium industry is

also present. Silmar Interplastic Corporation, formerly BP Chemicals and Fion/Silmar, is located

to the northeast. Patson Lead, a manufacturer of lead shielding for X-ray rooms and hospitals, and

a municipal garage and landfill operated by the City of Covington are located to the south, across

the CSX railroad tracks. Most of the area to the east across the railroad tracks is unoccupied.

SITE GEOLOGY

Sediments

Portions of the Connector site are underlain by terrace deposits approximately 30 feet thick

that consists of brown, or brown and gray silt and clay. The upper stratigraphic unit contains
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gray, irregular seams of clayey silt and/or very fine clayey sand. Individual sand seams are usually
saturated with water below a depth of 10 to 15 feet.

The upper stratigraphic unit is underlain by a stiff, gray silty clay stratum occurring at an
elevation of approximately 40 feet beneath the terrace and elevation of 465 to 470 feet in the valley.
This stratum contains small seams of fine sand or silt, which are generally saturated. The stratum
also has zones containing small black specs of organic matter. All borings drilled west of the
railroad tracks during the environmental sampling program conducted by Dames & Moore in
October 1989 and the geotechnical study conducted by G.J. Thelen & Associates for the Kentucky
Transportation Cabinet (KTC) in early 1985, were terminated in this stratum except for one.

SITE HYDROLOGY

Elevation of the Connector site ranged from about 490 feet to 530 feet, msl prior to
construction of the roadway. Near Route 17, the site is drained by a small, southwestern flowing
tributary of Banklick Creek.

Piezometric data gathered from shallow wells in the vicinity of the site indicate that the
predominant groundwater flow direction is west to southeast, toward Banklick Creek. In general,
groundwater flow patterns follow the surface topography so that local flow patterns may be highly
variable arowid small depressions and natural drainages.

Due to topographic effects, the depth to groundwater varies across the site. In areas of
highest elevation, the water table generally occurs within 15 to 20 feet of the surface. In low lying
areas, depth to groundwater may be 10 feet or less.

Based on available information, hydraulic conductivities of the shallow water-bearing zone
range from 1.9 x 10 cm/sec to 2.0 x iO cm/sec. Depending on the local hydraulic gradient,
these conductivities translate to groundwater flow velocities of between 1 and 12 feet per year.

REMEDIAL INVESTIGATIONS

The first remedial investigation of the Connector site was conducted by Dames & Moore in
December 1987, at the request of Sohio, and included the drilling of 12 soil borings along the
centerline of the highway connector. Petroleum contamination was encountered in the soil borings
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drilled west of the CSX railroad tracks, but did not appear in any of the six borings drilled east of

the railroad tracks.

These results were discussed with the KNREPC, KDOH, and Sohio. A sampling and

testing plan was proposed for use in evaluating the levels of petroleum contamination in soil to be

excavated and used as fill along the roadway. The plan called for use of a photoionization detector

(PID) equipped with a 10.2 eV lamp to monitor headspace for six samples obtained from

approximately every 30 cubic yards of material excavated. A PD reading of less than 50 parts per

million (ppm) was discussed for use in establishing whether the material could be used as

construction fill or must be wasted. Sohio had tentatively agreed to allow the KDOH to dispose of

the material greater than 50 ppm on the former refinery property, which would be handled during

closure of their site. This disposal option never materialized because KNREPC would not agree to

be a partner in the agreement between Sohio and KDOH. This issue evaporated when the site

became regulated y the Division of Solid Waste as a result of the petroleum exclusion rule as

discussed in the previous section.

A second remedial investigation was conducted by Dames & Moore at the Connector site in

the Fall of 1989. More petroleum contamination was encountered and construction was halted in a

cut area located at approximately centerline station 420+75. The cut material was being placed as

fill between centerline stations 406+50 and 412+00.

A Work Plan was prepared by Dames & Moore to investigate the nature and extent of soil

contamination along the right-of-way and was submitted to the KNREPC, Division of Waste

Management for approval. The Plan included the drilling of soil borings at 24 locations from

which soil samples would be collected and analyzed for total petroleum hydrocarbons (TPH) by

U.S. EPA Method 418.1, volatile organic compounds (VOCs) by U.S. EPA Method 8240, and.

total lead and total chromium. The borings were drilled to the bottom of the proposed highway

cut. Some of the borings were also located along the centerline of the proposed storm sewer

system situated along the portion of the right-of-way being investigated. These borings were

drilled to the bottom of the proposed sewer trench and were installed to address the potential health

hazard to personnel working in the trench during construction of the sewer.

Of the 100 soil samples collected, 39 were subjected to laboratory analyses based on the

results of field screening using the PID. Results of the laboratory analyses, as summarized in

Table 1, were used to develop individual drawings, which included cross sections depicting those
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areas within the right-of-way where elevated VOCs, TPH, total lead and chromium were reported.
This information was then used to develop the map shown as Figure 3 presenting the areas
proposed for treatment. Typical cross sections are shown on Figure 4.

The results of this initial study were discussed with the KNREPC Division of Waste
Management and were then used in the development of a construction management plan and
wotkers’ Health and Safety Plan.

HEALTH AND SAFETY PLAN

Having construction and supervisory personnel work around areas of petroleum-
contaminated soil required that special safety procedures and training be imposed. In addition to
the health concerns of on-site workers, residents and other people who occupy property adjacent to
the project must be protected as the petroleum-contaminated soil was being aerated. Dames &
Moore prepared a Health and Safety Plan that specified minimum safe work practices for on-site
personnel and specified edge-of-site air monitoring requirements that were implemented during the
entire time period when petroleum-contaminated soil was being excavated, treated, or placed. All
of these activities were under the direction of a site safety officer designated by KDOH.

Because of the different levels of exposure anticipated, three different health and safety
protocols were developed. These were developed for

Plan A - Equipment operators
Plan B - On-foot workers
Plan C - Workers who enter trenches

While all three health and safety plans had some common requirements, each had particular
standards of practice that had to be followed to maintain worker safety.

The edge-of-site air monitoring program involved daily reconnaissance surveys with a PD,
placement of a portable recording meteorological station, and an air quality monitoring station. The
daily reconnaissance surveys consisted of walking the site perimeter at least three times each
working day with a PB) to verify the presence or absence of organic vapors. The weather station
was set up at Survey Station 411+00 and had several recording instruments to track temperature,
wind direction, wind velocity, and rainfall. The air quality station, installed at Station 411÷50,
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utilized a sampling pump and two tiered sorbent tubes to collect samples for benzene, toluene,

ethylbenzene, and xylene (BTEX). The sorbent tubes were operated continuously and collected

for analysis first daily, then weekly.

EVALUATION OF FILL SOIL AERATION

When the presence of petroleum contamination in soil was first discovered during the early

stages of the Connector project, Dames & Moore recommended that soil excavated from cuts along

the right-of-way, west of the CSX railroad tracks for use as highway fill, be aerated by discing to

reduce petroleum concentrations. A study was conducted by Dames & Moore in 1991 to evaluate

the effectiveness of the discing/aeration treatment of petroleum-contaminated soil, placed as

roadway fill prior to 1991. The purpose of the program was to ascertain whether the

discing/aeration process significantly reduced the amount of petroleum compounds in the soil, and

if so, recommend treatment of the material not yet excavated. Reduction of contaminants in the soil

would be considered in development of the closure design for affected portions of earthwork

associated with the highway project.

The area in which the previously aerated soil was placed (Stations 406 + 50 to

412 + 00) was evaluated by drilling 27 borings through the petroleum-contaminated fill layer, at a

grid spacing of 40 feet as shown on Figure 5. A typical cross section through this area is shown

on Figure 6. The borings ranged in depth from 2.5 to 17.5 feet below the ground surface.

Standard Penetration Test (SPT) samples were taken at 2.5 foot intervals of depth at each boring

location. A portion of each sample was preserved in sample jars and the remaining portion was put

in a plastic Ziploc® bag for headspace measurements.

Headspace analyses, using a P1]), were performed on samples immediately after they were

placed in the plastic Ziploc® bags and again in the laboratory, after they were allowed to warm to

room temperature. A total of 117 samples were placed in Ziploc® bags. A summary of the

readings follows:

Number of Samples
PIP Reading (ppm) Field Lab

<10 96 90
10-50 20 23

>50 1 4
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Of the 117 samples measured, four had readings greater than 50 ppm, the highest being
150 ppm. PD) readings of the samples are summarized in Table 2.

The preserved samples were then analyzed in the laboratory for BTEX by EPA Method
8020, and TPH by EPA Method 418.1. Samples were selected for laboratory analyses from 18 of
the 27 soil borings, based on the PU) readings. Total BTEX compounds, as reported by the
laboratory, ranged from 0.008 to 2.894 ppm with only four samples registering above 1 ppm.
TPH results ranged from 86 to 1,600 ppm; four were above 500 ppm and two above 1,000 ppm.
Sample analyses are summarized in Table 2.

Based on results of the laboratory soil analyses and PU) readings, it appeared that the
discing/aeration treatment of the petroleum-contaminated soil was effective in reducing petroleum-
based VOCs. The BTEX compounds were, in most cases, reduced to below 1 ppm. Since
original test data in January 1988 were generally reported as the total of petroleum-based VOCs in
the soil samples, a direct correlation of the BTEX compounds before and after aeration could be
made; however, total mixed aromatics ranged from 12 to 50 ppm in the January 1988 samples.
Because of these high levels, it was assumed BTEX was proportionally as high. PU) readings
taken on the samples analyzed in January 1988 ranged from 70 to 250 ppm; whereas after aeration,
77 percent of the samples obtained had PU) readings of less than 10 ppm and 97 percent less than
50 ppm. It appeared that most of the petroleum-based VOCs were released by the discing/aeration
process and that primarily the heavier petroleum compounds, represented by TPH (non-volatile or
semivolatile organics compounds) remain.

Since the discing/aeration appeared to have been effective in substantially reducing BTEX
levels in the soil, Dames & Moore recommended that the treatment program be continued once
highway construction resumed, and that this program be formally incorporated into the closure
plan prepared for the petroleum-contaminated portions of the Connector site. Petroleum-
contaminated soil requiring excavation, would be placed in or adjacent to the area containing the
previously aerated soil in order to provide for a contiguous area over which a closure cover could
be constructed. Petroleum-contaminated soil was loosely placed in the designated fill areas in 6
inch lifts. Each lift was disced and allowed to aerate after which it was tested to assure that, based
on PU) readings, a residual VOC level of less than 50 ppm had been achieved prior to placement of
the next lift. Testing was performed at grid spacing of 25 feet and consisted of driving a 1/2-inch
diameter steel rod into the treated layer (approximately 8 inches) at three locations within a radius
of 2 feet at each grid point. A PD) meter was used to detect organic vapors by inserting the probe
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into the hole immediately after the steel rod was withdrawn. If the average reading was greater

than 50 ppm or if any one reading exceeded 100 ppm, additional discing was performed. Once the

treated soil achieved the less than 50 ppm criteria, the treated lift was compacted and the next lift of

soil was placed. KDOH personnel conducted this monitoring program and Dames & Moore

evaluated the results.

To ensure that the petroleum-contaminated soil being placed was not characteristically

hazardous, thus constituting the illegal disposal of a hazardous waste, samples were collected for

toxicity characteristic leaching procedure (TCLP) analyses. Samples were selected by Dames &

Moore based on a review of P11) monitoring data and results of total lead and chromium testing.

No characteristically hazardous samples were identified as a result of this testing program.

VERIFICATION TESTING FOR NON-PETROLEUM
ORGANIC COMPOUNDS

Because two soil samples obtained during an October 1989 sampling program were

reported to contain non-petroleum VOCs, it was proposed to the KNREPC, that samples be

collected from offset borings and analyzed to confirm the presence or absence of these substances.

The presence of non-petroleum VOCs was suspected to have been caused by laboratory artifact

since only two out of 39 samples originally analyzed were reported to contain non-petroleum

VOCs.

No VOCs were reported in the soil sample obtained from one of the offset borings and only

benzene, ethylbenzene, and xylene were reported in the other. It therefore was concluded that only

petroleum-based VOCs were present in the soil at the Connector site and that the presence of other

compounds reported earlier were laboratory artifacts.

CLOSURE PLAN

A Closure Plan was prepared in August 1991 by Dames & Moore in accordance with the

applicable Solid Waste Regulations under 401 KAR Chapters 47 and 48, which addressed only

those portions of the highway connector that contained petroleum-contaminated soil. The plan

incorporated the proposed highway design (revised where required) as the closure cover. Limits

of the petroleum-contaminated areas were established based on information obtained from soil

borings drilled within the highway connector prior to construction activities, and during
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subsequent environmental investigations. A key component of the plan was an evaluation of the
effectiveness of the previously aerated soil, which was used as part of the roadway fill. The goal
was to reduce the amount of residual contamination left in place, thus reducing or eliminating the
potential for impacting the environment at the Connector site. The effectiveness of discing and
aerating of the fill soil has already been discussed.

COVER DESIGN

Those areas of the Connector site containing soil with residual petroleum contamination
were closed by construction of a compacted clay cover as illustrated on Figure 7. The residual
landfill portion of the Connector site was closed in accordance with design criteria of the Closure
Plan. The highway design was modified to act as a cover over those portions of the highway
connector containing soil with residual petroleum contamination.

Final contours of the contaminated portions of the Connector site were not changed
significantly from those originally proposed by the KTC for the design of the highway. The
contaminated portions of the site would be closed by over excavation to a depth of 2.5 to 3 feet
below the proposed final highway grade and replacement with clean impervious cover soil. The
planned grades for the project were 2.5 horizontal to 1 vertical for cut slopes, and 3.0 horizontal to
1 vertical for fill slopes. Typical cross sections through petroleum-contaminated soil zones that
were closed are shown on Figure 8.

Closure of the petroleum-contaminated portions of the site consisted of the following tasks:

Treatment by aeration of petroleum-contaminated cut material and its placement as
structural fill in the core of the embankment

• Construction of the compacted clay cover

• Quality control testing of the cover

• Collection and testing of surface water samples during closure activities

• Installation of groundwater monitoring wells

• Application of seed for the vegetative cover

The thickness and composition of the compacted clay cover varied depending on whether
the petroleum-contaminated soil was in the roadbed or an exposed slope. A 30 inch layer of
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compacted clay was to be placed over the petroleum-contaminated soil in areas covered by

pavement or where final grades were relatively flat. Exposed slopes would be undercut by 36

inches. Laboratory analyses indicated that a 12 inch cover was sufficient, but because parts of the

cover would be constructed on a slope, 36 inches was recommended to accommodate the use of

heavy equipment during placement of the cover material. The 30 to 36 inch thick layers were also

chosen based on frost penetration considerations. Adequacy of the cover thickness was tested

using the Hydrologic Evaluation of Landfill Performance (HELP) model.

All exposed slopes on soil placed over the petroleum-contrninated fill areas would receive

the same cover as designed for slopes cut through petroleum-contaminated soil zones. Residual

landfill areas capped within the Connector site are shown on Figure 7. The typical cover designs

are shown on Figure 8.

COVER MATERIAL

The 30 to 36 inch layer of material placed immediately over the petroleum-contaminated soil

would consist of silty clay, compacted to a density sufficient to achieve a permeability of 1 x i0

cm/sec. or less. The material was to be obtained from non-petroleum contaminated portions of the

highway connector right-of-way and, if necessary, offsite borrow sources. The Plan required that

the upper 6 inches of clay would be scarified and hydroseeded in areas not covered with pavement.

A layer of rip-rap would be placed in lieu of, or in addition to, the vegetative layer in those areas

requiring special erosion protection.

Bulk soil samples were obtained from both onsite and offsite borrow sources for evaluation

for use as cover material. The purpose of the testing program was to demonstrate that these

materials, having similar characteristics as defmed by Atterberg Limits as those tested during the

original geotechnical investigation, were capable of achieving a permeabffity of 1 x iO cm/sec or

less when compacted to a density of at least 95 percent of the maximum dry density as achieved by

the Standard Proctor compaction test (American Society of Testing Materials [ASTMI D 698).

Additionally, undisturbed Shelby tubes of in-situ soil samples would be obtained from cut portions

of the Connector on which permeability tests were performed. Permeability tests were performed

in accordance with ASTM 5084. Based on the results of this testing program, six samples were

classified as silty clay (CL). Permeability values ranged from 1.11 x 10-8 to 6.89 x 108 cm/sec on

samples remolded to densities of 95 percent of the Standard Proctor maximum dry density.

Vertical permeability of the undisturbed soil samples analyzed ranged from 1.73 x iO to 5.87 x
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i0 cm/sec. It was therefore concluded that the fill materials available from cut portions of the
Connector and from the offsite borrow sources were suitable for use in construction of the low
permeability cover and were significantly less permeable than the in-situ soil when remolded and
properly compacted.

CLAY COVER CONSTRUCTION

Construction of the clay cover over petroleum-contaminated portions of the Connector site
commenced on September 16, 1992 and was completed on September 13, 1993. Closure activities
were shut down for the winter on November 17, 1992 and were not resumed until June 21, 1993.

The clay cover was constructed in 6 to 8 inch loose lifts. Each lift was compacted using a
sheepsfoot roller. Inplace density tests were performed on each lift by KDOH personnel, and
reviewed by Dames & Moore, to ascertain whether the compaction requirement of 95 percent of the
maximum dry density (ASTM D 698) had been achieved. If the tests indicated insufficient
compaction, the lift was recompacted and tested until the required densities were achieved.

During the 1992/93 winter shut down period, a slope failure occurred north of the
centerline, between Stations 420-i-O0 and 422-i-O0, which compromised the integrity of the clay
cover constructed on the slope. The failure occurred at an elevation corresponding to that of the
groundwater table. The slope and clay cover was subsequently repaired by cutting a series of
benches into the embankment perpendicular to the roadway. A French Drain was constructed on
one of the benches below the groundwater table and was tied into the roadway shoulder drainage
ditch. The clay material cut during benching was used to reconstruct the embankment and clay
cover.

While reviewing clay cover density test data maintained by KDOH personnel, Dames &
Moore noted an insufficient number of inplace density tests on the north and south embankments
of the western portion of the site relative to the frequency required by the approved Closure Plan.
Although up to 10 feet of uncontaminated clay had been placed over the contaminated soil along the
embankment, sufficient compaction effort had not been applied. This was confirmed through a
testing program conducted by KDOH under the surveillance of Dames & Moore. The testing
program revealed that the top 3 feet of cover over most of the area was not compacted to meet
project requirements. The affected areas were located along the north embankment between
Stations 405+50 and 408÷50, and along the south embankment between Stations 404-i-00 and
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409÷50. These areas were corrected by removing 36 inches of soil from the top of the slope to the

bottom of the slope in 30 to 50 foot-wide sections and stockpiling the material for re-use. The clay

cover over the embankment was then reconstructed in 6 inch lifts using the stockpiled soil. In-

place density tests were performed at the rate of approximately one per 50 cubic yards of material

placed.

A total of 769 in-place density tests were performed during construction of the clay cover

over petroleum-contaminated portions of the site. In addition to in-place density testing, eight

Shelby Tube type samples were obtained from various clay cap locations during construction. The

samples were subjected to permeabffity testing by Dames & Moore. The permeability of all eight

samples was reported to be less than 1 x 10-v cm/sec.

Upon completion of the highway construction activities, exposed slopes and embankment,

which included the capped portions of the Highway Connector, were seeded and mulched. All

surveying required during closure, which included establishing the horizontal and vertical limits of

the petroleum-contaminated portions of the site and limits of the clay cover was performed by

KDOH personnel.

PRE-CLOSURE SURFACE WATER SAMPLE COLLECTION

Under 401 KAR 48:300 Section 2, paragraph (5), pre-landfill development samples must

be taken to characterize existing surface water quality. Since the Connector site was never an

active landfill, pre-development characterization of surface water was not performed. However,

the closure plan provided for the collection of surface water samples during two sampling events to

be conducted during closure activities to establish background levels. Since the Connector site cut

through the former petroleum refinery, it was likely that the most significant impact to surface

water would occur during the construction activities while petroleum-contaminated soil was

exposed. Therefore, the potential for impact to surface water was expected to be greatest during

construction activities, rather than after the Connector site was “capped.”

Based on results of the surface water sampling program it was concluded that there was no

adverse impact to surface water during construction and the post-closure monitoring period.
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GROUNDWATER MONITORING

A groundwater monitoring system was installed at the Connector site in accordance with
the approved Closure Plan. Dames & Moore proposed to KNREPC the use of representative
groundwater monitoring wells was not necessary since there were over 60 existing monitoring
wells on the adjacent refinery property; however, KNREPC required that compliance point wells
be installed per the applicable sections of 401 KAR 48:300 for residual landfills. Four
groundwater monitoring wells, identified as KMW-1, KMW-2, KMW-3, and KMW-4a, were
installed in November and December 1993.

After 2 years of post-closure quarterly groundwater monitoring it was concluded that
groundwater beneath the highway connector was not adversely impacted and monitoring was
therefore discontinued.

CONCLUSIONS

The Connector was completed and officially opened to traffic on November 19, 1993. The
roadway has been officially named the Howard Litzler Highway and is also known as Kentucky
Route 3070. The original project bid cost for the Connector was $4 million. Additional cost for
change orders, which included environmental investigations and remediation/closure was
$800,000.

The use of disk aeration to treat gasoline-contaminated soil proved to be a successful
method of reducing BTEX compounds and other volatile organic components in the soil. The
exposure to oxygen may eventually lead to a reduction of heavier hydrocarbon compounds as well,
through bacterial degradation. Treated petroleum-contaminated soil was successfully placed in the
core of the embankment as structural filL Petroleum-contaminated soil remaining beneath the
roadway or in sideslope cuts has been capped in the same manner as treated soil placed in the core.
Surface water and groundwater monitoring data indicate that the gasoline residuals are being
contained in the landfill portion of the Connector site.
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TABLE 1

SUMMARY OF SOIL ANALYTICAL RESULTS
INITIAL ENVIRONMENTAL INVESTIGATION

Date Sample Volatile Organic
Boring Sample Depth Compounds TPH Chromium LeadNo. Collected (feet) (mg/kg) (mg/kg) (mg/kg) (mg/kg)

B-i 10/11/89 14- 16 ND 60 6.5 9.4B-2 10/12/89 1 - 3 ND 1,500 21.7 18.4B-2 10/12/89 16-18 ND 50 16.5 11.0B-3 10/09/89 4-6 ND 2,500 25.0 14.4B-3 10/09/89 14- 16 N]) 50 17.8 10.4B-4 10/09/89 1-3 ND 580 75.2 17.2
B-7 10/1 1/89 1 - 3 ND 2,700 32.2 14.4B-7 10/11/89 31-33 ND <20 13.1 8.4B-8 10/12/89 0-2 ND 1,200 251.0 168.0B-8 10/12/89 25 -27 ND 100 14.2 8.0B-9 10/09/89 6- 8 ethyl benzene 1.1 410 20.9 13.0

xylene 2.0
B-9 10/09/89 16-18 ND 70 16.7 9.9B-9 10/09/89 31 - 33 ND 120 17 9.2B-b 10/05/89 6- 8 ND 50 21.9 10.3B-i0 10/05/89 16- 18 ND <20 24.0 10.2B-il 10/04/89 18-20 ND <20 19.2 8.0B-12 10/05/89 5 -7 benzeñe 0.2 30 19.9 9.4B-12 10/05/89 20-22 ND 370 27.0 12.2B-13 10/05/89 6- 8 benzene 0.3 35 21.5 10.9B-b3 10/05/89 21-23 ND 55 25.5 12.3B-14 10/05/89 5-7 ND 70 21.3 10.4B-14 10/05/89 15-17 ND <20 20.0 10.1B-iS 10/06/89 8-10 benzene0.3 25 11.4 10.0B-iS 10/06/89 18-20 ND 75 22.0 9.9B-16 10/11/89 14-16 ND 120 13.1 8.6B-17 10/10/89 14-16 ND <20 19.5 11.0B-18 10/09/89 3 in - 6 in chloroform 1.0 - - -

ethyl benzene 1.5
toluene 2.2

1,1,1-irichboroethane 1.0
xylene 4.0

B-18 10/09/89 0-2 benzene 4.8 710 21.0 12.0
ethyl benzene 1.0

xylene 2.1
B-18 10/09/89 5-7 ND 700 19.3 10.4B-18 10/09/89 20-22. ND 40 15.0 8.9
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TABLE 1 (Continued)

Date Sample Volatile Organic
Boring Sample Depth Compounds TPH Chromium Lead

No. Collected (feet) (mg/kg) (mg/kg) (mg/kg) (mg/kg)

B-19 10/10/89 5 -7 benzene 2.7 1,200 14.6 10.4
ethyl benzene 1.0

xylene 1.7
B-19 10/10/89 25-27 ND 40 16.6 9.7

B-20 10/04/89 14-16 ND <20 21.7 9.9

B-22 10/10/89 2-4 ND <20 16.3 11.4

B-23 10/10/89 8 - 10 benzene 2.2 30 22.2 12.2
ethyl benzene 0.8

xylene 1.3
B-23 10/10/89 18-20 ND 100 16.6 9.0

B-24 10/10/89 4 - 6 benzene 4.4 330 17.3 9.1
2-chioroethylvinyl ether 3.0

chloroform 0.2
1,2-dichlorobenzene 1.5
1 ,3-dichlorobenzene 1.5
1 ,4-dichlorobenzene 1.5
methylene chloride 1.5

1,1 ,2-trichloroethane 1.0
1,2-dichioroethane 0.3

ethyl benzene 0.6
xylene 1.8

B-24 10/10/89 14 - 16 benzene 1.2 320 13.0 7.6
xylene 0.3

B-25 10/04/89 4-6 benzene 0.4 60 23.0 12.4

Note:
ND = Non-detectable at analytical method detection limit.
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TABLE 2

SUMMARY OF SOIL SAMPLE ANALYSES
TREATED SOIL IN CORE OF EMBANKMENT FILL

Boring
No. A-i A-2 A-3 A-4 A-S A-6 A-7 A-8 A-9

Depth (ft) Headspace Analyses, ppm

0-2 0.8 - - - 0.2 02 0.4

0.5 - 2.5 - 2.0 02 0.8 8 -

2.5 - 4.5 0.6 0.8 - - - 62 (0.049) 32 3.0
[171]

3-5 - - 1.8 13(0.069) 4 -

[249]

5-7 - -
- 5 4.2 14(0.119)

[174]

5.5 - 7.5 - - 12(0.504) 7 6 - -

[418]

7.5 -9.5 - - 7 3 0.6 6.3 5.4 3.0

9.5-11.5 - -

10.5 - 12.5 - -

12.5 - 14.5 - -

13.5-15.5 - -

15.5-17.5 -

2-19



TABLE 2 (Continued)

Boring
No. A-lO A-li A-12 A-13 A.14 A-15 A-16 A-17 A-18

Depth (ft)

0-2 - 3.6 1.4 3.2 1.0 2.0

0.5 - 2.5 0.6 3 32 - . - - 22

2.5 -4.5 - 4.6 11(0.032) 3.0 7.0 1.0
[618]

3-5 6.0 1.8 50(0232) - - - 6.2 -

[598]

5-7 - 1 0.8 9 4.2 5.6

5.5 - 7.5 16 (0.448) 1.8 3.2 - - 5.6 -

[313]

7.5 -9.5 5.4 36(0210) 3.0 22 11 45 (0.699) 1.8 54 (0.187) 2.6
[151] [309] [167]

9.5-11.5 - - - - - 1.0

10.5 - 12.5 1.8 22 4.5

12.5 - 14.5 - -

13.5-15.5 - -

15.5 - 17.5 - -
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TABLE 2 (Continued)

Boring
No. A-19 A-2O A-21 A-22 A-23 A-24 A-25 A-26 A-27

Depth (ft)

0-2 3.0 1.6 1.4 2.4 0.6 2 9.8 2.6 5

0.5-2.5 - - - - -

2.5 -4.5 36(1.608) 2.0 110 (1.069) 12(0.008) - 3.0 15 150(1.156)
[1,350] [85] [113] [104]

3 -5 - - - - 58 (0.104) 45 (2.894) -

[261] [1861

5 -7 24 2.8 28 4.0 - - 13 (0.167) 4
[219]

5.5-7.5 - - 1.4 28 - -

7.5 - 9.5 5.0 3.6 18 8 1.8 8 2.3 14(0.095)
[1,660]

9.5-11.5 1.4 - - - -

10.5 - 12.5 - 22 21 2.0 8 42 3.6

12.5 - 14.5 - - 2.6 11 - - 5.4

13.5 - 15.5 - 0.4 - 7 10 -

15.5-17.5 - - - 5.0 - - -

* Headspace analyses performed on soil samples placed in Ziploc® bag after they were allowed to warm
(HNu photoionization detector equipped with a 102 eV lamp)

** Headspace reading not above background level
()Total BETX compounds, ppm, EPA Method 8020
[ ] TPH results inppm, EPA Method 418.1
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ABSTRACT

The design and construction ofHighway 407 ETR - Express Toll Route in Toronto required full-

time geotechnical management and use of unconventional fill materials to fast track design and

construction to meet the tight construction schedule. Procedures were evolved to use materials

which might otherwise be unacceptable.

Evaluation, management and monitoring techniques were developed to use earth excavated within

the right-of-way to the maximum extent possible. Procedures were also put in place to control and

manage marginally acceptable fill materials from off-site borrow sources. Variations in granular

materials for pavement structures were minimized through the development of a single granular

material that was used both for sub-base and base course. Poor and wet soils were managed in the

field by the introduction of a Soil Stabilizing Agent (SSA), a co-generated product from the

cement manufacturing industry.

The geotechnical management of unconventional fill materials was closely monitored during

construction by the design/builder’s Quality Control and Assurance Group working in close

relationship with the Geotechnical Manager and the Quality Control Manager. Through this

integrated approach, solutions were found for difficult field situations and enabled the project

schedule to be accelerated.

Key Words: highway construction; geotechnical; geoenvironmental; unconventional

materials; innovation; design-build.
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1.0 INTRODUCTION

The Highway 407 ETR - Express Toll Route is a 69 kilometers (43 miles) multi-lane, “all

electronic” toll highway being developed north of Metropolitan Toronto to serve as a bass to the

existing MacDonald-Cartier Freeway (Highway 401). The design/build/operate contract for the

Highway was awarded to Canadian Highways International Corporation (CHIC) by the Province

of Ontario in May 1994. The project is being developed through an integrated public private

partnership approach with the Ontario Transportation Capital Corporation (owner) under a fixed

sum, time certain contract. Phase 1 (36 km) was completed in December 1996, ahead of schedule,

phase 2(33 kin) will be completed before the end of 1998. The tight time frame for this billion

dollar project required the development ofcost and time effective solutions to difficult design and

construction problems, including the use ofunconventional fill materials from both on-site and off-

site sources.

2.0 METHODOLOGY

The right-of-way ofthe Highway is located in a urban to semi-urban environment. Restrictions

imposed on the geometric design ofthe Highway contributed to a deficit in the project earth

balance. While maintaining quality, conservation and utilization of on-site materials to the

maximum extent possible became mandatoiy, as was the use of off-site fill sources for borrow.

The estimated total quantity of earth work excavation was in the order of 13.5 million cubic metres

(18 million cubic yards). The quantity of unsuitable material was 2 million cubic metres

(2.6 million cubic yards). Required off-site borrow was estimated at 5 million cubic metres

(6.5 million cubic yards).
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During the pre-design stage, evaluation ofthe Highway corridor indicated the presence of old,

uncontrolled landfill sites at several locations. The composition of materials and their state of

compaction in these sites was also unknown. Furthermore, existing geological and geotechnical

information suggested that soils in the cut areas were too wet and would be difficult to handle for

use in the fill areas. Off-site borrow sources were limited and largely dependent on other

construction activity in the area. The quality and quantity of available off-site material were

uncertain. In view ofthese constraints, innovative solutions were needed to use unconventional fill

materials while maintaining quality and durability.

3.0 GEOTECHNICAL MANAGEMENT OF FILL MATERIALS

3.1 General

The Project was divided into numerous segments. Segment specific design tasks were assigned to a

number of specialized design fintis working under the overall direction of CHIC’s Central Design

Group. Several potential problematic areas many ofwhich were identified in the proposal stage

were tackled simultaneously by assigning priorities early in the schedule. Design was fst tracked

so that necessary approvals could be obtained and construction accelerated in these areas to permit

adequate time for monitoring to minimize potential risks. Construction and Quality Assurance

personnel participated in the review process so that constructability and quality issues were

addressed well in advance of establishing detailed design and construction procedures.

Approvals for amending the existing standard specifications and procedures to permit the use of

unconventional materials and procedures on the project were obtained ahead of time from statutory

authorities and the Owner (Ontario Transportation Capital Corporation).
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3. 2 Landfill Sites

Several abandoned landfill sites were identified during the preliminaiy design stage. Detailed

investigations ofthese sites were carried out from both a geotechnical and a geoenvironmental

perspective. The nature ofthe fill materials and their chemical quality were assessed on the basis

ofengineering requirements and current environmental regulations. The acceptable chemical

quality for the Highway was based on industrial and commercial standards. AU materials, both

on-site and off-site were required to meet or exceed the established standards. CHIC’s

Environmental Group were responsible for establishing environmental protocols. Where the

on-site materials exceeded the acceptable levels of chemical contamination based on industrial and

commercial land use standards, the materials were removed and transported to off-site, licensed

disposal areas using established protocols. In the case of marginal materials, where the

contaminants did not pose a threat to public health and safty, the Owner chose to contain the

materials within the right-of-way in containment berms equipped with adequate safeguards and

provisions for monitoring and treating leachate where necessary.

The geotechnical characteristics ofthe material which met environmental standards were examined

to determine their suitability for incorporation into the Highway embankments. This was done by

digging test pits and visually examining the material. Compactability characteristics were

determined by laboratory testing. In areas where geotechnically suitable material depths were

shallow, they were sub-excavated and excavated material placed on the side slopes of

embankments. In cases where a large quantity of separable inorganic debris was present, the

materials were excavated and sorted. Debris such as iron, wood, pipe and wire were shipped to

off-site disposal sites. Usable soil was incorporated into embankments for ramps where flexible

pavement was specified. Unsuitable and heterogeneous materials were not incorporated into
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mainline highway embankments where uniform subgrade support for the concrete pavement was

considered to be critical. No deleterious material was pennitted within the top 1.5 m ofthe

roadway embankment where only approved local native soils were utilized.

Early in the planning stage it was recognized that in one river valley, a deep landfill site existed

above the flood plain adjacent to the river banks. Investigations revealed that the materials were

environmentally acceptable. There was little or no indication ofthe presence of deep compressible

organic soils underlying the landfill. The fill material was inorganic, though heterogeneous. A site

history audit confirmed the field observation that the site had not been active as a landfill for more

than two decades. The depth, 6 metres (20 feet), and quantity of the material present at the site,

made sub-excavation and replacement economically unviable. The geometric design of the

roadway required the placement of another 6 metres (20 feet) fill to accommodate the approaches

to the bridges proposed across the valley. Since the required additional fill was to be placed on the

slopes of the valley, slope stability ofthe final finished slopes was also important. After careful

analysis, it was decided that the best solution to the problem would be to preload and monitor the

approach fills. Bridge abutments were designed with pile foundations which would contribute to

the stability ofthe slopes. Driving ofthe piles was defbrred until monitoring indicated that the fills

were consolidated under the preload operation.

Placement ofthe preload fills were accelerated by using offsite borrow material. The construction

schedule was modified to accommodate the preloading and early approvals were obtained from the

statutory authorities to place the fill within the river valley. The quality, placement and

compaction ofthe fill was closely monitored by the Quality Control and Assurance Groups along

with the Geotechnical Group. Both deep and shallow settlement plates were installed to monitor

the consolidation of the fills. The deep plates were installed in the original ground below the
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landfill to evaluate the effcts ofconsolidation of sediments within the river valley due to the

placement of additional fill. The surfce settlements plates were installed to monitor the settlement

ofboth the additional engineered fill and the original landfill. Monitoring was continued for a

period of one year at which time it was determined that equilibrium had been attained and that pile

driving and bridge construction could proceed. Typical results of the monitoring program are

given in Figure 1. As shown on this graph the fills stabilized after a period of about 4 months.

Using this approach local instability ofthe fills did not occur during pile driving operations. This

area has performed very well and the Highway in this area was completed ahead of original

schedule and opened to construction traffic.

3.3 Shale Fill

Off-site soil borrow sources were limited and the supply was erratic. However, early in the

project, construction ofa major iciity in downtown Toronto commenced and large quantity of

shale became available. This shale, which is part ofthe Dundas formation is gray in color,

horizontally bedded and contains layers of limestone which are hard and difficult to break. This

material is difficult to handle and compact due to large sizes of limestone blocks and is generally

not used as bulk fill. This shale is also present at shallow depths at one of the major freeway to

freeway interchanges on the Highway. Since excavation is often slow and requires blasting, the

geometric design ofthe interchange was modified to avoid deep excavations into this material.

Another type of shale which is present in the western part ofthe project at shallow depths is red

Queenston shale. This is a relatively soft shale which breaks up easily on compaction and has

fewer hard layers. Shale from cut areas along the route where this shale is intersected was used in

embankment fill. The geometric designs for the Highway through this area generated sufficient

quantities for use in high embankments.
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When large quantities of gray Dundas shale became available from off-site construction sources, it

was decided to use this unconventional fill material on the project in high embankments under a

strict protocol. The shale fill was placed in layers approximately 300 mm (12 inches) thick and

any slabs of limestone or boulders exceeding 600 mm (24 inches) in lateral dimension and 150 nun

(6 inches) thick were pushed to the side with a dozer. The shale was compacted with heavy,

vibratory, sheepsfoot rollers until stable as indicated by lack ofheaving under the weight ofthe

roller. This generally required about ten (10) passes with a 10,000 kg (11.02 tons) roller. Extra

vigilance was maintained by the Quality Control and Assurance staffwith the Geotechnical Group

providing necessary guidance as required. Tapers were provided in the transition zones from shale

fill to native fill and from cut to fill areas to ensure uniformity of suppolt.

As an additional precaution, shale was not specified for use within the frost zone. It was thought

that shale will break up and soften under repeated freeze thaw cycles. Native soils, compacted as

per specifications, were used as cover material on the slopes and within the frost zone ofthe

subgrade. This was done to ensure uniformity of subgrade under the pavement. This procedure

was followed both for the soft, red Queenston shale from excavations from within the right-of-way

and the off-site gray Dundas shale. Use of shale as a highway embankment fill material assisted

in recycling shale from construction sites in the Toronto area which otherwise would have been

disposed of either as lake fills or as landfill. The embankments constructed with shale fill are

performing satithctorily.

3.4 Modified Granular “A” Material

Granular material requirements for the project were estimated at 6 million tonnes. Available

granular sources for the project consisted of sand and gravel pits developed in the glacial outwash
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and morainic deposits surrounding the Toronto area and crusher run limestone from quariy sources

located on the Niagara Escarpment within a short distance of the project site. The quality ofthe

sand and gravel pit sources is variable and supplies ofgood quality base course and subbase

course granulars are limited. The quality of the quarry produced granular materials produced is

reliable and consistent. To meet the demands of the project, it was desirable to minimize

variations in the specified granular materials so that the required materials could be produced

uninterrupted, and stockpiled ahead and delivered to the site without affecting the construction

schedule.

With the co-operation ofthe aggregate supplier, Dufferin Aggregates, it was decided to explore

the possibility ofproducing a single material of consistent quality which could be used for both the

pavement base and subbase courses. Several trials were carried out and a suitable material

designated as “Modified Granular A” was developed. This material has a slightly higher

maximum size aggregate than the conventional “Granular A” base course material and meets the

requirements of “Granular B” subbase course material. However since this material is slightly

coarser than the conventional Granular “A”, it was not permitted for use as surfacing material

on exposed shoulders due to the possibility of larger sized stones being picked up by the tires of

vehicles. The “Modified Granular A” compactabilty was excellent and its workability was good.

This facilitated increasing lifl thickness and minimizing the number of lifts required forplacemem

of granular base and subbase courses resulting in a savingftime. Logistics were also improved

due to the feasibility ofwider usage on the project during various stages of construction. The

results ofprocess control gradation testing were compared against the standards for basecourse

material as indicated in Figure 2. These results were plotted against Fuller maximum density

curves in Figure 3 for establishing the Modified Granular “A” material to be a dense graded

material.
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FIGURE 2

I DUFFERIN AGGREGATES Average Grain Size Analysis Report
FOUNDA TIONS FOR THE FUTURE 009-091 S-1995-M01

..+ Customer CANADIAN HIGHWAYS Plant Milton

Customer No 10850 Product Code 091
:

Pject 407 TOLL ROAD JV Specification CHIC

Ijctwn TORONTO ONTARIO Spec Desc MODIFIED GRANULAR ‘A

Report Date February 02, 1995

STANDARD SIEVE SIZES

METRIC SIEVE SIZES (mm)

IT
FINES I . MEDIUM ICOARSE .

. FINE COARSE E
• .

SANb •. . GRAVEL
. CO

SIEVE SIZE PERCENT PASSING
TEST PERIOD January 01 1995 - January 31 1 995

. () .
AVG ..... SPEC

37.5 mm / 1-1/2” 0.0 100-1 00 . COMMENTS
•• 26.5mm / 1” 0.0 90100

19.Omm/3/4” 0.0 80-100
13.2mm / 1/2° 0.0 65-90
9.5mm/3/8” 0.0 50-73
4.75 mm / #4 0.0 35-55
1.18 mm/#16 0.0 15-40

300 urn / #50 0.0 5-22
75um/#200 0.0 2-10

Approved by Quality Assurance Personnel
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3.5 Soil Stabilizing Agent

Use of soils from the cut areas ofthe project became very important as the.earth balance indicated

a net shortage of fill which would have to be obtained from off-site sources to the extent of

5 million cubic metres (6.5 million cubic yards). Because the availability of quality fill was limited

and the supply erratic it became imperative to maximize the use of insitu soils through efficient

management. Much ofthe site material consisted of silt and clay tills which were sensitive to

weather and moisture content. Where the proposed embankment fills were shallow, it was decided

to dry the wet fill soils by placement in thin layers and bringing the moisture content to slightly on

the wet side of optimum. Air drying was done by turning over the soil with dozer blades and using

tractor drawn disks. When the soil had dried sufficiently, it was spread and compacted initially

with sheepsfoot rollers and later with smooth drum rollers. However, this operation was slow and

weather dependent.

To accelerate the project, a cost effective solution was required. Stabilizing the soils with cement

or lime was initially considered. However, these methods were costly. Utilization of SSA, a co

generated soil stabilizing product from St. Lawrence Cement’s local cement plant, appeared to

offer a possible economic solution. St. Lawrence Cement Inc. co-operated with the trials using this

material, provided the chemical data sheets for the product and obtained environmental approvals

from the statutory authorities for incorporating SSA into the fills. Trials indicated that the

optimum moisture contents for the soils increased thereby becoming workable at higher moisture

contents. The soil treated with SSA bcame workable within a short period of time. The

stability of the treated soil was excellent though the maximum dry density was slightly lower. Two

types of SSA were available. Fresh SSA required less quantity and was more active, but the

availability was limited. The aged SSA which was stored in stockpiles, required larger

3-13



quantities and had lesser amounts of active ingredients. Because the project required large

quantities of fill, it was decided to use the aged SSA. The performance of SSA treated soil

was exceptionally good. The SSA was spread in a layer not exceeding 150 mm(6inches) over

wet soil approximately 300 mm (12 inches) lift thickness and worked into the soil with the blade of

a small grader. Prior to the application of SSA, it was often difficult for the subgrade to

support the small grader. Within a few hours after application, the SSA treated soil stiffened

and the subgrade stability increased sufficiently to support heavy construction equipment. The

mixture was thoroughly disked and left for several hours (usually overnight or for a day). It was

then compacted with a sheepsfoot roller and finished with a smooth drum roller. After the soil was

mixed with SSA, the weather did not influence its performance.

After the success of blending SSA in wet fills in high embankments was established, it was

decided to try applying and mixing the SSA in the borrow cut areas prior to excavation and

transportation ofthe wet soil. The SSA was spread in a thin layer and worked into the wet

borrow area with a small grader. The exposed borrow area became workable the next day and

normal excavation and fill placement procedures fbllowed. The depth of excavation for one

operation was limited to 600 mm (24 inches). The procedure was repeated. The approval of the

Owner (OTCC) was obtained prior to extensive use of the SSA-soil mixture on the project.

As a precautionary measure, it was decided to restrict the use of SSA treated soil to high

embankments. Because adequate data was not available regarding the frost susceptibility

characteristics ofthe SSA treated soil, it was not used within the frost zone. Typical laboratory

test results for the soil treated using different proportions offresh and stockpiled SSA are given

in Table 1. Product comparison is given in Table 2.
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TABLE 1

MOISTURE-DENSiTY PROPERTIES OF SELECTED SSAW SOIL MIXTURES

TEST SAMPLE DESCRIPTION

Soil 97.5 % Soil / 92.5 % Soil / 90.0 % Soil /
2.5 % Fresh SSATM 7.5 % Stockpiled 9.0 % Stockpiled

SSAW SSA
1.0%FreshSSA

Standard Proctor 2050 1922 1862 1930
Maximum Dry
Density, kg/rn3 I (128.0) (120.0) (116.3) (120.5)

(p .c.f.)

Optimum 9.5 17.0 21.7 14.7
Moisture

Content, %

Plasticity Index 7.9 10.8 13.1 10.8

Plastic Limit 10.4 13.9 13.0 14.2

Liquid Limit 18.3 24.7 26.9 25.0

Moisture Content 15.4 13.8 14.5 17.7
After Mixing, %
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TABLE 2

PRODUCT COMPARISON

Tve1O TvDeN

Portland Masonry Slag SSATM
Type S TypeG Fresh Weathered

% L.OJ. 1.28-3.0 18-19 13-14 -1.7--0.4 10-20 8-32

% S102 19.7 20.9 14•3typical 33.5 38.3 8.5 - 16.0 15 - 52

% A1ZO 4.6- 5.9 3•5typical typical 8.0 - 13.8 2.0 - 4.3 3.5- 15

%Fe2O 2.0- 2.3 1.4 1.4 0.7- 1.4 1.2- 1.6 1.5 - 8.0
%CaO 61.6- 63.3 42.8 typical 42.9 typ 32.3- 37.3 16.8 - 38.5 3.8 - 35
%MgO 2.5- 2.7 2.1 tcal 2.1 typical 12.0- 14.4 1.0- 2.3 1 7- 4 1

%SO 3.2-3.9 2.0-5.5 2.0-5.5 2.2-5.2 6.4-7.3 4.0.10
%KO 1.0- 1.3 titypical 1.1 typical 0.3- 0.7 12.8- 21.1 f 0.0 . 7 9
%Na2O 0.2- 0.3 0.14 typical O.l5typical 0.02- 0.57 1.0- 2.8 0.6- 1 4

%FreeCaO 0.5-1.2 — — — —

%lnsoluble 0.2-0.8 — — — 2.1 typjcai!: 2.1 typical
SIM 2.4-2.9 — — 0.5-4.0 2.7 1.3- 2.6
AIM 2.4- 3.0 — — 6.8 -.14.1 2.7 tyii 0.6 - 2.6
LS 96 - 101 — — — 65 tyical —

%CS 44-55 —
— nla ri/a 1 nla

°,‘0C2S 16- 26 —
— na n/a

%CA 10 - 13 —
— nla n/a r

n/a
%C4AF 6.0-6.9 —

— nla n/a n/a
. %Residue 6.8-19 2.8-7.5 2.5-4.1 1.2-5.0 n/a n/a(45um)

Blame (mlkg) 350 - 425 745 - 815 610 - 690 395 - 450 n/a n/a
%Air 7-11 18-21 16-18 — n/a n/a
I. Set(min) 85-177 310-460 195-330 n/a n/a n/a
%Expansion .005-0.15 0.03-0.19 0.05-0.10 n/a n/a j n/a
Compressive Strength (MPa)

I -day 16 typical — — n/a n/a n/a
3 - day 25 typical — — n/a n/a . n/a
7 - day 29 typical 7. typical 16.5 typical ri/a n/a 1 n/a
28 - day 36 typical 9.5 typical 19.0 typi ri/a n/a j n/a
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3.6 Recycling of Materials

A policy of recycling construction materials was followed on this project. Important material that

became available in considerable quantity was recycled asphalt pavement from existing roads and

detours which were removed during construction. It was decided to recycle this material by using

it as subbase material for other detours and temporary works such as haul roads requiring granular

materials. On new detours, 100% recycled asphalt pavement was used as granular. Blending of

this material with virgin granular materials was done to meet the requirements of specifications for

new works. At the end ofthe project this material was incorporated into earth fills as the

percentage of fines increased due to repeated usage and no longer met the minimum requirements

for use as granular material. Crushed concrete pavement was used as rip-rap for slope and bank

erosion protection. Where suitable other granular materials recovered from temporary rock check

dams were used in the permanent works of culverts for erosion control. Wastage of material was

kept to a minimum and no asphalt or granular material left the project for off-site disposal.

3.7 Quality Control

Due to the use ofunconventional materials on this project, the requirements for Strict quality

control procedures were recognized. Inspection and testing and acceptable construction procedures

were set in advance in consultation with the various stakeholder groups. Schedules and frequencies

for testing and approval ofmaterials at source and on site were established in consultation with the

suppliers and contractors to meet the minimum acceptable requirements. The risk associated with

an accelerated schedule was managed with the full co-operation from Design, Construction,

Quality Control and Quality Assurance Groups.
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4.0 CONCLUSIONS

Large scale design build project with accelerated schedules will often require the use and

management of unconventional fill materials. Co-operation ofthe Owner in allowing new

materials is also required. Trial sections prior to large scale use, close inspection, supervision and

monitoring of the works will be required to ensure success. Design, construction and quality

assurance personnel will need to work together in an integrated manner to solve problems and

arrive at innovative solutions.
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LIQUEFACTION MITIGATION PROCEDURES FOR

COAL REFUSE DAMS BUILT BY TIlE MODIFIED UPSTREAM METHOD

Barry K. Thacker, PE

GeofEnvironmental Associates, Inc., Knoxville, Tennessee 37909

Abstract. The use of the upstream construction method offers cost savings and

environmental advantages in building coal refuse disposal impoundments. Unfortunately,

concerns over the potential loss of strength of hydraulically-placed fme coal refuse due to

liquefaction during an earthquake have resulted in some designers refraining from the use

of this method. A modified upstream construction (MUSC) method is presented which

can mitigate the impacts of a loss of strength of the fme refuse during the design

earthquake. Results of field and laboratory testing and performance monitoring data from

existing coal refuse disposal sites are presented to illustrate the suggested design

procedures for a dam built by the MUSC method.

INTRODUCTION

The oil embargo of the 1970’s revealed our vulnerability as a nation to being dependent on a

foreign source of energy. In response to this crisis, the public demanded that reliable and

cost-effective domestic energy sources be developed in an environmentally sound manner. The

coal mining industry responded to the challenge by developing and investing in high production

mining equipment and methods. Although these methods increase productivity and lower costs,

they result in higher percentages of shale and clay impurities being mined along with the coal.

At the same time, power and steel companies have demanded a lower percentage of impurities in

the coal being delivered by the mining companies. Again, the coal mining industry has

responded to the challenge by developing more efficient processing techniques to furnish their

customers with a cleaner coal product. More impurities being mined with the coal coupled with

more efficient cleaning techniques have resulted in the generation of large quantities of waste

requiring disposal. For example, some of the larger coal preparation plants in the United States

will each generate on the order of 200 million tons of coal refuse waste over a 30-year life.

The most common method for disposal of coal refuse is to build a dam in stages using the coarse

refuse (shale) as borrow material and to pump thç fine refuse (silt, sand, and clay) to the

impoundment created by the dam, as shown in Figure 1. In the past, many coal companies built

these dams by the upstream construction method, whereby subsequent stages were partially

founded on fine refuse deposited from previous stages of construction. The upstream method

provides several cost and environmental advantages because the downstream face of the dam can

be covered with soil and vegetated concurrently as construction progresses. Also, permanent
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conveying structures and/or hauling roads used for transportation of the coarse refuse can be
installed initially and then extended during subsequent stages.

Concerns over the potential susceptibility of the hydraulically-placed fine refuse to liquefy
during an earthquake have forced some designers to abandon the upstream construction method
for the use of the downstream construction method. In downstream construction, subsequent
stages of the dam are built downstream of the previous stage with a foundation on natural
ground. A larger quantity of coarse refuse is required to raise a dam to a given height by the
downstream method than by the upstream method which typically means that more stages of
construction are required. Vegetation of the final downstream face of the dam must be
postponed until the last stage of construction. Furthermore, new conveying structures andlor
hauling roads are required for each stage of downstream construction which significantly
increase the cost of coarse refuse placement. Current state and federal regulations require
placing a cap over the fine refuse to eliminate impounding capabilities upon final abandonment.
As shown in Figure 2, upstream construction is therefore required during abandonment even in
those cases where the main dam is being built by the downstream method.

Figure 2. Down-Valley Profile of a Coal Refuse Dam Built by the Downstream
Construction Method with Additional Stages Built by the

Upstream Construction Method for Abandonment
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A procedure is presented for the design and construction of a coal refuse dam using a modified

upstream construction (MUSC) method that can be resistant to a loss of strength of the fine

refuse during an earthquake. Results of triaxial compression, triaxial consolidation, and

permeability testing performed on coarse refuse compacted to various ranges in density and

moisture content are presented to illustrate the impact of placement criteria on engineering

characteristics. Also, results of performance monitoring data (i.e. settlement measurements,

seepage rates, phreatic levels, and statistical analysis of field density and moisture content

measurements) from existing coal refuse dams are documented for comparison with the

engineering data. Placement criteria are proposed for the coarse refuse in a dam built by the

MLJSC method based on the results of this testing and performance monitoring data along with

supporting engineering analyses. Finally, a potential method of pumping both coarse refuse and

fine refuse to the later stages of a facility built by the MUSC method is presented to aid in the

final capping during abandonment.

MODIFIED UPSTREAM CONSTRUCTION METHOD DESIGN PROCEDURES

Design Requirements and Considerations

Typical design requirements and considerations for a coal refuse disposal impoundment built by

the MIJSC method are summarized as follows:

1. year-round disposal capabilities for coarse refuse and fine refuse;

2. economic transportation capability for coarse refuse to the active level of disposal at all

times during construction;

3. capacity for fme refuse disposal at all times during staged construction after an initial

starter dam is built;

4. staging calculations based on estimated annual production rates for coarse refuse and fme

refuse as specified by the owner;

5. ability to cap the impoundment during the final active phase of disposal to meet

regulatory abandonment requirements;

6. spillways to enable the design storm, typically the probable maximum flood, to be stored

and/or passed;

7. suitable factors of safety against slope instability for both static and earthquake

conditions; and
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8. runoff and erosion control for the downstream face of the dam throughout construction

and for the final capped surface during and after abandonment.

Layout and Staging

Several stages of construction are required in the MUSC method to meet the previous design

requirements and considerations. After construction of an initial starter dam and a downstream

stage, additional stages of the dam are built using the conventional upstream construction method

as shown in Figure 3 a) (i.e. structural zone Stages 3 through 6). After the dam achieves a given

height, the available capacity in the impoundment for disposal of fine refuse will typically

increase at a faster rate than the capacity of coarse refuse required to build the structural zone of

the dam. Excess coarse refuse not required to build the structural portion of the dam can then be

placed downstream of the dam in a buttress zone that is raised intermittently in a single stage as

shown in Figure 3 b). The required level of the buttress stage at any time is that level that

provides adequate resistance to the potential loss of strength of the fme refuse during an

earthquake. The downstream slope of the buttress stage can be covered with soil and vegetated

as each phase of the buttress is completed.

After the buttress zone achieves the level of the structural zone as shown in Figure 4 a), the

embankment is raised in a single zone as shown by Stages 13 and 14 in Figure 4 b). As the final

stage in the construction of the facility, coarse refuse is placed upstream of the dam over the

settled fme refuse in the final capping of the impoundment. The coarse refuse in this

“reclamation stage” can be capped with soil and vegetated in increments as areas are completed

to achieve final abandonment status.

Selection of Engineering Design Properties for Fine Refuse

The required level of testing of the fine refuse in a dam built by the MUSC method will depend

on the resistance required to maintain stability. If seepage and stability analyses indicate that the

embankment would remain stable even if the fme refuse loses all its strength as a result of

liquefaction during an earthquake, then only static parameters (i.e. strength, consolidation, and

permeability) would be required for design. If a nominal strength is required for the fme refuse

to resist a failure during the design earthquake, then a conservative “liquefied strength” can be

estimated and confirmed during construction using in-situ vane shear testing. The residual

strength measured after several revolutions of the vane shear probe can be used to estimate the

undrained steady-state shear strength of liquefied fine refuse (Poulos 1988). If a higher strength

is required for the fine refuse during the design earthquake to resist slope instability, then cross-

borehole shear wave velocity and/or cyclic triaxial testing may be required to provide a more

accurate estimate of the pore pressure build-up and resulting strength of the fine refuse during the

design earthquake (Thacker et al. 1988, Ullrich et al. 1991, Nofal and Holbrook 1995).
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Figure 4. Down-Valley Profile of Phases III, IV, V, and VI of a Coal Refuse Dam
Built by the Modified Upstream Construction (MUSC) Method
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Enineerin Design Properties of Coarse Refuse at Various Placement Criteria

-_—-

87 88 89 90 91 92 93 94 95 96

PERCENT OF STANDARD PROCTOR COMPACTION

• SIGMA3c = 3opsi • SIGMA3c = 60psi SIGMA3c = 90 psi

Figure 5. Consolidated-Drained Triaxial Compression Test

Data for Ohio Coarse Refuse

The MUSC design procedure conservatively presumes a loss of strength of the fine refuse during

the design earthquake. Therefore, the stability of the dam is determined in large part by the

engineering characteristics of the coarse refuse zones. Laboratory data are presented from two

existing coal refuse disposal facilities to illustrate the impact of placement criteria (i.e. moisture

content and degree of compaction) on the engineering characteristics of coarse coal refuse.

Figures 5, 6, and 7 show the relationship between engineering characteristics and dry density as a

percentage of the standard Proctor maximum dry density (i.e. percent compaction) for coarse

refuse from a facility located in Ohio. This coarse refuse classifies as a GW-GM type material

according to the Unified Soil Classification System with a maximum particle size of about 3

inches and 6% passing a U.S. No. 200 sieve. The laboratory testing was performed on the

remolded portion of the sample finer than 3/8-inch size, unless otherwise specified, to account

for particle break-down during placement and after long-term weathering. Moisture contents

during sample preparation were on the order of 2% over optimum as defined by the standard

Proctor test. Results from the laboratory testing indicate that increasing the dry density of the

Ohio coarse refuse results in a modest increase in its shear strength and a reduction in its

permeability and compressibility.
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Figures 8, 9, 10, and 11 show the relationship between engineering characteristics and dry

density as a percentage of the standard Proctor maximum dry density (i.e. percent compaction) at

various placement moisture contents for coarse refuse from a facility located in West Virginia.

The samples were prepared over a range in placement moisture contents from about 4% below

optimum moisture content to about 6% above optimum moisture content as defined by the

standard Proctor test. This coarse refuse classifies as a GP-GM type material according to the

Unified Soil Classification System with a maximum particle size of about 2 inches and 10%

passing a U.S. No. 200 sieve. The laboratory testing was performed on the remolded portion of

the sample fmer than 3/8-inch size to account for particle break-down during placement and after

long-term weathering.

Results from the laboratory testing of the West Virginia coarse refuse indicate similar overall

trends to that of the testing of Ohio coarse refuse with regard to the effect of increased dry

density on the engineering characteristics of the material. However, for a given placement

moisture content, the impact of increasing the dry density had different effects on the engineering

characteristics. For example, a higher strength was measured for the West Virginia coarse refuse

compacted wet of optimum to the 95% level than was measured for the samples compacted over

the range of moisture contents to the 100% level. Also, a lower compression index (Ce), defmed

as the change in void ratio over one log cycle of change in effective stress, was measured for

samples compacted wet of optimum moisture content than for samples compacted to a higher

density at or dry of optimum moisture content.
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Figure 11. Triaxial Consolidation Data for West Virginia Coarse Refuse
(Measured Between Effective Stresses of 30 psi and 60 psi)

Allowable Placement Criteria Options for Coarse Refuse
The Mine Safety and Health Administration (MSHA 1990) requires that coarse refuse placed in
the structural portion of a coal refuse impounding structure meet the following criteria:

1. Material should be compacted to at least 95% of the maximum dry density as defined by
the standard Proctor test, with the placement water content not exceeding the range of
-2% to +3% of optimum.

2. In compacting coarse coal refuse, the lift thickness should not exceed 12 inches.

MSHA (1990) allows less stringent compaction specifications only when justified by extensive
testing and analyses or in areas which can be shown to be “non-structural” portions of the dam.
In cases where a less stringent compaction criteria is specified, MSHA requires the designer to
show that “all potential problems, including settlement, cracking, piping, instability,

stratification, and seepage, have been taken into account in the design and that compensating
design features have been incorporated.”
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MSHA references the Bureau of Reclamation (1987), Saxena et al. (1984), and other authorities

in their development of these recommendations. The Bureau of Reclamation (1987)

recommends that materials with greater than 50% passing a No. 4 sieve be compacted to at least

90% of the standard Proctor maximum dry density with a statistical median in excess of 93% of

the standard Proctor maximum dry density. For a material with 26% to 50% passing a No. 4

sieve, a minimum 92.5% compaction with a statistical median of 95% compaction is

recommended. The Bureau of Reclamation also recommends that the statistical median moisture

content upon placement range from -2% to +2% of optimum.

Saxena et al. (1984) compared the strength and permeability of coarse refuse from a site in West

Virginia to lift thicknesses and compaction using various placement equipment. They measured

a general decrease in the coefficient of permeability with a decrease in lift thickness and an

increase in compactive effort. Saxena et al. reported an effective cohesion (c’) of 1.3 psi and an

effective angle of internal friction (‘) of 3540 for a sample of loosely compacted coarse refuse.

They reported parameters of c’ = 6.6 psi and 4)’ = 36.80 for a sample of densely compacted coarse

refuse. The strength testing was performed on undisturbed 5-inch diameter Shelby tube samples

of coarse refuse. Data presented by Saxena et al. showed that the shear strength of coarse refuse

placed in 2-foot thick lifts and compacted with a D-8H bull dozer was comparable to the shear

strength of the coarse refuse placed in 1-foot thick lifts and compacted using a smooth drum

vibratory compactor. Even though their study did not examine the effects of placement moisture

content and their results showed little or no increase in strength and only a general decrease in

permeability by reducing the lift thicknesses and increasing the compactive effort, Saxena et al.

reported as follows:

“Based on the fmdings of this study, it is recommended that coarse coal refuse, typical of

eastern United States coal regions, be compacted near optimum moisture content to a

density greater than 95% of the maximum standard Proctor dry density. Compacted lifts

should not be greater than 1-foot in thickness. Suitable types of equipment are smooth

drum and sheepsfoot rollers having a total applied force of not less than 46,000 pounds.”

Proposed Placement Criteria for Coarse Refuse in MUSC Dams

In the design of water-retention dams, high strength and low permeability of the embankment

materials are often a necessity. High strength allows the slopes to be built on a relatively steep

inclination resulting in less borrow material required for construction. Low permeability

provides for less loss of water from the impoundment to meet a key design consideration for

water-retention dams. High strength and low permeability are achieved in conventional earthen

embankment materials by placing them in thin lifts and compacting them to a high density near

optimum moisture content.
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Coal refuse dams that impound fine coal refuse have different design considerations than

conventional water-retention dams. In coal refuse dams, roads are typically required to provide

access for coarse refuse disposal which result in flatter slopes than would otherwise be required

to meet minimum stability criteria. Building steeper slopes to reduce the volume of borrow

material is not required. Coarse refuse is a waste product which would have to be disposed

elsewhere if not used as borrow material in the construction of the dam.

With regard to permeability, seepage through a coal refuse dam is impeded by discharging fine

refuse immediately upstream of the coarse refuse embankment. The coarse refuse controls the

rate of seepage only for the shallow depth of water that is typically less than about 5 feet deep

and impounded above the fme refuse. As a result, the permeability requirements for the coarse

refuse in a coal refuse dam are comparable to the permeability requirements of the downstream

shell in a conventional water-retention dam (i.e. low permeability is not necessarily a desirable

characteristic).

In applying the information contained in the previous references to the selection of minimum

placement criteria for a coal refuse dam being built by the MUSC method, statistical data from

existing coal refuse disposal sites are presented. Figure 12 presents statistical compaction data

from sites with different minimum allowable compaction criteria. Typically, when a minimum

90% compaction criteria is specified for a given test, the statistical median of the data will be on

the order of 95% compaction. When a minimum 95% compaction criteria is specified for a

given test, the statistical median of the data will be on the order of 100% compaction. As a

result, data from testing of samples compacted to a minimum 95% criteria may not be

representative of the coarse refuse in the dam if a minimum 95% compaction criteria is specified

for each field density test.

Figure 13 presents statistical placement moisture content data from existing coal refuse disposal

sites obtained during different seasons of the year. Generally, the moisture content of coarse

refuse as it comes from a given preparation plant will be fairly constant over the various seasons

of the year. Variations in placement moisture content will be caused primarily by varying

weather conditions. Specifying a narrow moisture range for all field density tests precludes year

round placement which is one of the key design considerations required of most coal refuse

disposal impoundments. As shown by the data presented in Figures 8 through 11 and as will be

demonstrated by the results of the following analyses, restricting the moisture content at

placement to a narrow range may not be neceSsary to achieve the desired engineering

characteristics.
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The paradigm that embankment materials must always be placed in thin lifts and compacted to a
high density near optimum moisture content is not applicable for coal refuse dams built by the
MTJSC method. The selection of placement criteria for coarse refuse should be based on site
specific design considerations and engineering characteristics of the actual embankment
materials. For the facility shown in Figures 3 and 4 with coarse refuse characteristics
representative of the data shown in Figures 8 through 11, coarse refuse placement criteria are
proposed as follows:

1. Coarse refuse should be placed in the lower structural zone of the embankment (i.e.
Stages 2 through 12) in maximum 1-foot thick lifts and compacted to a minimum of
92.5% of the standard Proctor maximum dry density for a given test. Field density
testing should be performed to document that a statistical median of at least 95% of the
standard Proctor maximum dry density is achieved on at least a quarterly basis. The
statistical median moisture content at the time of placement should be within a range of
-2% and +3% of optimum as documented on at least a quarterly basis. The moisture
content for a given sample can be outside this range provided that the required statistical
median is achieved.

2. Coarse refuse should be placed in the buttress zone of the embankment in maximum 2-
foot thick lifts and compacted to a minimum of 90% of the standard Proctor maximum
dry density for a given test. The statistical median moisture content at the time of
placement should be within a range of-3% and +4% of optimum as documented on at
least a quarterly basis.

3. Coarse refuse should be placed in the combined structural/buttress zone of the
embankment (i.e. Stages 13 and 14) in maximum 18-inch thick lifts and compacted to a
minimum of 90% of the standard Proctor maximum dry density for a given test. Field
density testing should be performed to document that a statistical median of at least 93%
of the standard Proctor maximum dry density is achieved on at least a quarterly basis.
The statistical median moisture content at the time of placement should be within a range
of-2% and +3% of optimum as documented on at least a quarterly basis.

4. A 3 to 5 feet thick pad of coarse refuse will need to be placed over the fine refuse as the
initial phase of an upstream stage to serve as a working base. Afterwards, the previous
criteria will apply for coarse refuse placement.

Justifications for the proposed coarse refuse placement criteria are presented in the following
sections.
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Seepage Analyses

Because the validity in using laboratory permeability tests to predict field conditions can be
questioned, results of seepage simulations of existing sites are presented to supplement the
laboratory data. In these simulations, phreatic levels and seepage rates are measured in the
existing embankments. Finite element seepage analyses are then performed with varying
coefficients of permeability for the various coal refuse materials until the model simulates the
measured field boundary conditions. Table 1 summarizes the results of seepage simulation
analyses at four existing coal refuse impounding sites.

TABLE 1. Back-Calculation of Coefflcients of Permeability Required to Simulate
Boundary Conditions in Existing Coal Refuse Dams

Vertical Coefficient of Permeability. cm/sec
Site Location Coarse Refuse Fine Refuse

Ohio 5x10’ 1x106
Kentucky 3 x 1 (Y5 3 x 1 o
Tennessee 5 x 1 O 5 x 1 0
Virginia 1 x 1 0 1 x 1 0

Ratios of horizontal to vertical coefficients of permeability of 9 to 1 for coarse refuse and 100 to
1 for fine refuse were used in the simulations to back-calculate the vertical coefficients of
permeability. As shown by Table 1, the vertical coefficient of permeability for coarse refuse at
the sites examined ranges from about 1 x I O to 5 x 1 O cmlsec. These values are within the
ranges measured in the laboratory as shown in Figures 6 and 10. The vertical coefficient of
permeability for fine refuse at the four sites ranges from about 1 x 1 06 to 1 x 1 0 cmlsec.

Finite element seepage models were developed for the various stages of the embankment shown

in Figure 14. Sensitivity studies were then performed using the ranges in coefficients of
permeability included in Figure 10 and Table 1 for coarse refuse and fme refuse. The phreatic
levels included in Figure 14 show the highest phreatic levels for each phase of construction as
predicted by the results of the seepage analyses. In addition to estimating phreatic levels,

seepage rates estimated from the analyses can be used to size the various drains.

Because the fine refuse in the impoundment controls the rate of seepage through a dam built by
the MUSC method, the highest phreatic level was estimated for the case where the coefficient of
permeability of the coarse refuse was the lowest. Cedergren (1973) reported a similar

observation for sloping core dams with different relative permeabilities between the upstream

4— 17



Figure 14. Results of Seepage and Stability Analyses for Various Phases of a MUSC Dam
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core and the downstream shell. As a result, increasing the degree of compaction to lower the
coefficient of permeability of the coarse refuse can have the detrimental effect of elevating the
phreatic level in the dam.

Stability Analyses

Static stability analysis methods for coal refuse dams built by the upstream construction method
are well documented (Thacker 1985, Huang 1994). These methods should be utilized to verify
that a dam to be built by the MUSC method will meet regulatory requirements for stability. With
regard to the potential impact of a design earthquake on the strength of fme refuse, a post-
earthquake static stability analysis can be performed initially presuming that the fine refuse has
liquefied during the design earthquake.

Figures 14 a) and 14 b) show the critical potential failure surfaces and factors of safety
presuming complete liquefaction (i.e. no strength) for the fme refuse. With such a conservative
analysis, an acceptable factor of safety in excess of 1.0 is recommended. For the phases of
construction shown in Figures 14 a) and 14 b), no field verification of the fine refuse strength
would be required. In the phase of construction shown by Figure 14 c), a nominal undrained
steady-state angle of internal friction of 40 with no cohesion is required to provide the required
resistance to a failure during an earthquake. As a result, in-situ vane shear testing would be
required to verify the available strength of the fine refuse in a completely remolded state as
described previously. The vane shear testing could be performed during the phase of
construction shown in Figure 14 b) to verify that the required strength of fine refuse could be
mobilized prior to achieving the critical phase of construction shown by Figure 14 c).

If the required strength of fine refuse caimot be verified by vane shear testing during the phase of
construction shown in Figure 14 b), then a more detailed liquefaction study would be required.
Specifically, cross-borehole shear wave velocity and/or cyclic triaxial testing with more detailed
analyses would be required (Thacker et al. 1988, Ulirich et al. 1991). If the more detailed
analyses still indicated that the required strength of fine refuse could not be mobilized during
earthquake conditions, then design modifications would be required prior to achieving the critical
phase of construction.

Figure 14 shows that an effective angle of internal friction of 330 with no cohesion was used in
the stability analyses for the coarse refuse. The strength of coarse refuse used in the stability
analyses is lower than the values measured in the laboratory over the anticipated range of
moisture contents and densities as shown in Figures 8 and 9. The phreatic level used in these
analyses was the highest phreatic level estimated from the sensitivity study of impacts over the
measured ranges in permeability for the coarse refuse and fme refuse represented by the previous
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data. Therefore, justification is provided for the previously proposed placement criteria for

coarse refuse with regard to strength and permeability characteristics even though it deviates
from the recommendations of Saxena et al.

Settlement Analyses

Figure 15 presents long-term surface settlement monitoring data from two existing coal refuse
disposal impoundments. The site in Tennessee was built by the upstream construction method
and the settlement data are representative of conditions that would exist at Station 4+00 in Figure
3 b). The site in Ohio was built by the downstream construction method initially and then
converted to the upstream construction method during the “reclamation stage”. Settlement data
from the Ohio site are representative of conditions that would exist at Station 14+00 in
Figure 3 b).

As shown in Figures 7 and 11, primary consolidation characteristics of coarse coal refuse are
dependent on the degree of compaction. Figure 16 shows the estimated maximum settlement for
the embankment shown in Figure 3 b) at Station 14+00 using the data presented in Figure 7 for
various levels of compaction of the coarse refuse. Even though Figure 16 shows relatively large
estimates of maximum potential settlement, consolidation is typically rapid in coarse coal refuse
such that primary consolidation is finished by the time a given stage of construction is
completed. Primary consolidation of fme coal refuse typically requires a much longer period of
time. However, in most cases, field measurements have shown that primary consolidation is
completed by the time a given stage of construction is completed and that secondary
consolidation settlement is small as indicated by the data included in Figure 15.

The sequence of construction for a dam built by the MUSC method helps to mitigate the impacts
of settlement. Specifically, upstream construction stages are built early in the project to begin
loading of the fine refuse. After the dam achieves a given level, the buttress stage is started to
allow pore pressures to dissipate in the fme refuse beneath the previous upstream construction
stages. The buttress stage eventually covers the previous stages and the remaining construction

proceeds at a slower rate due to the amount of coarse refuse required to build the massive

combined buttress/structural zone of the embankment.

Even though increasing the degree of compactive effort of the coarse refuse could reduce the

maximum total settlement that would be predicted, this potential advantage is not significant if
the rate of consolidation is more rapid than the rate of construction as illustrated by Figure 15. If
the rate of pore pressure dissipation in the fine refuse is slower than desired for stability and
settlement considerations, then mitigative measures such as the installation of internal wick
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drains can be incorporated into the design to reduce the drainage distances in the fine refuse and

provide for more rapid pore pressure dissipation (Thacker 1985). As a result, settlement is

usually not a major design consideration in dams built by the MIJSC method. Therefore,

justification is provided for the previously proposed placement criteria for coarse refuse with

regard to consolidation characteristics and settlement, even though it deviates from the

recommendations of Saxena et al.

PERFORMANCE MONITORING OF MUSC DAMS

As with any dam, performance monitoring of MUSC dams is required to verify the validity of

the design assumptions. Performance monitoring can include such items as:

1. field moisture and density testing to verify compliance with the minimum and statistical

median requirements;

2. phreatic levels as measured from standpipe piezometers installed in the coarse refuse

embankment and pore pressure levels measured from pneumatic piezometers installed

beneath the upstream stages in the fme refuse to verify that design levels are not

exceeded;

3. flow rate measurements from the underdrains and French drains to verify drain size

design calculations and to validate the finite element seepage model;

4. settlement measurements determined from settlement monuments installed on completed

portions of the embankment to verify that primary consolidation has been completed and

that the magnitude of secondary consolidation is within acceptable limits; and

5. general site reconnaissance of the embankment slopes and appurtenant structures to

identify seeps, sloughing, settlement cracks, erosion, and related conditions that may need

to be addressed.

In addition, annual strength, permeability, and consolidation testing are suggested for coarse

refuse samples remolded to the statistical median moisture content and the statistical median

compaction for the previous year to confirm that the engineering characteristics have remained

consistent with the design values. The level of required fme refuse testing would depend on the

level of reliance that is placed on the fine refuse to maintain stability during the design

earthquake as discussed previously.
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ABANDONMENT OF MLJSC DAMS

Large coal refuse disposal impoundments may have a surface area in excess of 100 acres during

the later stages of construction. An owner who waits until active mining and processing

operations have ceased to cap the impoundment could be faced with a multi-million dollar
expense. The expense of abandonment can be reduced by building a “reclamation stage” as the

last active phase of the disposal facility as shown by Figures 2 and 4 b).

One of the advantages of a dam built by the MUSC method is that it is conducive to allowing for
construction of a “reclamation stage” as the last active phase of disposal. Near the end of the life

of the facility, construction of the buttress zone can cease to enable the structural zone to be
raised and thereby create excess disposal capacity in the impoundment. Afterwards, coarse
refuse can be placed over the fine refuse in the gradual elimination of impounding capabilities.

Alternatively, the coarse refuse can be crushed, if needed, and pumped to the impoundment for
disposal along with the fme refuse. The surface of the impoundment can then be capped by
simply moving the discharge end of the pumping line to fill in the impoundment. Experience has
shown that the coarse refuse will settle immediately at the end of the pumping line. Specific

areas can then be regraded with a dozer to achieve the desired grade and that area can then be
covered with soil and vegetated. Using this method, abandonment costs can be significantly

reduced and distributed over a several year period during the life of the “reclamation stage”.

OBSERVATIONS AND CONCLUSIONS

Observations and conclusions from the data included in this paper are presented as follows:

1. The MUSC method for constructing a coal refuse dam combines the advantages of

upstream construction in lower operating costs and concurrent reclamation with the

liquefaction resistance of downstream construction.

2. The sequence of construction for a dam built by the MUSC method allows the fine refuse

to be loaded with coarse refuse early in the project. Subsequent placement of coarse

refuse in the downstream buttress zone can provide time for dissipation of excess pore

pressures in the previously loaded fine refuse.

3. The proposed design procedure presented for the MUSC method allows the level of fine

refuse strength testing for earthquake loading conditions to be determined based on the

level of strength required to resist slope instability during the design earthquake. If no

strength is required, then no testing is needed.
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4. The engineering characteristics of coarse coal refuse are dependent on a combination of

density, the amount of particle breakage (i.e. particle size), and fabric. For example, the

data show a general decrease in permeability and compressibility and an increase in the

lower limit of strength with increasing density. A decrease in strength with increased

coniining pressures as shown in Figure 5 can be explained by particle breakage during

shearing. The combined dependency on density, particle breakage, and fabric might

explain why the sample compacted to the 95% standard level at a moisture content of 6%

above optimum moisture content had a higher strength than the samples compacted to the
100% standard level over a range in moisture contents as shown in Figure 8.

5. Specifying minimum compaction criteria for coarse refuse will result in an embankment

composed of material that can be significantly denser than the specified minimum
compaction level. Performing laboratory testing on coarse refuse samples remolded to

the minimum compaction level may not be representative of the material in the dam.

6. Broader standards than those recommended in the literature can be justified for coarse

refuse placement in the MIJSC method by incorporating engineering characteristics based

on site-specific data, performing statistical analysis of the field moisture content and
density data, and by using mitigative measures such as drains at various levels of the

construction.

7. A smaller quantity of coarse refuse is required to build a coal refuse dam to a given

height by the MUSC method than by the downstream construction method. The coarse

refuse that is “saved” by the MUSC method can be used in the final covering of the

impoundment during abandonment.

8. Use of the MUSC method in the construction of a coal refuse dam is conducive to

economic placement of a large percentage of the coarse refuse using conveyors.

9. Many designers of water-retention dams share the paradigm that “considerations which

are valid for water-retention dams must be valid for coal refuse dams”. These individuals

believe that the downstream construction method, placement of embankment materials in

thin lifts, and compacting them to a high density near their optimum moisture content are

always “good”. The presence of this paradigm is evidenced by Saxena et al. (1984) in

their stringent recommendation for coarse refuse placement in the eastern United States

even though their data provided little or no justification for this recommendation.
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10. The proposed MUSC design procedures and supporting data presented in this paper offer
justification for a paradigm shift with regard to the design and construction of coarse coal
refuse dams that impound fine coal refuse.
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GEOTECHNICAL PROPERTIES OF LIGHTWEIGHT AGGREGATE

by Thomas 0. Keller1 and Frank S. Archambault2

October 10, 1997

ABSTRACT

The geotechnical properties of three gradations of an expanded shale lightweight aggregate are
presented. These properties include gradation, specific gravity, water absorption characteristics, compaction
characteristics and unit weight, California Bearing Ratio (CBR), permeability, compressibility, and friction
angle. The expanded shale aggregate particles are porous and have the capacity to absorb water when in a
dry condition, resulting in an increase in the unit weight of the aggregate. Grain breakage of the aggregate
during the Standard Compaction Test resulted in a greater unit weight than that achieved using vibratory
table compaction. However, after Standard Compaction and water absorption, the unit weight of the
lightweight aggregate was still considerably lower than that of ordinary granular material.

The compressibility of the lightweight aggregate was higher than ordinary granular material due to
grain breakage. The permeability and peak friction angle of uncompacted lightweight aggregate was
comparable to that of ordinary granular material. CBR values of uncompacted lightweight aggregate were
lower than typical CBR values for ordinary granular material.

INTRODUCTION

Lightweight aggregate is often specified by engineers as a substitute for ordinary granular backfill
when the weight of the backfill has a significant effect on the cost or performance of a geotechnical structure.
The two most common applications of lightweight aggregate as a substitute for granular backfill are
1) behind retaining walls to reduce lateral pressures on the walls, and 2) over soft soils to minimize
settlements of the soil. Lightweight aggregate used for the above applications might also be used to support
footing foundations, floor slabs, and pavements.

The purpose of this paper is to present geotechnical properties of a lightweight aggregate manufac
tured by the process of passing clay, shale, or slate through a high temperature rotary kiln. The resulting
product is often referred to as an expanded lightweight aggregate. From 1975 to 1997, more than one million
cubic yards of expanded lightweight aggregate have been used as a replacement for ordinary granular
backfill. The geotechnical properties of the lightweight aggregate described in this paper include gradation,

‘Thomas 0. Keller, P.E., Vice President
GEl Consultants, Inc., 2141 Palomar Airport Road, Suite 160, Carlsbad, CA 92009

2Frank S. Archambault, Vice President
Norlite Corporation, 628 S. Saratoga Street, Cohoes, NY 12047
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water absorption characteristics, compaction characteristics and unit weight, California Bearing Ratio,
permeability, compressibility, and friction angle.

The properties given in this paper are adequate for evaluating the feasibility of using expanded shale
lightweight aggregate for most projects. Additional tests should be performed for applications requiring
detailed values of the properties. These tests should be performed on the particular lightweight aggregate
available in the project area.

AGGREGATE DESCRIPTION

The lightweight aggregate described in this paper is manufactured by Norlite Corporation from
Normanskill Shale in the vicinity ofAlbany, New York. The shale is crushed and then expanded in a rotary
kiln where temperatures are maintained at about 2,000 degrees F. The aggregate is cooled, crushed, and
graded into various sizes. The aggregate is gray, has a laminated appearance, and has sharp edges and
corners. Small vesicles (cavities) are visible on the particle surfaces. The sharp corners of the aggregate can
be broken by rubbing two pieces together.

GRADATION

Three gradations are described in this paper and are referred to as 3/4 inch, 3/8 inch, and 3/8-inch
Blend. These aggregates are also referred to as 3/4 inch to No. 4, 3/8 inch to No. 8, and 3/8 inch to 0,
respectively, in “Lightweight Aggregates for Structural Concrete,” ASTM Designation C330.

Gradation curves of each gradation are shown in Fig. 1. The 3/4-inch and 3/8-inch aggregates are
uniformly graded and the 3/8-inch Blend is relatively widely graded.
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SPECIFIC GRAVITY

Specific gravity tests were performed on the solid fraction of each aggregate. The aggregates were
ground to a fine powder with a mortar and pestle prior to testing. Specific gravity measurements of the
finely ground powders were 2.48, 2.37, and 2.51 for the 3/4 inch, 3/8 inch, and 3/8-inch Blend, respectively.

WATER ABSORPTION PROPERTIES

The lightweight aggregate particles are porous and will absorb water when in a dry condition. The
amount of water absorbed has a significant influence on the unit weight of the aggregates. Water absorption
tests were performed on the aggregates to determine the increase in weight of the material as a function of
time under water. Tests were performed using both low and high heads of water.

A plot of percent absorption versus logarithm of elapsed time under water for each aggregate is
shown in Fig. 2. Percent absorption is defined as follows:

Absorption, % = [(B-A)/A] x 100 (1)

z
0
I—
0

0
Cl)

where A

B

= weight of oven dry test sample in air.

= weight of saturated-surface dry (SSD) test sample
in air after being submerged in water.
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Fig. 2 Water Absorption versus Time Under Water
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The percent absorption is the percent increase in unit weight of an aggregate above its dry unit
weight. The SSD weights of 3/4-inch and 3/8-inch aggregates were determined in general accordance with
ASTM Procedure C-127-8 1, and the SSD weight ofthe 3/8-inch Blend was determined in general accordance
with ASTM Procedure C-128-79.

After 100 days of submergence under a 1-foot head of water, the percent absorption for each
aggregate was still increasing with time as shown in Fig. 2. To obtain an estimate of the upper bound for
the percent absorption of each aggregate, dry samples were placed in a water-filled triaxial chamber and a
pressure equivalent to 650 feet ofwater applied to the chamber. The percent absorption was checked after
17 days of submergence under the high head and found to be 30.5, 28.5, and 19.5 percent for the 3/4-, 3/8-,
and 3/8-inch Blend, respectively. After 25 days of submergence, the percent absorption was about the same
as that measured after 17 days, indicating that an approximate upper limit for the percent absorption was
achieved.

Expanded lightweight aggregate manufacturers usually report aggregate unit weight in a dry
condition, and the aggregate is usually delivered to ajob site in a relatively dry state. Engineers should be
aware of the potential for a significant increase in unit weight of an expanded shale aggregate if it is exposed
to water. If dry 3/4-inch or 3/8-inch aggregate described in this paper were placed below ground water level,
the unit weight of the aggregate could increase by about 30 percent over the long term. Water which enters
an expanded shale particle (increasing its unit weight) does not have a strong tendency to leave the particle
because the oufflow gradient is small, and evaporation rates are low below the ground surface.

COMPACTION PROPERTIES AND UNIT WEIGHT

Maximum and Minimum Density Tests. Maximum and minimum density tests were performed on
dry samples of the aggregates in general accordance with ASTM Procedures D4253-83 and D4254-83,
respectively. The maximum density in this test is determined using a vibratory table. The results of these
tests are presented in Table 1 where densities are reported in terms of dry unit weight.

TABLE 1- SUMMARY OF DRY UNIT WEIGHT MEASUREMENTS

Maximwn Dry Unit Weight, pcf
Lightweight Minimum Dry Unit

Aggregate Size Standard Compaction, Vibratory Table, Weight, pcf
ASTM D698-91 ASTM D4253-83 ASTM D4254-83

3/4 inch 53.1 43.9 40.2

3/8 inch 47.9 43.5 39.4

3/8 inch Blend 68.7 64.8 58.3
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The maximum unit weight of each aggregate is about 10 percent higher than its minimum unit
weight. The gradation of each aggregate was essentially the same both before and after performing the
maximum density test. The unit weights of the 3/8-inch Blend are significantly higher than those of the 3/4-
inch or 3/8-inch aggregates because the 3/8-inch Blend has a wider grain size distribution.

The minimum unit weights of the 3/4-inch and 3/8-inch aggregates would not be expected to change
significantly if the tests were performed on partially saturated aggregate because almost all of the particles
forming these aggregates are gravel size. However, the 3/8-inch Blend has a gradation similar to that of a
widely graded sand and would be expected to bulk if loosely placed in a partially saturated condition. A
minimum density test of a 3/8-inch Blend sample placed in a partially saturated condition resulted in a unit
weight of 44.0 pounds/cubic foot (pcf) as compared to 58.3 pcfwhen placed in a dry condition.

Standard Compaction Tests. Standard compaction tests were performed on the aggregates using
ASTM Procedure D698-91 A 5.5-lb hammer dropping 12 inch is used in this test. The maximum unit
weights achieved in this test are presented in the left-hand column of Table 1. Water contents of the
aggregates during compaction did not have a significant influence on the unit weights achieved.

The maximum unit weights of the 3/4-inch and 3/8-inch aggregates after standard compaction are
significantly higher than the maximum unit weight after vibratory table compaction. Much of this increase
in unit weight is due to grain breakage which occurred during the standard compaction test.

The maximum unit weight of the 3/8-inch Blend after standard compaction was somewhat greater
than the maximum unit weight after vibratory table compaction. Very little grain breakage of this aggregate
occurred during the standard compaction test; therefore, most of the increase in unit weight can be attributed
to the higher compaction energy of the standard compaction test.

Discussion. The unit weight of an expanded shale lightweight aggregate after placement in the field
can vary between wide limits. For example, the 3/4-inch aggregate described in this paper could be placed
loosely in a dry condition at a unit weight of about 40.2 pcf. At the other extreme, it could be compacted
with a vibratory roller (simulating a Standard Compaction Test) and later absorb large amounts of water.
Compaction of this aggregate would increase its unit weight to about 53.1 pcf which is 32 percent greater
than its loose, dry unit weight. Submergence would increase the unit weight to about 69.3 pcf which is
72 percent greater than its loose, dry value. However, this unit weight of 69.3 pcf is still considerably lower
than the compacted dry unit weight of ordinary granular material which typically ranges from about 120 to
135 pcf.

Table 2 is a summary of the range of unit weights of the lightweight aggregates tested, and, for
comparison, the unit weights of an ordinary granular material consisting of 32 percent gravel, 60 percent
sand, and 8 percent silt. Unit weights are given for aggregates placed in a loose, dry condition versus
compacted with an energy equivalent to that in the Standard Compaction Test. Estimated increases in unit
weight due to long-term submergence in water are also given.
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The uniformly graded lightweight aggregates tested had a unit weight of about 40 pcf when placed
in a loose, dry condition and the widely graded lightweight aggregate had a unit weight of about 58 pef when
placed in the same condition. After compaction (based on the Standard Compaction Test), the unit weight
of the uniformly graded lightweight aggregates increased to about 48 to 53 pcf, and the unit weight of the
widely graded lightweight aggregate increased to about 69 pcf. After compaction and submergence below
ground water, the unit weight of the uniformly graded lightweight aggregates would increase to about 62 to
69 pef, and the unit weight of the widely graded lightweight aggregate would increase to about 82 pcf. Even
thoñgh the unit weights of lightweight aggregates increase substantially due to compaction and submergence,
the resulting unit weights are still considerably lower than the unit weights of ordinary granular materials.

TABLE 2- RANGE OF UNIT WEIGHTS FOR AND SUBMERGED CONDITIONS

Notes: a) “Loose” indicates minimum dry unit weight from ASTM D4254, and “Compacted” indicates maximum
dry unit weight from the Standard Compaction Test, ASTM D698.

b) Cavities within individual particles assumed to be completely filled with water.

c) Assumed that water drains from the void spaces between particles and that the surface of the particles is
in a “saturated-surface dry” condition.

Aggregate Size

Initial Dry Unit Estimated Unit Weights After Long-Term
Placement Weight Submergence, b) pcf
Methoda) Before

Submergence
pcf

Total
(Saturated)

Submerged Saturated
Surface Dryc)

3/4 inch Loose 40.2 86.4 24.0 52.5

3/8 inch Loose 39.4 85.2 22.8 50.6
F

3/8-inch Blend Loose 58.3 97.5 35.1 69.7

3/4 inch Compacted 53.1 94.1 31.7 69.3cz(
3/8 inch Compacted 47.9 90.1 27.7 61.6

3/8 inch Blend Compacted 68.7 103.7 41.3 82.1

Sand with Loose 121.1 136.9 74.5 122.3

Siltand

0 Gravel
Compacted 128.3 141.3 78.9 129.6
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CALiFORNIA BEARING RATIO

California Bearing Ratio (CBR) tests were performed on the lightweight aggregates in general
accordance with ASTM Procedure Dl 8 83-92. The results of the CBR tests are presented in Table 3.

TABLE 3- CALIFORNIA BEARING RATIO TEST RESULTS

Lightweight Dry Unit Weight
Aggregate California Bearing Ratio, %

Size pcf

Trial I Trial 2

3/4 inch 43.1 13.8 6.9

3/8 inch 46.3 10.5 8.7

3/8-inch Blend 57.2 3.3 3.4

The samples were placed in a CBR mold in a loose condition and a surcharge of 50 pounds/square
foot (psf) applied to the top of the samples. Two tests were performed on each aggregate. The variability
in CBR measurements for the 3/4-inch and 3/8-inch aggregates was mainly due to variations in the degree
of grain breakage which occurred during each test.

The CBR values of the expanded shale lightweight aggregates placed in a loose condition are
generally low compared to CBR values of ordinary gravel. The CBR tests indicate that the lightweight
aggregate would perform poorly as a base course below pavements.

PERMEABILiTY

Constant head permeability tests were performed on each aggregate under a range of hydraulic
gradients. The specimens were placed loosely in a 3.5-inch-diameter permeameter. The results of the
permeability tests are presented in Table 4. The permeability of each lightweight aggregate is comparable
to that of ordinary granular material having similar grain size distributions.

TABLE 4- PERMEABILITY TEST RESULTS

Lightweight Dry Unit Weight Hydraulic Permeability
Aggregate Gradient Range

Size Range
pcf cmlsec

3/4 inch 38.0 0.29-0.43 15.0-4.2

3/8 inch 43.5 1.01-1.61 5.1-4.2

3/8-inch Blend 58.8 2.26-5.19 0.095-0.084
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COPRESSIBTLITY

The results of consolidation tests performed on each lightweight aggregate are shown in Fig. 3.
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Fig. 3 Consolidation Curves

In general, the aggregates are relatively compressible. The vertical strains of specimens ranged from
3.7 to 5.7 percent when loaded from 0 to 2 tons/square foot (tsf).

A significant amount of grain breakage occurred as vertical stresses were applied to the aggregates.
This was evident by observation of the aggregates after completion of the tests and by a noticeable
“crunching” sound which occurred for a period of about 5 to 10 seconds after application of each increment
of vertical stress.

The 3/4-inch aggregate and 3/8-inch Blend were placed in the consolidation mold near the minimum
dry unit weights measured using ASTM Procedure D4254. Maximum vertical strains during consolidation
of these two aggregates surpassed the strain required to reach the maximum dry unit weight of the aggregates
measured using ASTM Procedure D4253. Therefore, grain breakage ofthese aggregates must have occurred,
which is consistent with observations made after the tests.

The 3/8-inch aggregate was placed in the consolidation mold at a dry unit weight slightly greater
than the maximum dry unit weight measured using ASTM Procedure D4253. Therefore, a large amount of
the strain which occurred during consolidation of this aggregate can be attributed to grain breakage.

The lightweight aggregates tested are relatively compressible compared to ordinary compacted sand
and gravel.

EFFECTIVE VERTICAL STRESS, TSF
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Footings bearing on compacted sand and gravel do not usually require settlement analyses when
bearing pressures are limited to 2 tsf. The same cannot be said for footings bearing on expanded shale
lightweight aggregate. Grain breakage of these aggregates can occur, even under low vertical stresses, which
may lead to significant footing settlements. For example, consider an 8-foot square footing resting on a
10-foot layer of 3/8-inch lightweight aggregate compacted to its maximum density achieved in the vibratory
table compaction test. The footing would be expected to settle on the order of 2 inch if loaded to 2 tsf. If
footings are to be placed over expanded shale aggregates, consideration should be given to using high energy
compaction to pre-break the aggregate grains thereby reducing footing settlements.

FRICTION ANGLE

Consolidated drained triaxial (S) tests were performed on each gradation of lightweight aggregate
at isotropic consolidation stresses of 1.0 and 2.0 tsf. The aggregates were placed loosely in the triaxial cell.

The peak friction angles are summarized in Table 5. The 3/4-inch and 3/8-inch aggregates were
placed in the triaxial cell at dry unit weights comparable to the minimum dry unit weights obtained using
ASTM Procedure D4254. The peak friction angles for these aggregates were 40.7 degrees and 43.0 degrees
at a consolidation stress of 1.0 tsf.

TABLE 5- SUMMARY OF FRICTION ANGLE MEASUREMENTS
iN CONSOLIDATED DRAINED TRIAXIAL TESTS

Lightweight
Aggregate = 1.0 tsf = 2.0 tsf

Size

Dry Unit Peak Friction Peak Friction
Weight, Angle, Dry Unit Weight, Angle, 4

pcf Degrees pcf Degrees

3/4 inch 41.5 40.7 42.5 36.9

3/8 inch 40.2 43.0 39.5 38.6

3/8-inch Blend 47.1 35.3 50.5 35.0

Note: U3 = isotropic consolidation stress

The 3/8-inch Blend was placed at its bulking water content which resulted in its dry unit weight
being considerably lower than its minimum dry unit weight using ASTM D4254. The peak friction angle
for this aggregate was 35.3 degrees at a consolidation stress of 1.0 tsf. The relatively low peak friction angle
of the 3/8-inch Blend reflects the fact that it was placed in a very loose condition.

The friction angles given in Table 5 should be considered lower bound values. If the aggregates
were compacted during placement in the field, the peak friction angles of the aggregates would be greater
than those given in Table 5.
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The peak shear resistance of each specimen was reached at axial strains ranging from 9 to 20 percent.
The stress-strain curves for the 3/8-inch aggregate specimens are shown in Fig. 4. The volume of each
specimen decreased (contracted) during shear.
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Fig. 4 Stress-Strain Curves for
3/8-inch Aggregate Specimens

CONCLUSIONS

Geotechnical properties of three gradations of Norlite expanded shale lightweight aggregate are
presented. These properties include gradation, water absorption characteristics, compaction characteristics
and unit weight, California Bearing Ratio, permeability, compressibility, and friction angle. The data
presented should aid designers when considering the use of expanded shale aggregate as a substitute for
ordinary granular backfill.

The lightweight aggregates tested included uniformly graded 3/4-inch and 3/8-inch aggregates and
a widely graded 3/8-inch aggregate blend. The uniformly graded aggregates had a unit weight of about 40
pcfwhen placed in a loose, dry condition and the widely graded aggregate had a unit weight of about 58 pcf
when placed in the same condition. After compaction (based on the Standard Compaction Test), the unit
weight of the uniformly graded aggregates increased to about 48 to 53 pcf, and the unit weight of the widely
graded aggregate increased to about 69 pcf. After compaction and submergence below ground water, the
unit weight of the uniformly graded aggregates would increaseto about 62 to 69 pcf, and the unit weight of
the widely graded aggregate would increase to about 82 pcf. The unit weights of the lightweight aggregate,
even after compaction and submergence, are still considerably lower than the unit weights of ordinary
granular materials.

The California Bearing Ratios of uncompacted aggregates were low, indicating that they would
perform poorly as base courses below pavements. The permeability of each lightweight aggregate is
comparable to that of ordinary granular material having similar grain size distributions.

0 5 10 15 20
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The compressibility of uncompacted or lightly compacted lightweight aggregate is relatively high
compared to that of ordinary compacted sand and gravel. The vertical strains of uncompacted lightweight
aggregate specimens ranged from 3.7 to 5.7 percent when loaded from 0 to 2 tsf. The drained peak friction
angles of loosely placed lightweight aggregates ranged from 35.3 degrees to 43.0 degrees at an isotropic
consolidation stress of 1.0 tsf.

The compressibility and friction angle measurements of the lightweight aggregates tested should be
considered lower bound values because the aggregates were tested in an uncompacted or lightly compacted
state. Higher friction angles and lower compressibility can be achieved in situ if high energy compaction
equipment is used to place the lightweight aggregate. However, the high compaction effort will increase the
unit weight of the aggregate. The designer must consider the tradeoff between higher unit weight and
improved strength and compressibility characteristics.

The data presented in this paper is applicable only to Norlite expanded shale aggregates. There are
about 25 other manufacturers of expanded lightweight aggregates in the United States, and these aggregates
will have different properties depending on the mineralogy of the parent material used, manufacturing
process, and final gradation. Laboratory and/or field tests of a particular lightweight aggregate should be
performed, as necessary, to determine the geotechnical properties required for a particular design.
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APPENDIX 1- NOTATION

The following symbols are used in this paper:

q = shear stress, (a1-a3)/2

S = consolidated drained, monotonically loaded triaxial test

= minor principal effective stress after consolidation

= peak friction angle from S test
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The peak shear resistance of each specimen was reached at axial strains ranging from 9 to 20 percent.
The stress-strain curves for the 3/8-inch aggregate specimens are shown in Fig. 4. The volume of each
specimen decreased (contracted) during shear.
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CONCLUSIONS

Geotechnical properties of three gradations of Norlite expanded shale lightweight aggregate are
presented. These properties include gradation, water absorption characteristics, compaction characteristics
and unit weight, California Bearing Ratio, permeability, compressibility, and friction angle. The data
presented should aid designers when considering the use of expanded shale aggregate as a substitute for
ordinary granular backfill.

The lightweight aggregates tested included uniformly graded 3/4-inch and 3/8-inch aggregates and
a widely graded 3/8-inch aggregate blend. The uniformly graded aggregates had a unit weight of about 40
pcfwhen placed in a loose, dry condition and the widely graded aggregate had a unit weight of about 58 pcf
when placed in the same condition. After compaction (based on the Standard Compaction Test), the unit
weight of the uniformly graded aggregates increased to about 48 to 53 pcf, and the unit weight of the widely
graded aggregate increased to about 69 pcf. After compaction and submergence below ground water, the
unit weight of the uniformly graded aggregates would increase to about 62 to 69 pcf, and the unit weight of
the widely graded aggregate would increase to about 82 pcf. The unit weights of the lightweight aggregate,
even after compaction and submergence, are still considerably lower than the unit weights of ordinary
granular materials.

The California Bearing Ratios of uncompacted aggregates were low, indicating that they would
perform poorly as base courses below pavements. The permeability of each lightweight aggregate is
comparable to that of ordinary granular material having similar grain size distributions.

AXIAL STRAIN, %
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COMPRESSiBILITY

The results of consolidation tests performed on each lightweight aggregate are shown in Fig. 3.
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Fig. 3 Consolidation Curves

In general, the aggregates are relatively compressible. The vertical strains of specimens ranged from
3.7 to 5.7 percent when loaded from 0 to 2 tons/square foot (tsf).

A significant amount of grain breakage occurred as vertical stresses were applied to the aggregates.
This was evident by observation of the aggregates after completion of the tests and by a noticeable
“crunching” sound which occurred for a period of about 5 to 10 seconds after application of each increment
of vertical stress.

The 3/4-inch aggregate and 3/8-inch Blend were placed in the consolidation mold near the minimum
dry unit weights measured using ASTM Procedure D4254. Maximum vertical strains during consolidation
of these two aggregates surpassed the strain required to reach the maximum dry unit weight of the aggregates
measured using ASTM Procedure D4253. Therefore, grain breakage ofthese aggregates must have occurred,
which is consistent with observations made after the tests.

The 3/8-inch aggregate was placed in the consolidation mold at a dry unit weight slightly greater
than the maximum dry unit weight measured using ASTM Procedure D4253. Therefore, a large amount of
the strain which occurred during consolidation of this aggregate can be attributed to grain breakage.

The lightweight aggregates tested are relatively compressible compared to ordinary compacted sand
and gravel.

EFFECTIVE VERTICAL STRESS, TSF
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SPECIFIC GRAVITY

Specific gravity tests were performed on the solid fraction of each aggregate. The aggregates were
ground to a fine powder with a mortar and pestle prior to testing. Specific gravity measurements of the
fmely ground powders were 2.48, 2.37, and 2.51 for the 3/4 inch, 3/8 inch, and 3/8-inch Blend, respectively.

WATER ABSORPTION PROPERTIES

The lightweight aggregate particles are porous and will absorb water when in a dry condition. The
amount of water absorbed has a significant influence on the unit weight of the aggregates. Water absorption
tests were performed on the aggregates to determine the increase in weight of the material as a function of
time under water. Tests were performed using both low and high heads of water.

A plot of percent absorption versus logarithm of elapsed time under water for each aggregate is
shown in Fig. 2. Percent absorption is defined as follows:

Absorption, % = [(B-A)/Aj x 100 (1)
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where A = weight of oven dry test sample in air.

B = weight of saturated-surface dry (SSD) test sample
in air after being submerged in water.
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Fig. 2 Water Absorption versus Time Under Water
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water absorption characteristics, compaction characteristics and unit weight, California Bearing Ratio,

permeability, compressibility, and friction angle.

The properties given in this paper are adequate for evaluating the feasibility of using expanded shale
lightweight aggregate for most projects. Additional tests should be performed for applications requiring

detailed values of the properties. These tests should be performed on the particular lightweight aggregate
available in the project area.

AGGREGATE DESCRIPTION

The lightweight aggregate described in this paper is manufactured by Norlite Corporation from

Normanskill Shale in the vicinity ofAlbany, New York. The shale is crushed and then expanded in a rotary

kiln where temperatures are maintained at about 2,000 degrees F. The aggregate is cooled, crushed, and

graded into various sizes. The aggregate is gray, has a laminated appearance, and has sharp edges and

corners. Small vesicles (cavities) are visible on the particle surfaces. The sharp corners of the aggregate can

be broken by rubbing two pieces together.

GRADATION

Three gradations are described in this paper and are referred to as 3/4 inch, 3/8 inch, and 3/8-inch

Blend. These aggregates are also referred to as 3/4 inch to No. 4, 3/8 inch to No. 8, and 3/8 inch to 0,

respectively, in “Lightweight Aggregates for Structural Concrete,” ASTM Designation C330.

Gradation curves of each gradation are shown in Fig. 1. The 3/4-inch and 3/8-inch aggregates are

uniformly graded and the 3/8-inch Blend is relatively widely graded.
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CRUSHED GLASS USED AS STRUCTURAL FILL TO SUPPORT
MATERIAL RECOVERY FACILITY

by Jon H. Gould1

ABSTRACT: A Recycling and Energy Recovery Facility was constructed in Falls Township, Pennsylvania
in 1993 and 1994. The site of the Material Recovery Facility (MRF) was generally a low marshy wetlands,
much of which was covered with waste slag spoil and unengineered soil ff1 of variable thickness. Since the
MRF was a lightly loaded structure covering a relatively large area, it was determined to be more econom
ical, than pile supporting the entire building, to undercut and replace the undesirable subgrade soils with
engineered fill and support the MRF structure and floor loads on a flexible mat. A request by the client to
consider using some of the recycled crushed glass (cullet) stockpiled nearby as a construction material
resulted in constructing a field test section of the crushed glass. The results of the test section and additional
laboratory testing indicated that the crushed glass was acceptable for use as structural fill to support MRF.
However, building permit, liability, and public opinion considerations had to be resolved. Construction
procedures and compaction criteria were developed for the crushed glass and revised during construction to
adapt to the actual field conditions. All of the stockpiled crushed glass was used to construct a 3.5 ft (1.1 m)
thick layer of compacted crushed glass beneath the entire area of the MRF. The MRF was constructed and
has been operating as designed for over 3 years. Because of the innovative use of the crushed glass as struc
tural fill supporting the MRF, the project has won several awards and received special recognition.
Recommendations to improve the use of crushed glass as structural fill are presented, along with recom
mendations for further study and research on crushed glass.

INTRODUCTION

A Recycling and Energy Recovery Facility was constructed in Falls Township, Pennsylvania, directly north
east of Philadelphia, in 1993 and 1994. The Material Recovery Facility (MRF) was supported on crushed
glass cullet used as structural fill. This paper describes the site and subsurface conditions, testing and evalu
ation of crushed glass as structural fill, backfilling procedure “in the wet” called “mud waving:’ crushed glass
construction procedures and compaction criteria and changes due to the actual field conditions, and conclu
sions and recommendations for future use and further study of crushed glass as structural fill. Environmental,
building permit, liability, and public opinion considerations are discussed. The results of the extensive field
and laboratory testing conducted on the crushed glass test sections and structural fill layer placed beneath the
MRF aie also discussed. A summary of characteristics and design parameters for the crushed glass is
presented, along with recommended placement and compaction criteria.

SITE AND SUBSURFACE CONDITIONS

The MRF site was generally a low marshy wetlands near the Delaware River. However, most of the site had
been raised several feet by the dumping of waste slag from operation of a nearby old steel mill. Some of the
slag had a maximum dimension greater than 10 ft (3.0 m). Areas of the site were also covered with a thin

I - Senior Geotechnical Engineer, Raytheon Engineers & Constructors, Inc., 100 Corporate Parkway, Birmingham, AL 35242
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layer of uncontrolled generally granular soil fill. The ground surface elevations at the locations of the seven
test borings drilled within the area of the MRF ranged from +11.1 to +17.2 ft (+3.4 to +5.2 m) with an
average elevation of +14.0 ft (4.3 m).

The depth of the slag ranged from 4 to 7.5 ft (1.2 to 2.3 m) with an average depth of 5.5 ft (1.7 m). Below
the slag, four of the borings penetrated a layer of soft organic silt extending to depths ranging from 6 to 12 ft
(1.8 to 3.7 m) with an average depth of 8.8 ft (2.7 m). Below the organic silt, glacial soils consisting of
moderately dense to very dense sands, gravel, and cobbles and stiff to very hard clays extended to the boring
termination depths which ranged from 25 to 71 ft (7.6 to 21.6 m). The groundwater level was recorded in
five of the borings with depths below existing grade ranging from 1.5 to 7 ft (0.5 to 2.1 m) with an average
depth of 5.9 ft (1.8 m) and average elevation of +7.5 ft (+2.3 m).

FOUNDATION EVALUATION

The proposed MRP was being designed as a pre-engineered metal building with plan dimensions of 150 by
200 ft (45.7 to 61.0 m) and a clear height of 25 ft (7.6 m). The 150-ft (45.7-rn) dimension was a clear span
with roof trusses supported by columns spaced at 20 ft (6.1 rn). Maximum column loads (including dead,
live, and wind loads) were about 104 kips (463 kN) in compression and 26 kips (116 kN) in horizontal
shear. None of the columns had net tension loads. The design floor load was 300 psf (14 kN/m2)
from relatively light equipment, conveyors, recycled waste piles, and light vehicles and forklifts. The grade
slab was designed as a flexible mat thickened at the columns and at some of the heavier equipment. Even
though the MRF is not a heavily loaded structure or unusually sensitive to settlement, it was desired that any
settlement of the facility would be within tolerable limits that would not overstress the building structural
members, crack the grade slab, or affect operation of the equipment and conveyors.

Pile supporting the entire building, including the floor, was considered and determined to be uneconomical
and overly conservative. There was also a serious potential problem installing piling through the slag fill.

Since settlement, particularly differential settlement, was the main concern, it was decided that the subgrade
soils below the MRF would have to be improved. Consideration was given to improving the soils in-place
with deep dynamic compaction. However, the slag had to be removed because of environmental concerns,
and the depth and area of improvement was too small for deep dynamic compaction to be cost effective. The
larger pieces of slag would have also prevented effective deep dynamic compaction. Therefore, the decision
was made to excavate the slag, uncontrolled fill, and soft organic soils from beneath the proposed MRF and
backfill the excavation with engineered fill.

UNDERCUTTINGIBACKFILLING BELOW THE WATER TABLE

Based on test borings, the soft organic soils extended as deep as 12 ft (3.7 m) below existing grade.
Therefore, the excavation would have to extend as much as 6 ft (1.8 m) below the groundwater level. Because
the groundwater table was greatly influenced by the nearby Delaware River and the glacial soils at the bottom
of the proposed excavation were highly permeable, it would take a sophisticated and expensive dewatering
system to lower the groundwater level to at least the bottom of the excavation. There were also environmental
concerns of removing and discharging the anticipated large volume of water during the dewatering operation.
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Therefore, most of the slag, uncontrolled fill, and organic soils were excavated with dozers and large track-
hoes. A small amount of undesirable materials, mostly organic soils, could not be removed during the general
excavation operations because it was not visible below the water surface or had become fluid. Most of these
remaining fluid organic silty soils were removed by a procedure commonly called “mud waving”. Granular
fill is placed at the edge of the excavation and a dozer pushes the fill progressively outward and downward
with the dozer blade angled sharply downward to wedge the outer portion of the fill, as shown in Figure 1.
This procedure pushes any soft soils and organics ahead of the fill, so that it is not trapped beneath or in the
fihl. The top of the fill was maintained about 1.5 ft (0.46 m) above the water surface in the excavation.
Periodically, a large trackhoe was used to excavate the soft soil, organics, and logs that had accumulated at
the toe of the ifil. Then the “mud wave” backfilling would continue.

The underwater backfill supported the dump trucks and dozers with minimal deflection and rutting. A single
smooth drum vibratory roller was used to compact the surface of the backfill. Some experimenting with the
roller determined that if the entire backfilled excavation was rolled with a single pass, as opposed to succes
sive passes in a small area, there was no problem with wicking of the groundwater and waving, pumping, and
rutting of the surface. The backfill surface held up well and also appeared to tighten up with no pumping and
no more than about 1/2 in. (12.7 mm) of deflection with up to six passes with the roller.

EVALUATION OF CRUSHED GLASS AS STRUCTURAL FILL

WIvIX Technologies Company operated a large sanitary landfill nearby. Between the landfill and the MRF
was a stockpile of several thousand tons of crushed glass. The stockpile was formed by dumping truck loads
of the crushed glass adjacent to one another over a large, relatively level, open area covered with slag, as

Figure 1. BaCkfilling the MRF Using “Mud Waving” Procedures
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shown in Figure 2. The few uses found for the crushed glass did not use large quantities of the material, so
the stockpile had grown to a size covering several acres.

Our client asked if we could utilize any of the crushed glass in construction of the MRF or the nearby Energy
Recovery Facility which was also under construction. Some consideration was given to using some of the
crushed glass as aggregate in the asphaltic concrete pavements and as bedding material for underground util
ities. Neither of these uses was pursued seriously because they would only utilize small quantities of the
crushed glass.

The crushed glass was produced by crushing glass containers obtained from recycling. By observation, the
crushed glass was multi-colored (clear, white, pink, red, green, brown, and black) and appeared to have a
textural grain size distribution of fine to coarse sand size. The crushed glass also appeared to contain trace
quantities of plastic and paper.

To determine if the crushed glass could be used as structural fill, a test section was constructed utilizing on-
site construction equipment and specified project earthwork procedures. A small level test area was selected
directly east of the stockpile. Weather conditions were partly cloudy and dry with estimated temperatures in
the 40’s°F (4 to 9°C).

A small area of slag was proofrolled with several overlapping passes of a Tampo Model RS-28, self-
propelled, single smooth drum vibratory roller, as shown in Figure 3. The roller had a gross weight of
20,500 lb (91 kN), drum weight of 11,150 lb (50 kN), and roller width of 7 ft (2.1 m). Before proofrol
ling, the slag was already well stabilized with only possible disturbance from the trucks hauling the
crushed glass and from frost action. After proofrolling, some surface moisture was observed in localized
areas over the proofrolled surface.

Figure 2. Stockpile of WMX Crushed Glass
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The first 8 in. (203 mm) thick (loose measure) lift of crushed glass was placed and spread with a large,
rubber-tired, frontend loader over an area of about 10 by 20 ft (3.0 to 6.1 m). Then the lift was compacted
with a total of 24 single direction passes of the roller vibrating and moving at a speed of 2 to 3 ft/s (0.6 to
0.9 mIs). After every two passes, the dry unit weight and water content of the compacted crushed glass
were measured at the surface at two random locations with a Troxier nuclear density gauge. After every
eight passes, two bag samples of the crushed glass were obtained to measure the grain size distribution.

A second 8 in. (203 mm) thick lift was placed, spread, compacted, sampled and tested the same as the first
lift. At the completion of compaction, the thickness of the two lifts was 14 in. (356 mm). Bag samples of
the crushed glass, both before any compaction and at the completion of compaction, were obtained for
performance of laboratory Modified Proctor compaction testing or determination of maximum and
minimum density testing.

The results of the in-place dry unit weight and water content tests are presented in Table 1. After eight to 12
passes and increasing as the number of passes increased, it was obvious that the material was becoming
tighter, and the upper crushed glass particles appeared to be breaking down slightly. Based on the test results,
it appeared that the optimum number of passes of the roller was about 12. An increase in the number of passes
increased the dry unit weight, but only by about 4% in lifts 1 and 2 between 12 and 24 passes. The water
content of the crushed glass ranged from 2.4 to 5.0% with an average of 3.6%. These test results are similar
to what would be expected when compacting a natural cohesionless soil fill material.

Figure 3. Test Section Using WMX Crushed Glass
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Table 1. Field Test Results from WMX Crushed Glass Test Section

First Lift Second Lift
Surface Surface Surface Surface

Dry Unit Water Dry Unit Water
No. Weight Content Weight Content

Passes (pci) (%) (pci) (%)
0 — — 97.0 2.8
2 101.8 4.1 103.8 2.4
4 105.9 2.8 104.8 2.9
6 105.8 4.1 106.9 2.8
8 108.0 3.7 106.7 4.5
10 105.0 5.0 108.0 3.1
12 108.0 3.7 108.5 3.3
14 110.4 3.2 107.6 4.1
16 109.1 4.1 108.2 3.9
18 109.5 3.8 109.3 3.3
20 110.3 3.9 111.1 3.3
22 111.9 3.6 110.2 3.6
24 112.8 3.7 112.9 3.4

Notes:
1. Roller was a Tampo Model RS-28, self-propelled, single smooth drum vibratory roller with a gross

weight of 20,500 lb (91 kN), drum weight of 11,150 lb (50 kN), and drum width of 7.0 ft (2.1 m).
2. Test section subgrade was level, well stabilized slag area proofrolled with several passes of the roller.
3. Dry unit weight and water content measurements were made with a Troxier nuclear density gauge.
4. Dry unit weight and water content results shown are the average of two measurements.
5. First and second lifts were each 8 in. (203 mm) thick before compaction. The total thickness of both lifts

was 14 in. (356 mm) after compaction.
6. A pass is compacting in a single direction or crossing over any point one time with the drum of the roller.
7. 1 pcf=0.1571 kN/m3

Based on the results of the test section, it appeared that the crushed glass might be acceptable for use as struc
tural fill to support the MRF. However, additional laboratory testing had to be performed to further evaluate
the grain size, compaction, strength, and chemical characteristics of the crushed glass before a fmal decision
could be made to use it as a structural fill.

Another potential economical source of crushed glass was Anheuser-Busch Recycling Corporation’s new
recycling facility in Swedesboro, New Jersey. The glass came to the facility from various sources as whole
containers or broken glass. The glass was crushed at this facility and stockpiled by quality and color in large
outdoor bins enclosed on three sides. One bin of crushed glass looked similar to the WMX crushed glass and
was selected as a potential source.
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A truck load of crushed glass was delivered to the site from the Anheuser-Busch recycling facility for
evaluation and determination of its suitability for possible use as structural fill. A small level test area
was selected adjacent to the pile of crushed glass dumped by the truck. The test area was an existing
well stabilized slag surface that had only possibly been disturbed by trucks hauling the WMX crushed
glass and from frost action. However, the slag surface showed no apparent signs of distress. The esti
mated air temperature was in the 60’s°F (16 to 21°C) during the testing and the weather conditions
were clear and dry.

The first lift (7.5 in. (191 mm) thick loose measure) of crushed glass was placed and spread with a large,
rubber-tired, frontend loader over an ama of about 10 by 20 ft (3.0 to 6.1 m). Then the lift was compacted
with a total of 16 single direction passes of an Ingersoll-Rand Model DA-50, self-propelled, double smooth
drum vibratory roller vibrating and moving at a speed of 3±( ft/s (0.9 mIs). The roller had a gross weight of
22,500 lb (100 kN), combined drum weight of 12,100 lb (54 kN), and drum width of 6.25 ft (1.9 m). After
every two passes, the dry unit weight and water content of the compacted crushed glass were measured at the
surface at two random locations with a Troxier nuclear density gauge. At the completion of the 16 passes
with the roller, the lift thickness was 5.5 in. (140 mm).

A second 7 in. (178 mm) thick lift was placed, spread, and compacted the same as the first lift. However,
testing of the second lift included measuring the dry unit weight and water content of the crushed glass 6 in.
(152mm), below the surface, as well as at the surface. At the completion of compaction, the thickness of the
two lifts was 10 in. (254 mm).

Bag samples of the crushed glass were obtained before any compaction and after completion of all
compaction between the surface and a depth of 2 in. (51 mm) and below a depth of 6 in. (152 mm). The bag
samples were utilized for laboratory grain size distribution testing.

The results of the in-place dry unit weight and water content tests are presented in Table 2. After about
eight passes and increasing as the number of passes increased, it was obvious that the crushed glass was
becoming tighter and that the very upper surface of glass particles was breaking down. Basedon the test
results, it appeared that the optimum number of passes of the roller was about 10. An increase in the
number of passes increased the dry unit weight, but only by less than 1% in the first and second lifts
between 10 and 16 passes. Six inches (152 mm) below the surface of the second lift, the dry unit weight
increased by 3.4% between 10 and 16 passes. It is also interesting to note that the dry unit weight only
increased by 3.4% between six and 16 passes and by 5.0% between four and 16 passes. The water content
of the crushed glass ranged from 1.0 to 2.5% with an average of 1.7%. These test results were similar to
those obtained from the WMX crushed glass test section.
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Table 2. Field Test Results from Anheuser-Busch Crushed Glass Test Section

First Lift Second Lift
Surface Surface Surface Surface 6 In. Below Surface

Dry Unit Water Dry Unit Water Dry Unit Water
No. Weight Content Weight Content Weight Content

Passes (pci) (%) (pci) (%) (pci) (%)
0 95.3 1.0 98.3 1.4 — —

2 102.0 1.2 107.0 1.7 106.3 1.6
4 105.8 2.5 107.9 2.1 108.1 1.8
6 104.9 1.1 107.6 2.2 109.9 1.9
8 105.6 1.0 107.8 2.0 110.1 2.0
10 106.2 1.5 111.5 1.1 109.8 1.3
12 106.8 2.5 109.4 1.8 110.7 2.1
14 106.1 1.8 110.3 2.1 110.5 1.9
16 106.9 1.3 111.9 1.8 113.5 1.4

Notes:
1. Roller was an Ingersoll-Rand Model DA-50, self-propelled, double smooth drum vibratory roller with a

gross weight of 22,500 lb (100 kN), combined drum weight of 12,100 lb (54 kN), and drum width of
6.25 ft (1.9 m).

2. Test section subgrade was level, well stabilized slag area.
3. Dry unit weight and water content measurements were made with a Troxier nuclear density gauge.
4. Dry unit weight and water content results shown are the average of two measurements.
5. First lift was 7.5 in. (191 mm) thick before compaction and 5.5 in. (140 mm) thick after compaction.

Second lift was 7 in. (178 mm) thick before compaction, and the total thickness of both lifts was 10 in.
(254 mm) after compaction.

6. A pass is compacting in a single direction or crossing over any point one time with both drums of the
roller.

7. 1 pcf= 0.1571 kN/m3,I in. = 25.4mm

The compacted shrinkage factor, based on the change in the dry unit weight between the loose and well
compacted (after completion of the optimum number of passes) conditions was about 11% for the WMX
crushed glass and about 13% for the Anheuser-Busch crushed glass.

Since the crushed glass in the test sections had very little lateral confinement, the measured thickness of crushed
glass before and after compaction are of little importance. However, the relative reduction in thickness before and
after compaction of 12.5% for the WrvlX crushed glass (after 24 passes per lift) and 31% for the Anheuser-Busch
crushed glass (after 16 passes per lift) is probably directly related to the loose lift thickness and the compaction
energy provided by the compaction equipment.

The above test results indicate that the crushed glass from both recycling sources had a loose dry unit weight
of approximately 97 pcf (15.2 kN/m3). The WMX crushed glass had a compacted dry unit weight (after 12
passes) of 108± pcf (17.0 kN/m3) and the Anheuser-Busch crushed glass had a compacted dry density (after
10 passes) of 109± pcf (17.1 kN/m3).
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Based on observations at both of the test sections, it appeared that the crushed glass might be breaking down
into smaller particles after several passes of the roller on each lift. Therefore, a number of bag samples, both
before and after compaction, were taken of the crushed glass and grain size analyses were performed on the
samples. A summary of the test results is presented in Table 3. The grain size distribution of both sources of
crushed glass essentially ranged between 1/2 in. (12.7 mm) and No. 200 (0.0029 in., 0.074 mm) sieve sizes,
with the crushed glass particles having a textural classification of medium to coarse sand with fine gravel. The
Anheuser-Busch crushed glass was somewhat coarser than the WMX crushed glass, particularly between the
l/2in. (12.7 mm) and No. 16 (0.0469 in., 1.19 mm) sieve sizes. The WMX crushed glass was found to have
only a slight breakdown in the particles after extensive compaction. However, test results on the Anheuser
Busch crushed glass after compaction were inconclusive due to localized grain size variations. Apparently, any
visual observation of particle breakdown during compaction at the test sections was limited to the very top
surface rather than throughout most of the lift thickness.

Table 3. Summary of Crushed Glass Grain Size Analysis Test Results

Percent Passing by Weight
WMX Anheuser-Busch

Sieve Before After Before
Size Compaction Compaction Compaction

3/4 in. 100.0 100.0 100.0
1/2 in. 100.0 100.0 100.0
3/8 in. 99.4 98.7 93.6
No. 4 78.9 79.6 61.6
No. 8 39.2 41.4 32.6

No. 10 33.1 34.8 27.6
No. 16 17.7 19.1 14.6
No. 30 7.6 8.9 6.4
No. 50 3.5 4.3 3.2
No. 70 2.3 3.0 2.3
No.100 1.7 2.1 1.6
No. 140 1.1 1.3 1.1
No.200 0.8 1.0 0.8

Notes:
1. Tests are on washed samples.
2. WMX test results before and after compaction are each the average of two tests. Anheuser-Busch test

results are from a single test.
3. Test results on Anheuser-Busch samples after compaction were inconclusive due to localized grain size

variations. Therefore, these test results have not been reported.
4. lin.=25.4mm.

A single triaxial compression test was performed on a sample of the WIVIX crushed glass. The sample tested
was remolded to a dry unit weight of 106 pcf (16.7 kN/m3 ) and 0 water content. The test measured a fric
tion angle of 370 and 0 cohesion. No triaxial compression tests were performed on the Anheuser-Busch
crushed glass, however, similar results would be expected.
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Loss on ignition tests were also performed on samples of the crushed glass from both recycling sources. Two
tests on the WMX crushed glass measured 0.3 and 0.5% loss on ignition. The single test on the Anheuser
Busch crushed glass measured 0.19% loss. These tests indicate that there is very little paper and plastics by
weight in the crushed glass.

Specific gravity tests performed on several samples of the WMX crushed glass measured values ranging from
2.45 to 2.54. These measured values are somewhat less than the typical values of 2.6 to 2.65 for a silica sand.
No specific gravity tests were performed on the Anheuser-Busch crushed glass, but the specific gravity would
be expected to be similar.

Based on the above field and laboratory testing, the characteristics and design parameters of the WMX
crushed glass are summarized in Table 4. Even though Table 4 does not include the Anheuser-Busch crushed
glass, primarily due to the limited laboratory testing performed, it is anticipated that its characteristics and
design parameters would be very similar.

Table 4. Summary of Characteristics and Design Parameters of the WMX
Crushed Glass

Textural Classification Medium to Coarse Sand with Fine Gravel
Maximum Particle Size 1/2 in.
Minimum Particle Size 0.0029 in.
Portion Passing No. 4 Sieve 79±%
Portion Passing No. 10 Sieve 33±%
Portion Passing No. 40 Sieve
Portion Passing No. 200 Sieve
Paper and Plastic 0.4±%
Specific Gravity 2.5±
Friction Angle (0) 37±ob
Cohesion (c) 0
Loose Dry Unit Weight 97± pcf = 2,600±lb/yd3
Compacted Dry Unit Weight 108± pcf = 2,900±lb/yd3
Maximum Dry Unit Weight Not able to determine from Proctor compaction

or vibratory table tests.
Compacted Shrinkage Factor 11± %

Notes:
1. The above characteristics and design parameters are based on limited

laboratory and field testing and should be considered approximate.
2. 1 in. = 25.4mm, 1 pcf= 0.1571 kN/m3
a - Average of test results on No. 30 and No. 50 sieves.
b - Based on single triaxial compression test.

Based on the results of the field testing completed at both test sections and laboratory testing performed
on samples of the crushed glass selected from the test sections, it was determined that either the WMX or
Anheuser-Busch crushed glass could be used as structural fill to support the MRE However, specific
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construction procedures and compaction criteria must be developed for the crushed glass. There were also
environmental, building permit, liability, and public opinion considerations.

Benefits that could be realized from utilizing the crushed glass as structural fill included the following:

1. Substantial cost savings since the crushed glass was considerably less expensive to purchase and trans
port to the jobsite.

2. . Utilizing crushed glass from recycled glass containers to support the MRF could result in very posi
tive publicity at the local, state, and national levels.

3. Payment for a recyclable material that otherwise would be stockpiled indefinitely or would be used in
a marginal manner, such as daily cover at the landfill or to stabilize haul roads in the nearby aggregate
mining operations.

The environmental and building permit issues were resolved after receiving permission from the appro
priate authorities to use the crushed glass as structural fill. As primarily an environmental concern, it was
decided that none of the crushed glass would be placed below the normal groundwater level.

The liability issue primarily resulted from the fact that it could not be documented anywhere that crushed
glass had been used as structural fill to support a substantial structure. After much discussion with other
geotechnical engineers, development of the stringent compaction criteria, and a design that confined the
crushed glass on all sides with well compacted sand/gravel fill, it was decided that any additional risk of
using the crushed glass was very small.

From a public opinion consideration, it was decided that the positive aspects of using the crushed glass as
structural fill outweighed any negative reaction that might arise because the glass was not being recycled
into new glass containers or some manufactured product.

The following construction procedures and compaction criteria were developed for use of the crushed glass
as structural fill to support the MRF:

1. Unless otherwise specified below, place and compact the crushed glass in accordance with the project
earthwork specifications.

2. Place the crushed glass in loose lifts no greater than 8 in. (203 mm) thick. Compact each lift with at
least eight overlapping passes of the Tampo Model RS-28 vibratory roller operated at a maximum
speed of 2 ft/s (0.6 m/s).

3. Compact the crushed glass to a minimum dry unit weight of 108 pcf (17.0 kN/m3)at a minimum water
content of 4%.

BACKFILLING WITH CRUSHED GLASS

A 3.5 ft (1.1 m) thick crushed glass layer was designed to be placed beneath the entire area of the MRF. The
crushed glass layer was designed to be completely confmed with the top of the layer below the lowest grades
around the MRF at the time of backfluing and capped by 5 ft (1.5 m) of compacted sand/gravel structural fill.
The bottom of the crushed glass layer was 1.5 ft (0.5 m) above the normal groundwater level and underlain
by 6.5 ft (2.0 m) of compacted sand/gravel structural fill.
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After the initial 8 in. (203 mm) loose lift of crushed glass was placed over the entire excavation area,
compaction was begun utilizing the Tampo Model RS-28 vibratory roller. After four passes with the roller,
the dry unit weight and water content of the material were still well below the respective minimum specified
values of 108 pcf and 4%. Typically, the water content was less than 2%. An attempt was made to raise the
water content by wetting the in-place material using a water truck. Because of the cohesionless nature of the
material and its loose consistency, the water truck had difficulty trafficking over the crushed glass. The water
truck got stuck frequently and had to be pulled out with the dozer. The water truck also greatly disturbed the
surface creating ruts 2 to 4 in. (51 to 102 mm) deep. Figure 4 shows that trafficking problems were also
encountered with the trucks hauling the crushed glass.

A section about 15 ft (4.6 m) wide was chosen on the west side of the excavation for concentrated compactive
effort to determine the effects of adding water and performing additional passes with the roller. Even after
additional watering and compacting this section with a total of eight passes of the roller, the dry unit weight
of the crushed glass was still averaging less than 105 pcf (16.5 kN/m3) and the water content was only
slightly above 2%. However, the test results suggested that when the water content was increased the dry unit
weight of the material increased with further compactive effort.

It appeared that due to the difficulty of adequately wetting the crushed glass, it might not be possible to obtain
the required compaction without changes in the compaction procedures. The site work contractor decided to
try the heavier Ingersoll-Rand Model DA-50, self-propelled, smooth double drum vibratory roller that was
used at the Anheuser-Busch test section.

Two sections of the excavation were selected for compaction with the double drum roller. Water was added
to the first section and no water was added to the second section. Both sections had previously been
compacted with five or six passes of the single drum roller with resulting dry unit weights typically below

Figure 4. TraffiCking Problem for Trucks Hauling Crushed Glass
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104 pcf (16.3 kN/m3). After eight passes of the double drum roller, average dry unit weights and water
contents measured 4 to 6 in. (102 to 152 mm) below the surface were, respectively, 110 pcf (17.3 kN/m3)
and 4% in the first section (water added) and 108 pcf (17.0 kN/m3)and 2.7% in the second section (no water
added). Field density testing of the compacted crushed glass is shown in Figure 5.

Based on the above test results and considering the difficulty of watering the crushed glass, the compaction
criteria was changed to the following:

1. Use the double drum vibratory roller operated at a maximum travel speed of 3 ft/s (0.9 m’s).
2. Provide a minimum of six passes of the double drum roller per 8 in. (203 mm) thick (loose measure) lift.
3. Obtain a minimum dry unit weight of 108 pcf (17.0 kNIm3) with no minimum water content required.

The new compaction criteria worked well using the heavier double drum vibratory roller. Most of the time,
the required minimum dry unit weight of 108 pcf (17.0 kN/m3)was obtained with the required minimum
six passes of the roller. No more than 10 roller passes were required to obtain the required minimum dry
unit weight. The heavier roller also resulted in the crushed glass being compacted more quickly and effi
ciently. Figure 6 shows the first lift of sand/gravel fill being placed over the completed layer of compacted
crushed glass.

Essentially, all of the stockpiled WMX crushed glass was used beneath the MRF. A small quantity of crushed
glass was also utilized from Anheuser-Busch Recycling Corp., as well as Otter Recycling. A total of 5,000±
yd3 (3,823 m3) or 7,500± tons (66.7MN) of crushed glass was used. The MRF was constructed, as shown
in Figure 7, and has been operating as designed for over 3 years at this time. Because of the innovative use
of the crushed glass as structural fill supporting the MRF, the project has won several awards and received
special recognition.

Figure 5. Field Density Testing of Compacted Crushed Glass
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CONCLUSIONS AND RECOMMENDATIONS

After observing and evaluating the two crushed glass test sections and installation and compaction of
the crushed glass within the MRF excavation and studying the results of laboratory testing of the
crushed glass, it appears that the crushed glass could be greatly improved as a structural fill if it was
crushed fmer. If the crushed glass graded texturally as a well-graded fine to coarse sand with between
5 and 10% by weight passing the No. 200 sieve, it would be much more desirable as structural fill
because of the following:

1. A moisture-density relationship could be determined for the material so that the percent compaction
could be measured in the field.

2. The finer material would fill more of the voids resulting in higher unit weights, greater strength, and less
compressibility.

3. Because of the greater fines, it would be easier to adjust the water content in the material, since the fines
would tend to hold the water better than the coarser particles which allow the water to drain rapidly from
the material.

4. The finer crushed glass should be more readily compactible and much easier to traffic on by the construc
tion equipment.

Based on the test results, it is apparent that during compaction the dry unit weight increases as the water
content increases. The upper limit of the water content that increases the dry unit weight was not deter
mined. However, it appears that the water content should have a lower limit between 2 and 4% for efficient
compaction to occur. If crushed glass cannot be crushed fmer, as recommended above, it is recommended
that the crushed glass be soaked thoroughly utilizing one of the following procedures:

1. Soaking each lift before compaction with water pumped from a high volume and high pressure hose.
2. Frequently soaking the stockpile of crushed glass.
3. Flooding the crushed glass after it has been loaded for transport to the site. Flooding could occur either

immediately after loading or immediately prior to unloading.

Any one of the above procedures should assure a reasonable minimum water content at the time of
compaction, if the crushed glass is placed and compacted right away. However, if the crushed glass is placed
over relatively impermeable or moisture sensitive soils, the excess water could be a problem, resulting in
pumping of the subgrade and crushed glass.

Apparently, using crushed glass as structural fill has little or no history or has not been well documented in
published literature. At the time of this project, a literature search found no published cases where crushed glass
had been used as structural fill. Any previous experiences utilizing crushed glass as structural fill should be
published in technical publications and presented at conferences and seminars. Research programs at colleges
and universities should be studying uses for crushed glass. A technical committee or sub-committee within
national technical organizations such as the American Society of Civil Engineers, Transportation Research
Board, etc. should also be established to study and evaluate uses for the crushed glass. Other uses should be
considered, as well, such as the aggregate in concrete, flowable fill, asphaltic concrete, etc.

Based on recent communications with organizations interested in using crushed glass as structural fill on
projects, it is apparent that there is a serious potential for misuse. An experienced geotechnical engineer
should be involved in the project and directing the testing and evaluation of the crushed glass. Adequate field
and laboratory testing should be conducted and construction procedures and compaction criteria developed,
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followed, and documented. The appropriate permitting agencies should be notified and permits or written
approval received to use crushed glass as structural fill for the specific project.

Until adequate study of crushed glass as structural fill has been conducted, documented, and published and
guidelines well established for its use, it should only be used in what would be considered by the user as
non-critical areas. If crushed glass is used in an application that results in failure of or serious damage to a
facility, it could have a major negative impact on the future use of crushed glass as structural fill.
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SETTLEMENT OF SHALLOW FOUNDATIONS ON UNCONTROLLED MINE
SPOIL FILL

By J. Richard Cheeks,’ P.E., Member, ASCE

ABSTRACT: The project consists of a five-building motel facility, constructed on a previously mined site in
eastern Kentucky. Two geotechmcal engineering investigations of the site failed to identify the depth of mine
spoil on the site. The first geotechnical engineer recommended the total removal of the uncontrolled mine spoil
from beneath the buildings. The second geotechnical engineer recommended only partial removal of the mine
spoils directly beneath the footings. The project participants ultimately adopted the second approach for con
struction and, before completion of the project, settlements of about 0.5 m rendered building 1 unusable. Within
five years, building I settled about I m. In addition, the west end of building 2 had settled about 300 mm. The pmj

-ect developers hired the writer to determine the cause of the settlement and provide testimony in the case. This
paper presents the site and project histories, a description of the writer’s investigation, a discussion of the results,
a description of the dispute resolution processes used for the case, and the writer’s suggested procedural changes.

SITE HISTORY

The proposed site had been strip-mined in the 1970s by the
contour method. The coal operator mined two coal seams, sep
arated by about 23 m. The high wall (cut slope) between the
coal seams was very steep, about 1/2:1 [horizontal:vertical (H:
V)). This mining occurred before the enactment of the 1977
mine reclamation act.

Mine spoils are the earth materials removed during strip
mining to expose the coal seam. These materials include fine-
and coarse-grained soil, top soil, and various types of rock
including shale, sandstone, siltstone, and occasionally lime
stone. Since the mine operator’s primary interest is extracting
the coal at minimum cost, no attempts are usually made in the
normal mining process to separate the soil from the rock, or
ganic from inorganic soils, or coarse-grained from fine-grained
material. Furthermore, mine operators often dispose of other
substances such as tree stumps and root systems, scrap metals,
tires, and other deleterious materials within mine spoil fill; thus
the descriptor “undifferentiated.” Therefore, these fills are
very heterogeneous and the engineering properties vary over
wide ranges.

This coal operator placed the majority of the undifferen
tiated mine spoil into a hollow fill. The operator also covered
the mine benches with mine spoil, completely hiding the high
wall and both mine benches from view. The fill configuration
also hid from view the location of the hollow fill, particularly
when observed from the reclaimed mine bench area. Most of
the high wall, formed to mine the upper seam, is still visible.

During the 1980s, the property owner placed less than I in
of additional fill material on the site to increase the uniformity
of the surface topography of the postmining bench area. The
topographic conditions on this site and adjacent areas clearly
indicated that major regrading, probably mining related, had
occurred. Subsequent to the last grading episode, the mine
operator offered the site for sale or lease.

PROJECT HISTORY
Motel Developers Lease Site and Hire Architect

In 1986, motel developers decided to build and operate a
motel facility in an Eastern Kentucky city. The developers

‘Pres., Stokley-Cheeks and Associates, Inc., 2506 Sugar Creek Pike.
Nicholasville, KY 40356.

Note. Discussion open until April 1, 1997. To extend the closing date
one month, a written, request must be filed with the ASCE Manager of
Journals. The manuscript for this paper was submitted for review and
possible publication on June 19, 1995. This paper is part of the Journal
of Performance of Consfructed Facilities, Vol. 10, No. 4, November,
1996. ©ASCE. ISSN 0887-382819610004-0143—015 l/$4.00 + S.50 per
page. Paper No. 11017.

agreed to a multidecade lease of this site, obtained a motel
franchise from a national chain, secured financing, and hired
an architect. The national motel chain recommended the hired
architect to the developers because the architect had design
experience with facilities owned and operated by the chain.

Geotechnical Evaluation of Site

At the request of the architect, the developers hired the first
geotechnical engineer in August 1986 to perform subsurface
exploration and testing at the site. The project included four,
two-story rental unit buildings and a single-story commercial
building. All the buildings used masonry bearing wall con
struction. Fig. 1 shows the facility located on the site. This
drawing also illustrates the approximate location of the buried
high wall.

The irregularly shaped site was approximately 180 m long
(east to west) and approximately 75—90 m wide (north to
south). The relatively level site required little or no additional
fill to achieve the finished floor elevations for the buildings.

The exploration program performed by the first geotechnical
engineer included six soil test borings and five back-hoe—ex
cavated test pits. The engineer distributed these explorations
across the site, generally within the limits of the proposed
structures. Fig. 1 also shows the approximate boring and test
pit locations.

The drillers used hollow stem augers to make the borings.
The augers met refusal materials at depths of about 2.5—5.5
in. The drillers terminated the borings upon refusal of the au
gers and did not use rock coring, or other procedures, to sam
ple and examine the nature and continuity of the refusal ma
terials. The test pits were about 1.8 m deep.

The first geotechnical engineer interpreted the auger refusals
as representing the top of the bedrock system. Considering this
interpretation of the field data, the engineer developed and
presented a conceptual model of the site subsurface in the soils
report. This model represented that the mining produced a sin
gle mine bench, covered with 2.44—3.65 rn of spoil material.
Table 1 presents the depths to rock and auger refusal for the
borings made by the first geotechnical engineer.

Mine operators before 1977 generally placed mine spoils
without any control with respect to fill content, placement
methods, or compaction. Therefore, the first geotechnical en
gineer recommended that all the fill within 3 m of the struc
tures be undercut and replaced with acceptable engineered fill.
These excavations would extend to bedrock over about 5,600
m2 of the approximate 1.4 ha site. Considering the 2.5—3.65
m refusal depths, the total anticipated excavation volume
ranged from 15,000 and 25,000 m3.

The first geotechnical engineer issued a soils report for the
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NOTE SECTION A—A’ IS SHOWN ON DRA’w’ING NUMBER

FiG. 1. Site Plan with Boring and Test Pit Locations of First Geotechnical Engineer

TABLE 1. Summary of Boring Data of First Geotechnlcai En
gineer

Boring number Depth to rock Depth to refusal
(1) (2) (3)

1 3.65 4.57
2 3.65 4.57
3 3.65 5.49
4 2.60 5.18
5 3.65 3.65
6A 2.44 2.44

project and site. The architect incorporated the geotechnical
recommendations into the project plans and specifications.

Construction Phase

In December 1986, the developers and the contractors en
tered into a construction contract to build the motel according
to the project plans and specifications. The contract value in
cluded a maximum, not to exceed cost, plus a fixed fee. It also
included an incentive clause for contractor-generated cost sav
ings. According to the contract, the owner’s maximum cost
reduces by 25% of any such project cost savings. The remain
ing 75% of the cost savings would accrue to the contractor’s
fee.

Contractor-Obtained Second Geotechnical Opinion

One area of significant cost for this project was the undercut
and replacement of the mine spoil fill within 3 m of the struc
tures. Project documents indicate the contractor included
$250,000 in his bid for the undercutting and backfilling. In
January 1987, the contractor hired a second geotechnical en
gineer to revisit the foundation design and construction re
quirements and to specifically recommend a less costly foun
dation preparation.

This second geotechnical engineer drilled three additional

soil borings and excavated three additional test pits. As with
the borings and pits made for the first investigation, these bor
ings and test pits also spanned the site. Fig. 2 shows these
approximate boring and pit locations on the same base map
shown in Fig. 1. Table 2 presents the depths to rock and auger
refusal for the borings made by the second geotechnical en
gineer. These boring logs indicate refusal depths of 3—4 m,
and the engineer stated in the written soils report that all pits
and borings terminated in virgin strata below the fill zone.
However, as with the first geotechnical investigation, the sec
ond investigation did not include rock coring or any other
procedures to examine and evaluate the nature and continuity
of the refusal materials. The second geotechnical engineer also
adopted a single mine bench model for the site.

New Foundation Preparation Procedure
Recommended

The second geotechnical engineer provided the contractor
with recommendations that differed significantly from the total
removal. The new recommendations called for partial under
cuts only beneath the footings. The second geotechnical en
gineer recommended undercuts to a depth of about 1 m below
the bearing level. The documents indicate that the new rec
ommendations reduced project costs by about $200,000.

The first geotechnical report was relatively silent about post-
construction Settlement, but recommended total fill removal
because he believed that large, unequal settlements were likely.
The second geotechnical engineer estimated that total postcon
struction settlements should be about 50 mm. He also esti
mated that differential settlements should be less than 25 mm
over a horizontal distance of at least 7.5 m.

New Foundation Preparation Procedures Adopted

The contractor presented the second geotechnical recom
mendations to the architect and structural engineer for their

PC:NT CE WATER ENTRY INTO MINE SPOIL.
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approval. The structural engineer contacted the first geotech
nical engineer for his concurrence. However, the first geotech
nical engineer refused to concur and pointed out the nature of
the risks associated with building on uncontrolled, undiffer
entiated mine spoil fill, specifically the risk of large differential
settlements. It is unclear what role, if any, the first geotechnical
engineer would have played during the construction phase if
he had agreed to the change. However, his refusal to agree to
the less costly approach ended his involvement on the project,
and the second geotechnical engineer, hired by the contractor,
effectively became the geotechnical engineer of record.

The architect and structural engineer agreed to the modifi
cation, and the contractor proceeded on that basis. The con
tractor hired the second geotechnical engineer to observe the
foundation phase including the footing undercuts and backfill.
Construction began in February 1987 with building 1 near the
west end of the site, and progressed to the east. By August
1987, the contractor had completed the foundations, and the
second geotechnical engineer’s field representatives had left
the site.

Settlements Are Observed

The contractor first became aware of significant settlement
in Building 1 in August 1987. These movements were first
observed when the prefabricated iron railing for the second

floor walkways would not fit along the length of Building I
without modifications that extended some of the legs over 50
nun at the center of the span to compensate for the deflected
shape of the structure. The contractor also made similar ad
justments at the roof line of Building I for the parapet wall.
There was clear evidence of significant differential settlement
at Building 1.

Subsequent to August 1987, when the contractor first ob
served the deflections in the second floor walk, cracks ap
peared in the masonry of Building 1. The contractor pointed
up these cracks and continued working on Building 1 without
contacting anyone about the settlements, until December 1987.
By that time, Building I was substantially complete, settle
ments had reached the 75—125 mm range, and cracks were
reappearing in the masonry units.

FAILURE INVESTIGATIONS

In December 1987, the contractor asked the geotechnical
engineer of record to investigate the observed deflections. In
February 1988, the second geotechnical engineer drilled six
additional borings around Building 1. The investigation also
included level surveys to estimate the magnitude of the move
ments.

Settlements were continuing to occur. The second geotech
nical engineer estimated that differential movements had ex
ceeded 250 mm by March 1988. This differential occurred
between the center and east end of Building 1.

The second geotechnical engineer located five borings. B
1A, B-IB, B-2, B-4A, and B-4B along the north face of Build
ing 1. The engineer located boring B-S near the southeast cor
ner of Building 1. The report did not include a boring B-3.
Fig. 3 shows these approximate boring locations on the same
base map used for Figs. 1 and 2. The drillers performed rock
coring in B-lB. B-2, B-4B, and B-5. Table 3 presents the
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TABLE 2. Summary of Boring Data of Second Geotechnical

FiG. 2. SIte Plan with Boring and Test PIt Locations of Second Geotechnical Engineer
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TABLE 3. Summary of Boring Data of Second Geotechnlcal
Engineer during Settlement InvestIgation. February 1988

Boring number Depth to rock Depth to refusal
(1) (2) (3)
LA Not cored 2.53
lB 18.59 8.84
2 9.60 6.04
4A Not cored 2.13
4B 23.68 14.66
5 24.57 6.49

depths to rock and auger refusal for the borings made by the
second geotechnical engineer during his investigation of the
settlements.

THIRD GEOTECHNICAL ENGINEER INVESTIGATES
SETTLEMENTS

The developers of the project contracted the writer in May
1988 to:

• Review the settlements.
• Evaluate the adequacy of the foundation system with re

spect to its design and as built conditions.
• Provide testimony relative to their litigation with the con

tractor, the architect, the structural engineer, and the sec
ond geotechnical engineer.

After reviewing the project documents and the various geo
technical reports, the writer conducted an independent inves
tigation of the site. Prior to beginning the field explorations,
the writer interviewed the original mine operator and learned
that he had mined a second coal seam from the western portion
of the site. The writer’s investigation included 21 borings that
defined the range of subsurface conditions. This investigation
addressed:

• The range of thickness of the mine spoil fill
• The location of the outer edges of the upper and lower

mine benches
• The location of the buried high wall
• The standard penetration resistance of the mine spoil fill
• The probable cause of the settlement
• Estimates of future movements
• Recommendations for remedial construction.

The author drilled these borings according to ASTM D-1586
using an NW casing advancer to drill the bore holes through
the boulder-laden mine spoil fill. The drillers continued using
this method until the casing advancer penetrated at least five
consecutive feet of rock. At that depth in 12 of the borings,
the drillers changed to NX rock-coring procedures to sample
the underlying bedrock and verify its nature and continuity.
This criterion was successful in locating the top of the rock
before core drilling. The drillers made the remaining nine bor
ings in proximity to cored borings to locate and profile the
buried high wall. At nine of the boring locations, the writer
converted the bore holes to 50 mm inside diameter (ID) stand-
pipe monitoring wells. In addition, the writer converted two
borings to slope inclinometers. Fig. 4 shows these approximate
boring locations on the same base map used for the previously
cited figures. Table 4 presents the depths to rock for the bor
ings made by the writer.

The writer established a settlement monitoring program by
setting points on 7.62 m (25 ft) centers in the grassed and
paved areas around the structures. In addition, he established
monitoring points on all the structures at the ground, second
floor, and roof levels. Monitoring continued through July 1992
when arbitration hearings began. By the end of this monitoring
period, maximum movements were just under 1 m near the
center of Building 1. The west end of Building 2 experienced
differential settlements of about 250—300 mm.
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FIG. 3. Site Plan with Boring Locations of Second Geotechnical Engineer’s Investigation of Settlement, February 1988
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FIG. 4. Site Plan with Boring Locations of Third Geotechnicai Engineer’s investigation of Settlement, June through July1988

TABLE 4. Summary of Boring Data of Second Geotechnlcal
Engineer during Settlement investIgation, June through July
1988

Boring number Depth to rock Boring number Depth to rock
(1) (2) (3) (4)

P-i 4.15 P.9 6.16
P-2 3.78 B-9A 5.09
B-3 4.11 B-9B 8.75
P.4 4.26 S-tO 24.48
P-S 4.57 P-li 24.11
P.6 3.87 S-13 28.07
P.7 4.78 B-14 3.57
P-8 7.83 B-iS 5.73
B-8A 7.47 B-16 7.71
B-8B 9.60 B-il 9.17

INTERPRETATION AND ANALYSIS OF RESULTS

The writer located the buried high wall between the two
mine benches with three sets of closely spaced borings. It
passes beneath the west end of Building 2, just east of Build
ing 1. The borings penetrated 4—28 m of mine spoil fill over
lying the bedrock system. The depth to rock was about 4 m
east of the buried high wall, and about 24—28 m west of the
high wall. Fig. 5 illustrates approximate settlement contours
for Building 1 and the west end of Building 2.

The survey data indicate that all the structures experienced
postconstruction settlements. The commercial building, swim
ming pool, and rental unit buildings 3 and 4 were completely
above the shallow mine bench on about 4 m of mine spoil.
These structures settled about 120—iSO mm. Rental unit
Building 1 was entirely over the deeper mine bench, and
Building 2 extended over the high wall between the benches.
The east end of Building 2 settled about 150 mm, which is
similar to the magnitude of the movements measured at the
other buildings. However, the west end of Building 2 settled
about 300 mm. The majority of the differential settlement oc

curred in the west one-third of Building 2 where it extended
over the buried high wall and the deeper mine spoil fill.

The maximum movements of Building 1 were about 0.4 m
in July 1988. These settlements continued to occur and were
about 1 m in 1992 when the monitoring ended. The developers
could never place Building I into service. Consequently, the
developers lost the income from 36 of the 108 rental units. In
addition, by 1992, the west end of Building 2 had experienced
distortions such that an additional eight rental units became
unusable.

A component of the total movements is undoubtedly due to
compression of the foundation materials under the structural
loads. The second geotechnical engineer estimated a maximum
of 50 mm due to these loads, and the writer does not take
issue with these estimates. However, the total observed move
ments included a more significant component of load-indepen
dent ground subsidence caused by internal erosion of fines
with in the fill into the large void system common in boulder-
laden fill material.

Significant ground subsidence at this site has been load-
independent as indicated by the patterns of subsidence in yard
and paved areas beyond the zone of influence of the footings.
For example, in June 1989, the pavements located 7—8 m
away from Building I had subsided 300—500 mm. These areas
continued to subside at approximately the same rate as Build
ing 1 over the following four years of monitoring.

Witnesses reported rapid entry of water into the mine spoil
fill from a ditch line 15 m north of Building 1. According to
witnesses, water flowing in the ditch during significant rains
entered the ground so rapidly that whirlpools formed over the
entry area. The second geotechnical engineer concluded after
his 1988 evaluation that the flow eroded soil-sized material
(fine sand, silt, and clay) from the spoils beneath the center of
Building 1. The writer agrees with that opinion. Fig. 5 shows
the magnitude of subsidence in the vicinity of buildings I and
2 at the time of surveys performed in June 1989. Note the
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FIG. 5. SIt. Plan with settlement Isopachs for BuIlding 1 and West End of Building 2, June 1989

relationship between the water entry point and the swale of
subsidence that passes beneath Building 1.

Section A-A shown in Fig. 5 is presented in Fig. 6. Fig. 6
illustrates the rapidly changing depth of fill beneath the west
end of Building 2.

The compression of the fill under the building weight, and
subsidence due to internal erosion were the primary mecha
nisms of the movements. However, the following procedural
shortcomings caused the failure.

1. Both geotechnical investigations failed to identify the
range of fill conditions that existed.

2. The second geotechnical engineer assumed the engineer
ing properties of the fill were better than they were.

3. The revised recommendations for limited undercuts elim
inated an opportunity to discover the actual depth of the
fill during construction.

4. The geotechnical engineer’s field representative failed to
recognize the significance of the very large boulders en
countered in the footing excavations.

5. The contractor continued work after observing large dif
ferential settlements.

Failure to Determine Fill Depths

Both investigations of the sites failed to identify the range
of fill depths. This occurred because the hollow stem augers
could not penetrate the large sandstone boulders contained in
the fill. In addition, both engineers assumed that the auger
refusal occurred when the augers encountered the upper bed
rock surface. However, auger refusal can and often does occur
in a variety of conditions. The factors that can cause auger
refusal include:

1. Bedrock
2. Weathered rock
3. Boulders

4. Deleterious substances within the fill

Rock core drilling can extend the bore holes into and possibly
through the refusal material and can provide samples for ex
amination.

In many instances, it can be acceptable practice to conclude
that auger refusal probably has occurred in either weathered
or fresh bedrock. However, those instances can occur because
the geotechnical engineer has adequate local experience with
similar conditions and has conducted a site inspection that
does not indicate prior cutting and filling on the site. When
this local experience and the site observations suggest an un
disturbed site, the geotechnical engineer many be able to rea
sonably predict the subsurface conditions before drilling at the
site.

This site did not satisf’ those general criteria. The 3 m var
iation in the reported refusal depths is inconsistent with the
single mine bench conceptual site model. Published geologic
maps of the site area indicate a near-horizontal bedding of the
coal seam. In addition, the writer’s experience has been that
a 3 m undulation of a coal seam over horizontal distances of
about 10—20 m is not common in the area. However, the var
iation in the refusal depths was not the only indicator contra
dicting the single mine bench model.

The motel site is about 45—60 m above a shopping center,
and an engineer can view the slope between these two levels
from the shopping center parking lot. Two contrasting slope
conditions exist below the motel site. At the east end of the
slope, the exposed slope surface is undisturbed, evidenced by
numerous exposures of the near-horizontal beds of bedrock.
To the west, the slope is a product of human activity. The
transition between these two conditions occurs near the center
of the motel site.

Finally, the U.S. Geological Survey (USGS) published a 7.5
minute topographic map of the site area in the 1950s. The
USGS revised this topographic mapping in the late I 970s, af
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FIG. 6. Cross Section of Site Subsurface Beneath Buildings 1 and 2 Showing iWo MIne Levels and Burled High Wall

ter the mining. A comparison of these maps reveals the general
extent of mine-related surface disturbances and the preexist
ence of a hollow next to the site. Published geologic maps for
the site indicate the two minable coal seams.

The initial site inspection by the writer in June 1988
strongly suggested the likelihood of deep mine spoil fills be
neath at least the Building 1 area, and possibly Building 2.
This observance from the shopping center level was confirmed
during an interview with the mine operator.

ASCE has published a series of manuals and reports on
engineering practice. Among these, Manual Number 56
(“Subsurface” 1976) was first issued in 1976. Appendix A of
Manual 56 specifically addresses artificial fills, such as the fills
on this site, as a problem soil or condition. Concerning arti
ficial fill, Manual 56 says:

Artificial fill such as dense granular material placed under
careful control may be more uniform, more rigid, and
stronger than almost all natural deposits. Conversely, fill
may be a heterogeneous mass of rubbish, debris, and loose
soil placed without control. Such fills are useless as a foun
dations material. Unless the conditions and control under
which it was placed are fully known, fill should be pre
sumed unsatisfactory. The investigations must be adequate
to establish its limits, depth, and characteristics throughout.

It seems clear that to establish the total depth of fill, veri
fication that the refusal material is not a boulder or some other
obstruction within the fill zone is imperative.

Engineering Properties of Mine Spoil

The second geotechnical engineer was unable to produce
settlement calculations from which he derived the 25—50 mm
settlement predictions. Of course, drillers are usually unable
to obtain representative undisturbed samples of a heterogene
ous boulder-laden fill, and modeling such a material for set-

tlement analysis requires caution. In addition, such fills can
have an unstable structure prone to internal erosion by piping
which cause long-term subsidence. This subsidence can and
often does occur gradually over time. However, when water
enters the fill rapidly, the subsidence can occur rapidly. The
second geotechnical engineer did not recognize these charac
teristics of undifferentiated mine spoil fill.

Limited Undercut Method Limits Opportunity to
Detect Variant Conditions

Very distinctive differences appear in the manner in which
the two geotechnical engineers recommended that the fill be
treated during construction. The first geotechnical engineer
was in error about the limits and thickness of the fill within
the building area. However, he recognized the heterogeneity
and generally poor characteristics of the fill for the foundation
support, and recommended the complete removal of the fill
material from beneath the buildings.

During the excavation phase, the variation between the ac
tual field conditions and those assumed for design should have
become readily apparent as the base of the mine spoil fill
would not occur at the expected depths. In all likelihood, upon
learning the actual conditions, the parties would have imple
mented a design change, probably avoiding the subsidence at
Building 1.

Of course, these corrections would have caused delays and
increased costs. The original geotechnical engineer may have
been responsible for part of these damages, particularly those
related to delays and redesign. He failed to verify the nature
of the refusal materials and misinterpreted the depth to bed
rock. However, a substantial part of any additional cost may
have become the owner’s responsibility, under the principle of
unjust enrichment. If the architect, structural engineer, and bid
ders had known about these conditions in advance, the foun
dation design would have been more complex and the con
struction bids would have been much higher.
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The second geotechnical engineer’s recommendations for
limited undercuts beneath the footings presumed the fill would
provide adequate support if the highly stressed zones of fill
directly beneath the footings are replaced with better material.
Unfortunately, consolidation of the fill due to building loads
was not the primary mechanism causing the observed differ
ential movements.

What is more important, the decision to partially excavate
the existing fill eliminated the last opportunity available to the
owner, the design team, and the construction to recognize
through construction observation the much greater fill depths.

Large Boulders Encountered in Footing Excavations

The footing excavations encountered several large sandstone
boulders. These boulders ranged in size from large cobbles to
more than 4.5 m. In geotechnical engineering, the misinter
pretation of the data from borings, such as the conditions caus
ing auger refusal, is always possible. That is one important
reason why geotechnical engineering requires and relies upon
an observational approach such that the knowledge about the
actual subsurface conditions expands as excavation of the site
occurs. Through these construction observances, the geotech
nical engineer of record identifies those conditions that vary
from the conceptual site model. The geotechnical engineer
then uses that expanded knowledge to modify the site subsur
face model accordingly. However, in this case the geotechnical
engineer’s field representatives failed to recognize the signif
icance of the large boulders encountered in the footing exca
vation.

Contractor Continued after Observing Settlements

The contractor knew, or should have known, in August 1987
that settlements had already exceeded the predictions of the
second geotechnical engineer. However, rather than notify the
architect, structural engineer, owner, or the second geotech
nical engineer to evaluate the movements, the contractor con
tinued working on the project. He also continued making field
modifications to force various components to fit the deforming
structure. The contractor had substantially completed Building
1 before notifying the second geotechnical engineer about the
settlement and cracking in December 1987.

LITIGATION RESULTS

The developers initiated litigation in this case in the spring
of 1988. The complaint named the contractor, the second geo
technical engineer, the architect, and the structural engineer as
defendents. The contract between the developers and the con
tractor had an arbitration clause that held both parties to ar
bitration proceedings if either party requested arbitration. The
contractor exercised this right. However, the developers chal
lenged arbitration in the courts because the other parties were
not included in the arbitration with the contractor.

After receiving an unfavorable ruling at the local trial court,
the contractor appealed the arbitration ruling the state Court
of Appeals. The Court of Appeals reversed the trial court and
ordered the developers into binding arbitration with the con
tractor while allowing litigation to proceed on an independent
track with the other parties.

The arbitration proceedings, held under the auspices of the
American Arbitration Association, occurred during July and
August, 1992. The court scheduled the trial with the remaining
parties for September 1993.

The contractor argued that he had constructed the motel
facility in accordance with the project plans and specifications.
The contractor also contended that he was not responsible for
the design errors committed by the architect, structural engi

TABLE 5. Summary of Damages Claimed by Developers

Approximate amount of
. damages claimed
Damage description (S)

(1) (2)

Demolition of building 1 100,000
Reconstruction of building I at new location

on site 1,100,000
Underpinning west end of building 2 400,000
Lost rental income for building 1 400,000
Other miscellaneous construction defects un

related to settlements 300,000
Total estimated damaged claimed 2,300,000

fleer, or either geotechnical engineer. The contractor tried to
distance himself from the second geotechnical engineer by
claiming that the developers had actually hired the second geo
technical engineer. The contractor claimed that the developers
paid for those services by reimbursing the contractor for the
expense. In the contractor’s opinion, the second geotechnical
engineer was a de facto member of the owner’s design team.

The developers argued that the second geotechnical engi
neer was a subcontractor hired and paid for by the contractor.
They argued that the reimbursement of the second geotech
nical engineer’s fees was consistent with the cost plus contract
terms. The developers also presented evidence that the total
damages increased because of the contractor’s failure to timely
notify the architect, developers, or the second geotechnical en
gineer about the settlements. If the contractor had notified the
appropriate parties earlier, they could have conducted the ap
propriate evaluations toward determining the cause and prob
able impact on the structures. The designers may have required
the contractor to suspend operations until the geotechnical en
gineer responded to these issues and determined the cause and
severity of the settlements.

The developers also presented evidence regarding the ap
proximate amount of damages, as presented on Table 5.

The arbitration panel decided that the contractor should pay
the developers $1,700,000 damages. This judgment against the
contractor was a significant allocation of responsibility. In the
writer’s opinion, the arbitration panel seemed to agree with
the developer’s arguments regarding the subcontractor status
of the second geotechnical engineer.

The focus of the case then shifted to the developer’s liti
gation with the architect, structural engineer, and the second
geotechnical engineer. The contractor reemerged in the court
action arguing that the contractor, not the developers, should
benefit from the geotechnical engineer’s professional liability
insurance policy. The contractor now reasoned that the second
geotechnical engineer was a member of the construction team
As such, the developers could not benefit twice from the same
party. The contractor also claimed that the negligence of the
second geotechnical engineer damaged the contractor, not the
developers. The contractor indicated that the geotechnical en
gineer’s insurance proceeds would defray the $1,700,000 ar
bitration judgment against the contractor.

Three days prior to the trial, the parties agreed to a com
prehensive settlement. In this final agreement, the developers
received a total cash payment of $1,900,000. The parties
agreed to keep the actual contributions confidential. However,
a developer’s representative told the writer that the architect
and structural engineer both lacked professional liability in
surance and significant attachable assets. Therefore, the con
tractor, through his performance bond, and the second geo
technical engineer, through his deductible and professional
liability policy, provided nearly all, if not all, of the final set
tlement.

This litigation and arbitration took more than five years to
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resolve and cost all of the parties substantially. Considering
the limited information available to the writer, the developer’s
litigation costs were about $750,000. The contractor and the
second geotechnical engineer each mounted substantial de
fenses that included expert consultation and testimony. The
architect and structural engineers each incurred legal costs dur
ing the five-year litigation even though their combined finan
cial contribution to the final settlement was probably insignif
icant. Considering this analysis, the total combined litigation
costs for this case certainly exceeded $1,000,000 and may
have approached the value of the final settlement.

LESSONS LEARNED

1. As stated in ASCE Manual No. 56, unless the conditions
and control under which fill has been placed are fully
known, fills should be presumed unsatisfactory. Investi
gations of existing fill should be adequate to establish
the limits, depths, and characteristics throughout the fill
zone. This requires that borings be extended completely
through the fill zone and only be concluded in virgin
stratum. In this regard, a geotechnical engineer should
approach previously filled sites with a healthy dose of
skepticism rather than treat the drilling and sampling pro
cess as routine. This healthy skepticism would bring into
question the cause of auger reftisal unless the engineer
properly confirms the refusal material is bedrock.

2. Design professionals should be cautious when others, ea
ger to reduce project costs, suggest design changes.
When the original design professional, as in this case,
expresses doubt about the proposed change, the level of
caution should be even greater. The design process is
complex and design professionals make many decisions
in reaching a final design approach. Second opinions dur
ing the design process are often helpful, and project peer
review can improve the cost-effectiveness of the final
design. However, it has been the writer’s experience that
it is often a mistake to accept design changes too quickly.
Often, design professionals forget some of the salient
factors that contributed to their design decision. As a
result, a suggested revision may initially appear accept
able when it is not. A responsible design professional
will review the original decision-making process to iden
tify all the factors considered in making the original de
cision. The prime design professional should be sure to
obtain concurrence for any proposed change from all re
lated members of the design team before accepting it. In
this case, the original geotechnical engineer was fired
when he expressed doubt about the proposed change.

3. The design team members should coordinate construc
tion monitoring to properly identify and evaluate variant
conditions. This requires that the field representatives
have an understanding of the design assumptions, the
expected subsoil conditions, and the intent of the design.
The design professional should brief their field represen
tatives and instruct them to bring all conditions that ap
pear to differ from those anticipated to the designer’s
attention. In the case of geotechnical work, this requires

a field representative that understands the borings, field
and laboratory tests, and analyses for the project. Simi
larly, the design professionals must remain receptive to
such communications and respond to each in a serious
fashion.

4. Contractors must report variant conditions to the archi
tect, engineer, or owner promptly. If necessary, the con
tractor must also cease work until the design team and
owner evaluate the significance of the changed condition.
Failure to act in this manner can shift liability from the
owner or design team to the construction team, even
when the variant condition is clearly unrelated to the
contractor’s activities.

5. Construction disputes are often complex because they in
volve multiple parties and disciplines. The interrelation
ship of the parties and disciplines becomes even more
confused by a divided dispute resolution process. In this
case, the developers had to conduct their case on dual
tracks, increasing both the time and expense of the case.
The contractor also had to proceed on dual tracks and
prepare for court while they litigated the arbitration issue
because the contractor could not be certain to prevail on
the arbitration issue. Whenever possible, the parties
should consolidate into a single dispute resolution pro
cess to assure that the triers of fact hear all relevant ev
idence.

6. The project documentation in this case was sparse.
ASCE should encourage all design and construction pro
fessionals to fully document project-related meetings,
phone conversations, decisions, etc. The writer believes
that the prime design professional should function as the
official repository for all project documentation. All par
ties should acknowledge and recognize the prime design
professional’s record as the official project record. This
will require new standard contract language for all prime
and subcontracts for the project. The contract could re
quire all project participants to maintain their own in
dependent documentation record and forward record
copies to the prime design professional for inclusion in
the official project record. The contract should also pro
hibit a party from modifying the official record relative
to an issue in dispute after the dispute has occurred. The
official record should be available for review by any pro
ject participant upon giving reasonable notice to the
prime design professional. The design and construction
industry should jointly establish a project record docu
mentation protocol that standardizes the format and con
tent of the record. When disputes arise, dispute resolution
boards, arbitrators, mediators, or mediator/arbitrators can
review this official record, interview the parties, and
eliminate most of the factual disagreements that plague
construction disputes.

APPENDIX. REFERENCE

“Subsurface exploration for design and construction of foundations of
buildings.” (1976). Manual of Engineering Practice No. 56, ASCE,
New York. N.Y.
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Abstract

Shales have been used extensively in the construction of highway
embankments, and other earthen structures, because of the vast amounts of
these materials in many areas of the country and the lack of economical and
alternate available materials. Because these materials exhibit a wide range of
engineering properties and behaviors, many problems have occurred.
Numerous shale embankment failures have occurred generally some ito 10
years after construction. Settlements of 1 to 3 feet (0.3 - 0.9 m) have been
observed in many old embankments and required numerous asphaltic overlays.
Shale embanlcments that settle continuously have been observed to fail
eventually. Each year millions of dollars are spent repairing embankments
built with shales. This paper presents a discussion of some of the research
conducted by the University of Kentucky Transportation Center in the
seventies and eighties and attempts to address some ofthe problems that arise
in constructing shale embankments. A brief overview of the engineering
properties of shales located in Kentucky is presented. Some important
factors that need to be considered in designing and building shale
embankments are briefly discussed. Finally, a description ofthe construction
of three experimental shale embankments in 1986 is given. These
embarikments were constructed to evaluate a special shale compaction
provision adopted by the Kentucky Transportation Cabinet to avoid large
long-term settlements and instabilities. Observations oflong-term settlements
of the embankments are presented.



Introduction

or fissility, that is
parallel to the
bedding. The
composition of shale
generally consists of
about one-third of
clay minerals, one-
third of quartz, and
one-third of
miscellaneous
materials. Generally,
when first excavated
most shales are vety
hard and have the
appearance of
sound, durable rock.

As shown in Figure
1, the geology of
Kentucky consists of
Ordovician, Silurian,

Problem

Over the last four decades the geometry ofmodern highways has been vastly changed and improved.

These changes have required constructing large highway embal2lcments, especially in mountainous

areas. As the heights and widths of modern highway embanlanents have increased, more materials,

even undesirable materials such as certain types of shales, have been required. Large quantities and

numerous varieties of shales are located in Kentucky, as well as many other areas of the country.

Consequently, construction of highway embankments using shale materials is necessary in many

instances because of their availability and the lack of more suitable and economical alternate

construction materials. These materials have been used extensively in the construction of highway

embankments.

Shale may be defined as a fme-grained, indurated, detrital sedimentary rock formed by the

consolidation, such as compression or cementation, of clay, silt, or mud. Examples of shale include

claystone, siltstone, and mudstone. These materials are characterized by a finely stratified structure,

Iis Large quantities of clay shales

SiiiIdin
I

I Devonia\

Alluvium

Jertiary

-

I.

Cretaceous

Figure 1. Geology ofKentucky.

Devonian, Mississippi, Pennsylvanian, Cretaceous, Tertiary, and the Quaternary system deposits

found in Kentucky. With the exception of Quaternary Deposits, shales are associated with all periods.

Shales of the Ordovician, Silurian, and Mississippian have been involved in many road-building

problems. Certain formations have been particularly troublesome. The Kope and Fairview
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Formations (interbedded shales and limestones) of Northern Kentucky have cause embankment
problems on Interstate 75 near Covington and Interstate 71 and have caused extensive failures ofKY

8 (along the Ohio River, east of Covington). In the Knobs region to the east of the Cincinnati Arch,
the Crab Orchard Formation (Silurian) has been involved in many embankment failures. Many
Mississippian shales behave poorly. For instance, the lower Borden Formation (Nancy and New
Providence Members) tends to cause many pavement problems. The Henley shale bed caused
construction problems on Interstate 64 east ofMorehead. Also, shales ofthe Eastern (Pennsylvanian)
and Western (Mississippian) Kentucky Coal Fields, such as the Breathitt Formation near Jackson KY)
and Tradewater (Western Kentucky) have been troublesome.

Numerous problems have been encountered when constructing highway embankments and cuts
through shale formations. Embankment failures occur due to slope instability and large settlements.
Uneven pavements occur due weathering ofshales and differential settlement of shale embankments.
Weathering of highway shale cuts causes premature filling of drainage ditches and rock falls have
occurred commonly throughout Kentucky and other areas of the world. Large expenditures have
been required for major remedial work, as well as for routine maintenance. For example, major
repairs of shale embankments ofportions ofInterstates 71 and 75 located in the northern regions of
Kentucky have exceeded 120 million dollars over the past two decades. These shale embankments
were constructed ofKope and Fairview Shales ofthe Ordovician Geologic Age. Approximate repair
costs have averaged some 1.5 to 2 million dollars per mile for the portions of those interstates
passing through the clayey shale formations. Currently, several, additional major repairs of shale
embankments on 171 will be required in the future.

Shales, when used as a construction material, create major problems because in many cases they tend
to degrade from a hard, or indurated mass, to a fine-grained mass of soil. This degradation of
normally, hard intact shale frequently produces weak, or low strength clays and silts. Degradation
of shale particles in embankments frequently occurs over a long period of time and many problems
do not occur until several years after construction. A typical view of the large settlements of many
shale embankments of I 71 and I 75 is shown in Figure 2. Settlements of ito 3 feet (0.3-0.9 m) in
shale embankments have frequently been observed and required overlays. Mudjacking of concrete
bridge approaches, or the overlaying ofasphaltic bridge approaches have been required. In numerous
cases, the settlements of the embankments continue and eventually slope failures occur.

Objectives

To address the problems of the failures of shale embankments, the Kentucky Transportation Center
at the University ofKentucky, in cooperation with the Kentucky Transportation Cabinet, conducted
several research studies during the seventies and eighties. The main objective of this paper is to
discuss briefly aspects of the past shale research. In particular, the general engineering properties
of shales located in Kentucky are described. Some important factors to consider in the design and
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Figure 2. Typical view oflarge shale embankment settlements observed on

such roadways as Interstates 71 and 75.

construction of shale
embankments and
the long-term
observations of three
experimental shale
test embankments
constructed about
one decade ago
using compaction
procedures described
below and in the
Appendix are
discussed.

Scope

______

____________

Although shales
have played major
roles in causing the
instability of cut

slopes and unstable highway subgrades, this paper mainly focuses on the construction of

embarikments using shales. Basically, this paper deals with research performed in the seventies and

eighties at the University ofKentucky Transportation Center and attempts to provide some evaluation

of provisional shale compaction specifications developed in that period of time.

Sample Collection

Overview of the Engineering Properties of Kentucky Shales

To obtain an overview of shales located in Kentucky, some forty types of shale materials, which

exhibit a wide range of field performances, were selected from various physiographic regions and

geologic periods for testing. Samples were obtained from the Jackson Purchase, Western Coal Field,

Knobs, Mississippian Plateaus, Bluegrass, and Eastern Coal field Physiographic Regions ofKentucky.

An effort was made to collect both hard and soft shales and shales that were considered to be durable

and nondurable. The samples werç obtained using hand tools and a drill rig. Shale pieces for bag

samples were loosened using a rock hammer and mattock. The unweathered samples were generally

collected from highway cuts. During sampling, freshly dug and unweathered shale specimens were

placed in sealed containers to obtain natural in situ moisture contents. The testing program consisted

of two categories:

I,.

.‘
—. —.

•:
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• Index tests

• Physical properties

Physical properties of shales located in Kentucky are briefly described below. Although this

discussion focuses only on shales in Kentucky, the variety of shales and engineering properties are
representative of many shales found in adjacent states and other East Central States of the country.

Testing Program

Index Properties

The index tests consisted of Atterberg limits, in situ water contents (unweathered), specific gravity,
and particle-size analysis. Physical properties tests consisted of slake-durability, moisture-density,
California Bearing Ratio (CBR), and triaxial shear strengths. ASTM standards, where applicable,

were followed in the testing program. The index tests were performed on unweathered shales. The

shales were crushed using a rock crusher. Liquid and plastic limits were performed on material

passing the minus No. 40 (0,84 mm) sieve while the grain-size analysis was performed on material

passing the minus No.10 (2.0 mm) sieve. Results of the index tests and slake-durability tests of

unweathered tests are summarized in Table 1. Results of tests performed on selected weathered

shales are summarized in Table 2. The weathered materials were collected from talus piles of

highway cuts.

Liquid and plastic limits ofthe unweathered shales ranged from 19 to 38 percent and non-plastic (NP)

to 18 percent, respectively. Liquid and plastic limits of the selected weathered shales ranged from

NP to 40 and NP to 15, respectively. Natural in situ water contents of the materials (unweathered)

ranged from 1.7 to 23.2 percent. Particle sizes finer than 0.002-mm size of unweathered and

weathered ranged from 3 to 38 percent and 8 to 39 percent, respectively. The index properties of

the weathered and unweathered shales were similar. Classifications of the weathered shales were

ML and CL according to the Unified Classification System. Specific gravities ofthe weathered shales

ranged from 2.52 to 2.85. The percent of particles smaller than the 0.002-mm of weathered and

unweathered shales are compared in Figure 3. Generally, the percent finer of the weathered shales

averaged about 3 percent more than the percent finer ofthe processed unweathered shales. However,

the values were similar.

Physical Properties

Slake-Durability Properties

Slake-durability tests were performed on unweathered shales following procedures described
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Table 1. Engineering properties of Kentucky (unweathered) Shales.

Sample Geologic Geologic In-Situ LL P1 Finer than Slake-Durability Index

No. Name Period M. C. 0.0 02 rant SDI1 SDI, Jar

(%) (%) (%) (%) (°h) Slake No.

1-2 New Albany Devonian 1.7 22 NP 3.3 99 99 6

l-2 Sunburv Mississippian 2.8 22 1 .4 99 98 6

13-i I-lance Pennsylvanian 2.9 21 5 12.4 96 91 5

8-lA Lower Clays Ferry Ordovician 3.2 74 5

3-i Upper Drakes Ordovician 4.5 20 7 18.2 83 75 5

22-1 Crab Orchard(No.3) Silurian 4.5 22 8 20.6 72 49

17-I Bedford Mississippian 3.5 22 8 24.1 69 69 2

25-1 Lisman Pennsylvanian 7.0 29 7 29.1 90 70 5

11-3 Breathitt Pennsylvanian 9.8 34 14.7 58 44 3

28-I Kincald Mississippian 5.7 24 5 21.3 44 15 2

18-1 Nada (Gray) Mississippian 6.1 23 4 15.4 90 65 4

I 1-I Breathitt (Tan) Pennsylvanian 3.5 21 8 11.7 67 6

17-3 1-lenley Mississippian 6.7 28 8 33.7 72 33 2

23-1 Lower Caseyville Pennsylvanian 4.3 23 7 27.3 84 62 4

26-1 Upper Carbondale Pennsylvanian 5.2 28 7 13.6 94 63 6

5-1 Lower Nancy Mississippian 4.4 30 9 24.2 92 62 3

4-i Upper Nancy Mississippian 4.3 33 12 20.6 94 66 3

27-1 Tradewater Pennsylvanian 5.1 27 5 16.1 89 47 5

16-I Lee-I 75. Mt. Vernon Pennsylvanian 4.1 22 4 25.4 40 33 2

17-4 Nancy -I 64,M.P. 132 4.6 20 4 29.8 84 59 3

21-1 Conemaugh Pennsylvanian 6.2 22 7 14.6 86 55 5

8-lB Lower Clays Ferry Ordovician 4.2 20 3 25.2 68 3

20-1 Osgood Silurian--mid. 4.9 24 7 20.1 82 48 3

26-2 Lower Carbondale Pennsylvanian 7.3 27 7 29.1 54 45 2

1 1-2 Breathitt (Underclay) Pennsylvanian 3.9 23 5 35 4

7-1 LowerClaysFerry Ordovician 5.9 28 11 20.0 83 3

18-2 Nada (Red) Mississippian 7.1 36 31.0 69 23 2

24-1 Lower Carbondale Pennsylvanian 4.8 19 3 25.7 69 22 1

30-I Tar Springs Mississippian 6.7 30 11 21.1 48 4

10-I CrabOrchard Silurian 7.4 24 6 34.8 68 11

29-1 Menard Mississippian 12.7 34 12 34.1 7 14 1

1-1 Crab Orchard-U.S.52 Silurian 8.4 35 Ii 28.4 16 10 1

12-1 Kope -1-275 Ordovician 8.3 28 3 22.3 63 3 1

6-1 Kope-Ky 8 Ordovician 9.3 20 3 0

32-1 Golconda Mississippian 8.0 22 10 24.5 13 9 1

31-1 Hardinsburg Mississippian 6.6 24 6 22.7 8 5 2

33-1 Clayton & McNairy Cret. & Tertiary 2.3.2 36 12 37.9 24 2 2

l5I Lee —Underclay Pennsylvanian 5.4 21 5 19.2 26 8 2

2-1 Continental Deposits Recent 14.7 .38 18 11.7 22 0 1

19-1 Newman Mississippian 11.6 24 7 35.8 1 2 1

11-4 Breathitt --Gray Pennsylvanian 2 8 36.5 1 0 1

34-1 New Providence Mississippian 11.0 33 9 30.3 74 34 1
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Table 2. Engineering properties of Kentucky weathered Shales

___________________

elsewhere (Hopkins and Gilpin, 1981). Some ten different testing procedures were initially
examined (Hopkins and Gilpin, 1981). Results of the procedure proposed by Gamble (1971)-a
modification of the original procedure proposed by Franklin and Chandra (1972) and the procedure
essentially use by most agencies-- are shown in Table 1. Also, the results of a testing procedure
proposed by Hopkins (1981;1986) are

____________________________________________

shown in Table 1. In the former
standard procedure, two ten-minute
cycles are used. The test is performed
on ten pieces of oven-dried shale each
having a dry mass of 40 to 60 grams. In
the latter case, one 60-minute cycle and
air-dried material are used. The latter
test requires less total testing time and
uses only one cycle of testing. A wide
variety of slake-durability indices (SDI)
andjar slake numbers (I) were obtained
for Kentucky shales.

Generally, the method that uses one 60-
minute cycle and air-dried material
appeared to yield a better distribution of

Sample Geologic LL P1 Specific Percent Classification

No. Name (%) (3’o) Gravity Finer than Unified AASHTO
0.002 mm

1-2 New Albany NP NP 2.52 14 ML A-4 (8)
13-1 Hance NP NP 2.74 8 ML A-4(8)

3-1 Upper Drakes 24 15 2.85 21 CL A-4 (8)
23-1 Lower Caseyville NP NP 2.74 32 ML A-4 (8)
27-1 Tradewater 28 7 2.69 21 ML A-4 (12)

17-4 Nancy -I 64, M.P. 132 31 11 2.73 25 CL A4 (12)
20-1 Osgood 26 7 2.74 26 CL A-4 (12)

1-1 Crab Orchard-U.S. 52 38 14 2.78 33 CL A-4 (14)
12-1 Kope -I 75 30 8 2.83 34 CL A-4 (12)
35-1 Kope-I 275 36 15 2.83 39 CL A-4 (12)

32-1 Golconda 29 10 2.76 35 CL A-4 (12)
33-1 Clayton-McNairy 30 10 2.65 33 CL A-4 (12)
34-1 New Providence 40 15 2.61 31 CL A-4 (14)
19-1 Newman 35 12 2.73 32 CL A-4 (13)

Weathered Shales Unweathered Shales

40

30

20

10

2

99 96 83 84 89 84 82 16 63 13 24 74 1

Slake-Durability Index (%)

Figure 3. Comparison of the percentfiner than 0.002
mum sizeparticles ofunweathered and weathered shales.

8-7



Embankment construction using Shale—Hopkins and Beckhain

slake-durability indices for the wide range of’ shales tested than the procedure that uses two ten-

minute cycles and oven-dried material,
as illustrated in Figure 4. Apparently,
oven-drying the shales tends to make Two, 70-Minute Cycles--Oven Dried

the shales more resistant to slaking.
However, since the latter procedure ‘

became embedded into the testing ‘

community, there was no way to change
the SDI specifications. The slake-
durability tests were performed in an
apparatus—the first prototype in
Kentucky-- designed and build by the 9
LTniversity of Kentucky Transportation .

Center. To promote the use of this
testing method of shales, working
drawings of this apparatus were 0

supplied to numerous consultants, other One, 60-minute Cycle--Oven Dried

Universities, and governmental agencies Figure 4. Comparison of values of SD110 and SD160

(Hopkins and Gilpin, 1981). obtainedfrom slake-durability tests.

Moisture-Density’ Relations

Standard compaction tests were
performed on the weathered shales.
Three different compactive energies
were used. Tests were performed using
ASTM D 1557-78, Method A. This
procedure is referred to as modified
compaction. Standard compaction was
performed following ASTM D 698-78,
Method A. A low energy compactive
effort was used and consisted ofusing a
1.84 pound (0.83 kg) rammer, a 12-inch
(30.5 cm) drop, three layers, and 15
blows per layer. A 4-inch (101.6 mm)
diameter mold was used. The
relationship between maximum dry
density and optimum moisture content
of the shales at different compactive
energies is shown in Figure 5. Values

hOt
C)

100’

g0

5 10 15 20 25
Optimum Moisture Content (%)

Figure 5. Moisture-density relationship ofshales.
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KYCBR = 0.35+ (31.7/t)

V

KOPE SHALES

Figure 7. Long-term KYCBR of compacted Kope
shales.

of maximum dry density and optimum
moisture content ranged from 91 to 138
lbs/ft.3 (1,457 - 2,210 kg/rn3)and 6.6 to
24.6 percent, respectively. These tests
showed that moisture-density tests
could be performed on shales having a
wide range of slake-durability indices.
Essentially all of the shales exhibited
soil-like characteristics.

Bearing Ratio

California Bearing Ratio (CBR) tests
were performed on the weathered shale
samples following procedures outlined
elsewhere and according to Kentucky
Method KM-64-501-76. Only material
passing the No. 4 (4.75 mm) sieve was
used. Soaked and unsoaked values of
KYCBR are compared in Figure 6.
Unsoaked values of KYCBR ranged
from 15 to 46 while the soaked values
of KYCBR ranged from about 1.5 to
33. Values ofKYCBR ofthe clay shales
decreased dramatically after soaking.
To illustrate this decrease, a KYCBR
specimen of the Kope shale from
Northern Kentucky was soaked for 2.5
years. The KYCBR decreased from a
value of 33 to 0.5 after soaking, as
shown in Figure 7. A useful relationship
between KYCBR and natural water
content of the shales for use in
preliminaiy design is shown in Figure 8.

Triaxial Shear Strengths

To examine the range of shear strengths

c

Soaking Period: 2.5 years

Figure 6. Comparison ofsoaked and unsoaked values
ofKYCBR.

100

10

I

0.1
0.1 1 10 100 1000 10000

Time (days)

of compacted Kentucky shales, consolidated-undrained tests with pore pressure measurements were
performed on nine selected (weathered) shales. The shales that were selected exhibit a wide range
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of slake-durability indices. The
triaxial specimens were compacted
to the maximum dry densities and
optimum moisture contents
determined from three different
compactive energies. The
specimens were remolded to
standard compaction (ASTM D
69 8-72), modified compaction
(ASTM D 1552-78), and a low-
energy compaction. This low-
energy procedure used a 1.84

0
5 10 15 20 25 pound (0.83 kg) hammer, a 12-

Natural Water content (%) inch (30.5 cm) drop, three layers
of material, and 15 blows per
layer. Results of these tests, as

Figure 8. KYCBR a s afunction ofnatural water content of well as slake-durability values are
shales (after Hopkins, 1984). shown in Table 3. The effective

stress parameter, 4’, of the

weathered shales ranged from about 22 degrees to 40 degrees for SDI0 values ranging from 1 to 99

percent. As shown in Figure 9, the value of 4’ for a given type of shale varied slightly for different

compactive energies. However, as shown in Figure 10, the values of c’ generally increased

significantly when the compactive energy increased. Hence, using a large compactive energy greater

than standard compaction indicated that the strengths of shales could be increased significantly in the

field. General relationships between slake-
durability indices and ‘ are shown in Figure

11.

Design and Construction
Considerations

Some important considerations involved in

the design of shale embankments against

instability and large settlements are as

follows:

• Geology’
• Water

35

30

25

20

15

10

5

96 83 92 82 74 63

Slake-Durability Index (percent)

Figure 9. Comparison of ‘ obtained from

different shale specimens that were reinolded with

different compactive energies.
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Figure 11. Relationships between b’ and slake-
durability index.

Water

Geology

• Durability
• Strength
• Settlement
• Compaction and Lift

During highway conidor subsurface studies,
rock core samples are normally obtained to
identify geologic formations and to
determine the types ofmaterials that will be
used in the highway embankments.
Identification of different geologic
formations and slake-durability indices is
useful in designing the embankments
because large quantities of the geologic
formations will be used to construct the
embankments. Such factors as the
orientation and thicknesses ofthe layers will
determine how the shales and other layers
ofrocks will be excavated and placed. For
example, where layers are orientated at
large angles, the layers may have to be
blasted and compacted as soil-like materials.
Generally, a minimum of two rock core
borings should be performed in each cut or
borrow area to define the weathered shale
depths and the thickness and inclination of
different strata. However, where layers are
fairly horizontal, one hole may be sufficient.

To detect water-bearing layers, it may be necessary to extend the depth of the borings in the cut
sections. Groundwater levels in the core borings should be monitored to define potential subsurface
seepage that could enter the shale embankments. Moreover, during the design phase, consideration
should be given to constructing surface structures that will convey surface runoff from the shale
embankments. The intent here is prevent runoff from spilling over onto the fill which could seep into
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Figure 10. Values of c’ obtained from remolded
shale specimens using different compactive energies.
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Table 3. Effective stress parameters obtained from consolidated-undrained triaxial

compression tests ‘4iith pore pressure measurements.

Geologic Modified Standard Low-Energy Slake-Durablity Index

Formation Compaction Compaction Compaction SDI0 SD160 Natural
‘ C’ cj’ c’ ‘ C’ Water

Content

(deg.) (psf’) (deg.) (psf) deg.) (psf) (%) (%) (%)

From Stress- Difference Criterion

NewAlbany 37.4 2,269 41.4 28 37.2 0 99 99 1.7

FIance 25.9 1,833 30.4 678 27.1 512 96 93 2.9

Drakes 28.8 1,114 30.4 710 32.6 268 83 65 4.5

Nancy 25.5 962 28.7 320 28.0 260 92 62 4.6

Osgood 27.0 1,186 28.2 776 28.5 402 82 61 4.9

New Providence 25.5 1,013 27.5 335 27.2 40 74 34

Kope 27.8 576 28.0 92 28.4 27 63 10 8.3

Crab Orchard 23.0 1,211 23.9 768 24.2 572 16 11 8.4

Newman 23.9 1,130 22.7 932 24.0 765 1 0 11.6

From Stress- Ratio Criterion

New Albany 43.7 1,536 40.7 790 37.6 303 99 99 1.7

Hance 27.4 1,511 31.7 499 27.2 508 96 93 2.9

Drakes 26.8 892 34.4 402 34.0 201 83 65 4.5
Nancy 25.8 965 29.5 500 29.0 209 92 62 4.6

Osgood 27.0 1,168 27.2 776 28.5 401 82 61 4.9

New Providence 26.8 892 29.8 153 27.7 0 74 34

Kope 27.4 770 29.5 43 29.3 31 63 10 8.3

Crab Orchard 24.3 1,113 23.8 820 24.6 582 16 11 8.4

Newman 26.7 893 24.0 790 26.0 636 1 0 11.6

the shale fill. All areas of groundwater seepage should be noted.

It is essential that efforts are made to prevent the infiltration of surface and subsurface water into the

shale embankment. Use ofdrainage blankets and filter fabrics at the base of shale embankments can

prevent the infiltration of subsurface water from deep residual soil overburdens and seepage from

rock formations. When embankments are placed on side bill situations, the embanloitent acts as a dam

and groundwater levels buildup in the fill. Hence, pore pressures increase and reduce stability.

Generally, for fill heights greater than the 40 or 50 feet (12 - 15 m), drainage measures at benches
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should be considered. The intent of benching is to provide a level surface for compacting the first
lift of shale and to improve stability.

Use of surface drainage structures can control the amount of surface water entering the embankment.
Oftentimes, it has been observed that runoff from the pavement surface spills over onto the shale
slope and in cases involving soft shales, the materials soften and become unstable near the surface of
the slope. Numerous shallow failures have occurred because of this situation. In addition to using
surface drainage structures, the designer should consider using layers ofgeosynthetie materials spaced
at appropriate heights throughout to reinforce the outer slope ofthe shale fill. Usually the outer slope
does not receive adequate compaction because compaction equipment cannot operate near the edge
of the shale fill slope. Hence, the slope contains a zone of weak material.

Durability

The long-term durability of shales is one of the primary considerations in the design of shale
embankments. The shales obtained from the core borings should be classified according to their
long-term durability. For purposes of classification, slake-durability and jar slake tests should be
performed. Shales classified as mechanically hard (SD110 > 95%; I = 6) (Changed to SD110>90
recently) and durable could be used as rock ff1. These materials could be placed in lifts of not more
than 24 inches (61 cm). Shales classified as soft and nondurable (SDI < 50; Ij 2) should be
compacted as a soil in thin lifts approximately (8-12 inches (20 - 30.5 cm). Intermediate shales (50

SDI.< 95 I= 3-5) classified as hard and nondurable are difficult to compact and require heavy
equipment to compact.

Table 4. Suggested shear parameters based on slake -durability

Slake-Durability Jar Slake Description Shear Strength Undrained
Index (SDI) Test (I) of Shale Parameters Strength

(%) (%) 4)’ C’ S
(degrees)__(lbs/W) (lbs/fl2)

SDI< 50 2 Soil-like Shale 20-25 200 1000-1500

50 < SDI< 95 3-5 Intermediate Shale 26-30 200 1000-1500

SDI >-95 6 Hard Shale 35-45 0

Strength

In the design of slopes of highway shale embanlcrnents, a knowledge of the effective stress (peak)
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strength parameters, 4)’ and c’, the angle of internal friction and cohesion, respectively, of the

compacted shales as they will exist in the embankment is essential to determine stability ofthe slopes.

These parameters may be estimated by
performing triaxial tests on compacted
specimens of the shales
that are to be used to construct the

____________________________________

embankment. However, this can be a time- STandard Compaction

consuming task. This approach should ° E
probably be reserved for important . 35

embanlcments over 40 to 50 feet (12 - 15
m) in height, bridge approach -

embanlcments, or in other special cases. - 25

Oftentimes, the parameters are estimated, as
20

shown in Table 4. Additionally, the 0 2 4 6 8 10 12

relationship between the natural, in situ Natural Moisture Content, w ()

water content (unweathered) and 4)’ may be
used, as shown in Figure 12. The cohesive Figure 12. Relationship between ‘ and natural

component, c’, for hard-like shales could be water content of unweathered shale (Hopkins,

assumed to be zero while for soil-like and 1985).

intermediate shales a value of about 100-
200 lbs/ft.3 (1,602 - 3,204kg/rn3)could be assumed. The peak value of 4)’ can also be estimated from

a relationship between 4)’ and plasticity index, or (Hopkins 1982):

4)’=44.7—l2logPl (1)

The residual shear strength parameter, 4),., may be approximated by the following relationship:

4)r’ =68.2 -30.2logCF (2)

where CF is the clay fraction, or the percent finer than 0.002-mm size particles (Hopkins, 1986).

Settlement

Prior to about 1966. slopes of 2H: 1V (26.6 degrees) were commonly used in the design of all

embankment regardless of the height of the embankment. However, numerous instability problems

have been encountered over the past decades using this conventional design approach. The most
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pronounced number of failures occurred in areas ofKentucky containing nondurable, clayey shales,
such as the Kope and Crab Orchard shales. Generally, slopes of 2 horizontal to one vertical will be
adequate for embankments less than about 40 or 50 feet (12 - 15 m), as shown in Figure 13 (Hopkins
1985). Those curves indicate that the long-term factor of safety should be equal to or greater than
approximately 1.5 to minimize settlement. Hence, special design and constructions are suggested in
the following cases:

• Shale embankments greater about 40-50 feet (12 - 15 m)
• Shale embankments subject to rapid draw down
• Shale embankments subject to subsurface infiltration
• Bridge approach shale embankments.

In those cases slopes, milder than 2H: 1V may be required. For example, in cases where settlements
must be minimized, flatter slopes, extra
compaction, and base drainage may have to be
considered.

However, as the embankment height increases
above 40 to 50 feet (12 - 15 m), settlements
increase rapidly as shown in Figure 13. Hence,
special consideration must be given to the slope
design. In cases where nondurable shales are
used, slope designs milder than 2H: lv should
be considered, especially in situations where

materials

may need to be wasted. Material
scheduled for wasting could be used to build
slopes milder than 2H: 1V. For embankments
containing culverts, decreasing the slopes
would increase the length of the culvert.

Settlement of embankments constructed of
shale is a common problem and is veiy difficult to predict and control. Use of conventional
consolidation testing to define defomiational properties generally are not applicable because of the
large particle sizes of shales in embanlcments. Consolidation rings are too small to accommodate the
large particles. In a relatively dry state, compacted shales exhibit small compression. However, as
shown by Slrohm et al (1981), compacted shales (using large 6-inch-- 152.4mm -- diameter molds)
when soaked may exhibit large and excessive settlements. An approximate correlation of slake-
durability indices and compression of soaked shale specimens has been given by Strohm et al.

Secondary compression and settlement due to shear strain may occur even for well compacted fills.

18

14

12

‘ 10

8

1;
0.5

0

1 1.5 2 2.5

Long-Term Factor of Safety

3 3.5

Figure 13. Long-term settlement ofseveral case
studies as a function of the long-term factor of
safety (Hopkins 1985).

8-15



Embankment Construction using Shale—Hopkins and Beckham

These settlements may amount to approximately 0.3 to 0.6 percent of the fill height over a period of

15 to 20 years (see NAVFAC, 1982). As shown in Figure 13, settlements of embankments greater

than about 50 feet (15 m) become significant, especially when they are not well-compacted.

Embankments constructed of clayey shales exhibit the greatest settlements. Large embankments

settlements observed on I 75 also confirm these observations. Many of the fills in excess of 50 feet

(15 m) settled some ito 3 feet (0.3 - 0.9 m) over a period of some ito 10 years.

An approximate method of estimating the settlement of embankments is given by the following

empirical equation (Hopkins, 1985):

H= 1 2Hel 0(1 .5LogF-4.68) ( Iogtjt,) (inches) (3)

where
H = estimated embankment settlement in inches,

He = height of embankment in feet,

Fr = ratio of H to the long-term factor of safety,
t time of placement of pavement ,or completion time(the time between

the start of construction and placement of the pavement), and

t time at the end of significant secondary secondary compression and

shear strain of the embankment (assumed value).

In developing this empirical equation, observed long-term settlements (projected to 27.4 years) of

several embankments were

___________________________________________________________

plotted as a function of the
long-term factor of safety.
Observed pore pressures and
slope-inclinometer data
obtained over a period of
many years were used in
stability analysis of those
sites. Also, shear strength
parameters, 4’ and c’, were
obtained from triaxial tests
performed on undisturbed
samples from the
embankments several years
after construction.
Settlements of approach
foundations and
embankments were Figure 14. Estimated settlement as a function

height.
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monitored for several years. Embankment settlement was obtained by subtracting the settlement of

the foundation from the total settlement measured at the top of the embankment. The settlements

were plotted as a function of the logarithm of time. The relationship between settlement and the log

of time was linear. Therefore, the
relationship could be projected to

_______________________________________________

27.4 years. Settlements occurring in
the next log cycle 27.4 to 274 years)

100
could be considered insignificant.

‘ 9
Curves given by Equation 3 are

80
shown graphically in Figure 14 for ()

70
different factors of safety. The

60
estimated settlement varies widely
as the factor of safety varies. For

‘

example, for an embankment 60 feet
(18 m) in height, the estimated

20
settlements would be 1.5, 4, 5, and

10
8 inches (38.1, 101.6, 127.0, and
203.2 mm) forfactors of safetyof3, Cl) 0 10 20 30 40

2, 1.5, and 1, respectively. Lift Thickness (inches)
According to this concept, as the
factor of safety increases, the Figure 15. Relationship between slake-durability index and
settlement decreases. This approach lift thickness (After Lutton 1977).
can be used to design and minimize
the long-term settlement of bridge
approach embankments.

Compaction and Lift Thickness

The importance ofmeeting unit weight and lift thickness criteria is illustrated by data published by

Lutton (1977) and shown in Figure 15. Indices obtained from slake-durability tests performed on

shales from various highway embankments (fifteen states) were plotted as a function of lift thickness.

The criterion lines, or envelopes, shown are attempts to separate problem embankments from non-

problem embankments. Those data indicate that as the slake-durability indices increase and lift

thicknesses decrease the susceptibility of a shale embanlunent to develop settlement and instability

decreases. These data demonstrate that materials excavated from shale cut formations requires good

compaction to prevent instability and large settlements.

When durable rock and durable shales are placed as clean rock, the amount of soil (minus No.4 --

4.75 mm) should be limited to 20 percent or less for lifts as thick as 2 feet (0.6 m). This requirement

insures adequate contact of the durable rocks. One of the most difficult situations occurs when both
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nondurable shale and hard durable rock are present in the cut, or borrow area. Obtaining adequate

compaction is very difficult when the hard durable rock is too large because the hard rock cannot be

broken down by the compaction equipment.

LABORATORY COMPACTION — ASTM D 698 In this case, the percentage of plus 6-inch

( 5.5-LB HAMMER ; THREE LAYERS (15.2 cm) size should be limited to about 20
MOLD DIAMETER 4-IN.(A); 5-IN.(B,C,D) percent or less. The maximum size of rock

METHOD SITUATION ACTION in the plus 6-inch (15.2 cm) material should
A 0 ÷NO. 4 < 7% DISCARD + NO.4 not be greater than 12 inches (0.3 in).

+NO. 4 7% USE C Controlled blasting to beak down the
B 0 < +NO. 4 < 7% D(SCARD + NO.4 materials into small fragments may be

+NO.4 7% USEC
necessary.

C 0 .< + 3/4-IN. 10 % DISCARD + 3/4 - iN.

+ 3/4-IN. 10% USED Laboratory Compaction ofShales
D 10 % + 3/4 - IN. 29 % DISCARD + 3-IN.

____________________________

To control field compaction of shales,

laboratory moisture-density tests are
necessary. Since shales exist in an

Figure 16. ASTM laboratory compaction methods, indurated and massive form in nature, a
question arises concerning how a given

shale should be broken down or what gradation should be used in the laboratory tests that would

simulate the gradation in the field. Consequently, in approaching this problem, laboratory moisture-

density tests were performed using different methods of preparing the shale samples. In one series

of compaction tests, the shales were crushed using a rock crusher and tests were performed on

material passing the 3/4-inch (19 mm) sieve. In another series, only material passing the No. 4 sieve

(4.75 mm) was used.

In ASTM (American Standards for Testing Materials) Method D 698-78, four procedures are cited

for determining the moisture-density relations of soils and soil-aggregate mixtures. These are listed

in Figure 16. If the material retained on the No. 4 sieve (4.75 mm) is less than seven percent, than

Methods A and B may be used. In Method A, a 4-inch (101.6 mm) mold is used while in Method

B, a 6-inch (152.4 mm ) mold is used. In both methods, only material passing the No. 4-sieve is

used. The plus No. 4 (4.75 mm) material is discarded. When the material retained on the No. 4

(4.75 mm) sieve is greater than 7 percent, then the ASTM standard recommends using Method C.

In this procedure, a 6-inch (152.4 mm) mold is used. This method is used when the material retained

on the 3/4-inch (19 mm) sieve is less than 10 percent The plus 3/4-inch (19 mm) material is

discarded. However, if the material retained on the 3/4-inch sieve is greater than 10 percent, but less

than 30 percent, then the ASTM standard recommends using Method D. In method D, a 6-inch

(152.4 mm) mold is used. When material passing the 34-inch sieve is greater than or equal 10

percent, but less 30 percent, then method D is used. Material passing the 3-inch (76 mm) sieve and

retained on the 3/4-inch (19 mm) sieve is replaced by an equal amount of material passing the 3/4

REPLACE ( - 3-IN. TO +3/4-IN. ) WITH
(-3/4-IN. TO + NO.4 )

+ 3/4-IN. 30% A,B,C,ORDNOTAPPLICABLE
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inch sieve and retained on the No. 4 (4.75 mm) sieve. The material retained on the No.4-(4.75 mm)

sieve is discarded. Later ASTM standards use the 3/8 inch (9.5 mm) sieve in place ofthe No. 4 (4.75
mm) sieve as a grain size control.

Ifmore than 30 percent of the material is retained on the 3/4-inch (19 mm) sieve, then none of the

ASTM Methods (A,B,C, and D) may be used to determine the maximum dry density and optimum
moisture content. Another approach may be used. As given in NAVFAC (1982) the laboratory

maximum dry density and optimum moisture content obtained from standard compaction (ASTM D

698-78) may be used as reference values to which results of field density tests of materials having

oversized particles may be compared. To adjust the laboratory maximum dry density and optimum
moisture content obtained from standard compaction tests for comparison with field density data of

materials having oversized particles, the following equations many be used:

= 1 -(0.05)F
F1—F (4)

162 y1

and

Wj=FWg+(l_F)Wo (5)

where:

= adjusted maximum dry density (lbs/fly)
F = fraction ofoversized particles by weight determined by sieve analyzes in

the field during field density testing (Oversized particles are larger than
the maximum size allowed using a given size of mold-- No. 4 (4.75
mm)sieve for a 4-inch (101.6mm) mold, No. 3/4 inch (19 mm) sieve for
a 6- inch (152.4mm) mold, and No. 2-inch (51 mm) sieve for a 12-inch
(305 mm) mold.)

w = adjusted optimum moisture content,
Wg = moisture content of oversize particles (obtained from field data), and
w0 = laboratory optimum moisture content without oversize particles.

The density of oversize particles is assumed to be 162 lbs/ft3 (2,595 kg/rn3)pounds per cubic feet
(bulk specific gravity of 2.60 times 62.4 lbs/ft3 (1,000 kg/rn3)). Equations 4 and 5 are suitable for
well-graded materials and the oversize particles are less than 60 percent by weight. A suggested
procedure to follow in checking field density and moisture content is shown in Figure 17. Recent
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WATER,CRLJSH, AND COMPACT

Figure 17. Suggestedprocedurefor checkingfield density and moisture ofshales.

_________

ASTM specifications use the 3/8 inch

(9.5 mm) sieve in place of the No. 4

(4.75 mm) sieve.

Foundation

Although adequate compaction of shales
is essential to prevent instability of the
embankment and control settlement, a
large number of major slides have
occurred at side hill locations when the

clays or weathered shales were over

stressed. This situation is particularly
difficult when the overburden contains

of liquidity over consolidated clays. In numerous

LABORATORY COMPACTION
TEST (ASTM D 698)

CRUSH TO
PASS 3/4-IN.
SiEVE

FIELD COMPACTION

(NEW SHALE SPECIFICATIONS)

+3/4 In.

CHECK GRADATION; FIELD DENSITY TESTS

GRADATION
+3/4jn. = 0%

<10 % 10 3/4 lfl. <30 % +3/4 • %

USE METHOD C
w

‘lab $ opt

ADJUST BY
EQUATIONS

ab

dj

CHECK
COMPACTION

OBTAIN
SAMPLE

opt PERFORM
\ METHOD D
Wdj

‘‘iab’

—NO ADJUSTMENT

R 95 % (RECOMPACT)

R 95%

W
opt -2 W : W +2 (OKA ‘,9

field opt

(ADD WATER) W opt -2 >W field >.W opt +2 (DRY)

100

110

0.1
-1 0 1 2 3 4

Liquidity Index

Figure 18 Factor of safety as a function

index (73 landslide andfootingfailures).
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studies involving over consolidated clays, the
back calculated strengths were generally much

lower than strengths obtained from triaxial tests,

that is, in both cases, total stress and effective
stress analysis yielded much higher factors of

safety than the actual factor of safety of one—

the case when an embankment fails. Based on

an analysis ofnumerous failures, it appears that
when the liquidity index is greater than about
0.4 (Hopkins, 1975,1986) the effective stress
and total stress analysis (based on peak triaxial
strength parameters) yields reasonable reliable
results, as shown in Figure 18. However, when
the liquidity index ofthe foundation materials is
below 0.4, the stability analysis overestimates
the factor of safety. Indeed, numerous studies
have shown this to be the case. Use of residual
strength oftentimes yields factors of safety that
are less than one. Hence, the designer faces a
dilemma. Defining the “correct” shear strength
requires “engineering experience.”
Consideration must be given to using a lower
shear strength than that obtained from triaxial

___________________________

tests. Much more research needs to be
performed on this aspect.

Figure 20. Embankment at Station 498 +50.

Experimental Shale Test
Embankments

Embankment Location and Configurations

To test the new provisional shale compaction
specifications (Appendix), three experimental
shale test embankments were constructed on
KY 11 in Lee and Wolfe Counties in the
summer of 1987. This reconstruction project is
located approximately 6 miles (9.61cm) south of
Natural Bridge State Park. Project alignment

_____________________________________

begins at Station 260+00 about 1,300 feet (396 Figure 21. Embankment at Station 556 + 50.
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Figure 19. Embankment at Station 288 + 50.

1160

Soil and Shales

Station 498+50

1140

g
• 1120 EE/Intermediate

1100

108.0 F don Soils /
Approx. Rock Line

1060
.130 -50 0 50 100 150 200

Horizontal Distance (ft)

1220

1200
Soil and Sheles

Station 556+

1160k ShaletoEh 1174

1140

oundation
1120

-1401204004040.40 -20 0 20 40 60 80 100120140180180200220

Horizontal Distance (ft)

8-21



Embankment construction using Shale—Hopkins and Beckham

m) south of the intersection of
Existing KY 11 and KY 498. The
end of the project is located at
Station 5 76+00 and the total length
of the project is about 6 miles (9.6
km). The project is situated in the
Eastern Coal Field Physiographical
Region. Local relief is about 200 ft
(61 m) and reaches from elevation
1,040 (317 m) to 1,240 (378 m).
Bedrock along the alignment consists
of sandstone, shale, and coal of the
Breathitt Formation and sandstone of
the Lee Geologic Formation
(Pennsylvanian). The three test
embankments are located at Stations
288+50, 498+50, and 556+50.
Configurations of the embankments

and limits of the shale placements are shown in Figures 19, 20, and 21. Data for a fourth

embankment is included, although that embankment was not closely monitored during construction.

Slake-Durability indices of Shales
Used in Test Embankments

In each case, the lower portions of
the there experimental embankments
were constructed of shales that
classified either as intermediate (50
<SD110 <95 percent) or soil-like
(SD110 <50percent). As shown in
Figures 22 and 23, which is based on
125 SDI tests performed on rock
cores during corridor studies, slake
durability indices ofapproximately 73
percent of the shales used to
construct the test embankments had
values that ranged from 61 to 97
percent (essentially intermediate
shales). SDI-values of only 10

KY Route 11 (STATION 278 TO 572+50)

1

-I

Figure 22. Slake durability indices ofshales ofKvRoute

11.

Figure 23. Distribution of slake-durability of rock core

specimens ofKY 11.
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percent of the shales ranged from
about 51 to 60 percent (lower
intermediate). SDI-values of some
17 percent of the shales were less
than 50 percent (soil -like shales).
\Talues of SDI ranged from 10 to 90
percent. Indicated, maximum lift
thickness for 73 percent of the
shales (6 l<SD110<97percent) ranges
from 12 to 22 inches. For values of
SDI below 61 percent, the

Although those values are
maximum, to insure that no major
problems occur, a much smaller lift
thickness was selected for the
three test fills. A lift thickness of
about 8 inches (20.3 cm) was used,
although this thickness may have
been as much as 12 inches (30.5 cm)
on some occasions. Maximum lift
thickness which could have been used and target lift thicknesses are summarized in Table 5 and
illustrated in Figure 24.

Table 5. Indicated and target lift thicknesses.

Station Fill Reported SDI Indicated Target
Number Height Factor of of Fill Shales Lift Thickness Lift

Safety
(feet) (%) Thickness (Inches)

(Inches)

288+50 55 1.4 69 8-14 8-12

498+50 65 1.5 48 8 8-12

556+50 65 1.6 89 20 8-12

maximum
about 12
smaller to

-

0’

9

lift thickness must be
inches (30.5 cm), or
avoid major problems.

0 10 20 30 40

Lift Thickness (inches)

Figure 24. Relationship between slake-durability index
and lft thickness (After Lutton 1977).

8-23



Embankment Construction using Shale—Hopkins and Beckham

were broken down using a 24-inch
(0.61 m) gang disk, as shown in
Figure 26. The special provision
shown in the Appendix requires two
heavy duty compactors. The first
compactor must be a static tamping
foot miler having a minimum weight
of 60,000 pounds (27.2 metric
tons). The second compactor is a
vibrating tarnping- foot roller having
a minimum compactive effort of
55,000 pounds (24.9 metric tons).
Total compactive effort is defined as
that portion of the static weight
acting upon the unsprung
compaction drum added to the
centrifugal force provided by the
drum. Compaction equipment used
to compact the fills is listed in Table
6. The three test fills were

Special Shale
Compaction Provision

The shale embamkments
were compacted following
the special shale
compaction provision
shown in the Appendix.
The intermediate and soil-
like shales were generally
compacted in about 8-inch
lifts, although this value
may have been slightly

• larger in some instances.
After a lift of loose
material had been spread,
water was added, as
shown in Figure 25, in an
effort to slake the shales.
After watering, the shales

Tw. —.
i :

Figure 25. View ofwater truck used to slake the shales.

•...

.

I.t -

Figure 26. View of disk used to breakdown the shales.
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compacted using a CAT
825 static stamping-foot
roller weighing 71,429
pounds. A minimum of
two passes, as specified in
the special provision, was
used. Actually, more than
two passes were used on
many occasions. Three
different compactors were
used at different times to
complete the final
compaction. These
included a Raygo 4200,
Dynapac CA25, and a
Ingolsall Rand SPF 56.
The operating weights of
the three different
compactors were 26,900,
24,400, and 22,500

pounds (12.2, 12.1, and 10.2 metric tons), respectively. Centrifugal force of the three compactors

were 50,000, 44,000, and 42,200 pounds (22.2, 19.9, and 19.1 metric tons), respectively. Total

compactive weights were 76,700, 68,400, and 64,500 pounds(34.7, 31.0. and 29.9 metric tons),

respectively. The weights of all compactors exceeded the weights required by the special provision.

Views of the static stamping-foot roller and a vibratory roller are shown in Figure 27.

Table 6. Listing of compaction equipment.

Equipment Type Operating Centrifugal Total Operating
Weight Weight Weight

(lbs) (ibs) (lbs)

CAT 825 Static Stamping-Foot Roller - - 71,429

Raygo 4200 (Vibratory Roller) 26,900 50,000 76,700

Dynupac CA 25 (Vibratory Roller) 24,400 44,000 68,500

Ingolsall Rand SPF 56 (Vibratory Roller) 22,500 42,200 64,500

Figure 27. View ofstatic tamping-foot and vibratoiy rollers.
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Field Compaction Control

Gradation ofShale Fills

Gradation tests were performed on field samples collected during the field density tests. Samples
were obtained from each of the
three embankments. The tests
were performed to determine the
percent of particles passing the
No.4 (4.75 nun) and the 3/4-inch
(19 mm) sieves. These data are
summarized Figures 28 and 29 and
Table 7. As shown in Figure 29,
the percent of shale particles
passing the No. 4(4.75 mm) sieve
ranged from 42 to 78 and average
about 60 percent. The percent
passing the 3/4-inch (19 mm) sieve
ranged from 70 to 98 and
averaged 88 percent as shown in
Figure 28. Hence, the watering,
disking, and compaction
procedure was effective in
breaking down the shale particles
since the percent of particle sizes
greater than the 3/4-inch (19 mm)
sieve averaged about 12 percent.

Laboratory- Moisture Density

Standard laboratory compaction
tests were performed following
procedures of ASTM D 698-72.
The tests were performed on
minus 3/4-inch (19mm) and minus
No. 4 (4.75 nun) materials. The
two different sizes of shales were
obtained by processing the shales
through a rock crusher. Test
results are summarized in Table 8

_______________________________________________________

for the three different stations.

Sta. 288+50 Sta. 498+50 Sta. 556+50

100

70
60

30
20
10
0

Figure 28. Percentpassing the 3/4-inch sieve.

100

80

60

q) 4
0.

20

0

Figure 29. Percentpassing the No. 4 sieve.
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Table 7. Particles sizes finer than the 314-inch sieve and the No. 4 sieve.

Lift El. Minus 314-inch Minus No.-4 Minus No.-4 Sieve Material

No. (Pt) Sieve Material Sieve Material from
Field Density test

Station Number 288+50

7 1077 80 59
8 1078 82 56
9 1079 84 65
10 1080 90 66
12 1082 97 62
14 1084 70 44
18 1088 92 64

Station Number 498+5 0

61
63
51
42

82 52 61

Station Number 498+50

10 98 76
11 97 67
12 50
13 50
14 69
15 93 63
16 68
17 8
18 87 52

Field Density Testing

Field density tests were performed using a nuclear density gage, a sand cone apparatus (6-inch —

152.4 nuti -- diameter), and a drive cylinder (4-inch -- 101.6mm --diameter). The sand cone tests
were performed in accordance with ASTM D 15 56-82 and the drive cylinder tests were performed
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in accordance with ASTM D 2937-83. The nuclear density tests were performed in accordance with

procedures described by the equipment manufacturer, the Troxler Electronic Laboratories, Inc.

Table 8. Laboratory moisture-density relations.

Station Minus 314-inch Minus No.-4 inch

Number Maximum Optimum Maximum Optimum

Dry Moisture Dry Moisture

Density Content Density Content

(lb/fl3) (%) (lb ‘fi3) (%)

288+50’ 125.2 11.6 120.1 12.8

498÷502 129.0 9.5 124.6 10.3

128.7 11.1 125.2 11.2

556+50 132.6 10.0 118.4 11.3

121.8 11.5 119.8 12.8

1. Shale obtainedfrom cut at Station 285+00.
2. Shale obtainedfrom cut at Station 4 79+00.
3. Shale obtained from cut at Station 544 +50

Test Fill, Station 288 +50

Standard compaction tests performed on minus 3/4 inch (19 mm) and minus No 4 sieve (4.75 mm)

yielded optimum moisture contents and maximum dry densities of 11.6 and 12.8 percent and 125.2

and 120.1 lbs/ft.3 (2,005 and 1,924 kg/rn3), respectively, as shown in Table 8. The average water

content obtained from sand-cone tests was 8.3 percent and ranged from 6.9 to 11.6 percent, as shown

in Table 9. The average water contents obtained from the drive sampler and the nuclear gage were

8.1 and 9.8 percent, respectively. Hence, the moisture contents obtained from the nuclear gage were

about 1.5 percent higher than those obtained from sand-cone or drive cylinder tests. Readings of

moisture contents from the nuclear gage may have been higher due to hydrocarbons present in the

black intermediate shales used in the test fills. Base on the optimum moisture contents of 11.6 percent

[minus 3/4 inch (19 mm) material] or 12.8 percent [minus No. 4 (4.75 mm) material], the field

moisture content was some 3 to 5 percent lower than the unadjusted optimum moisture content.

The special compaction note allows a field value of2 percent lower than optimum water content, and

the field water content was some 1 to 3 percent below a value required by the specifications.

Although Kentucky specifications, KM 64-512, adjust densities for oversized aggregates (greater

than No. 4 -- 4.75 mm sieve), no adjusthients are made for water content. The average material

retained on the No. 4 (4.75 mm) sieve was about 41 percent. Using the moisture content of the

oversized material (a measured value of about 6 percent). the adjusted, average optimum moisture
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content is given by Equation 5, or

W = (0.41)(6.0) + (1-0.41)12.8 =10%

Table 9. Results of field density tests at Station 288+50.

Lift El. Sand Cone Drive Sampler Nuclear Gage
No. Ft) Water Dry Water Dry Water Dry

Content Density Content Density Content Density
(%) (Pcf) (%) (Pcf (%) (Pcf)

1 1071 5.8 129.8
2 1072 5.8 117.9 8.3 126.3
2 1072 6.9 122.8 6.8 126.6 9.6 127.1
3 1073 6.1 114.9 8.2 123.0
4 1074 7.4 126.0 7.7 121.4 9.9 129.7
5 1075 7.0 124.3
5 1075 6.3 115.8 10.3 125.1
6 1076 12.9 114.2 12.0 122.8
6 1076 11.0 119.0 11.5 126.4
7 1077 7.5 118.2 11.6 126.8
7 1077 7.2 133.5 7.2 122.9 8.5 127.8
7 1077 10.6 10.6 118.3 8.5 129.8
8 1078 6.6 127.9 6.6 113.5
9 1079 8.4 120.3 8.4 122.9 8.2 123.8
10 1080 7.6 121.3 7.6 117.5 9.8 124.0
12 1082 9.5 122.0 9.5 125.9 11.8 128.9
13 1083 9.4 124.8
14 1084 11.6 115.4 13.8 123.4
15 1085 9.8 127.5
16 1086 10.5 123.7
17 1087 8.1 8.1 120.4 11.5 123.3
18 1088 7.3 125.8 7.3 113.9 10.1 123.2

As shown in Figure 30, the field moisture contents are slightly below below the minimum specified
optimum moisture content (based on the fractions retained on the No.4 -- 4.75 mm --screen). The
average percent of shale particles retained on the 314 inch (19 mm) sieve was 15.1 percent. Using
11.6 percent as the optimum moisture content, and 15.1% retained on the 3/4 inch (19 mm), and
Equation 5, the adjusted water (figure 31) content is about 10.7 percent and the lower limit is about
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Figure 30. Field moisture contents and Figure 31. Field moisture contents and

optimum moisture contents adjusted on the optimum moisture contents adjusted on the

basis of the plus No. 4 material, Station basis of the plus 3/4-inch material, Station

288+50. 288+50.

8.7 percent. The average field moisture content was about 0.5 percent lower than the lower

specification limit of 8.7 percent . Hence, the field water contents are slightly below the field

specification requirements. Based on results obtained from the nuclear gage, the field water contents

met specifications. However, for practical purposed, these results were generally acceptable. In

some specifications, if two-thirds of the values are within a plus or minus value of 3 percent of

optimum moisture, then the field values are acceptable (NAVFAC, 1982).

The average dry densities (uncorrected for oversized particles) obtained from the sand-cone tests,

driver sampler apparatus, and nuclear gage were 123.9 (1,984), 119.0 (1,906), and 125.8 (2,015)

lbs/ft.3 (kg/rn.3), respectively. The dry densities obtained from the drive sampler were about 4.9

lbs/ft.3 (78.5 kg/rn.3)and 6.8 lbs/ft.3 (108.9 kg/rn.3)less than dry densities obtained for sand-cone and

nuclear gage tests, respectively. Difficulties were encountered trimming the ends ofthe shale particles

in the 4-inch (101.2 mm) diameter cylinders. Hence, smooth ends could not be obtained and this

tended to lower values of dry density determined from the drive sampler. Consequently, the 4-inch

(101.2 mm) drive sampler is not appropriate for measuring dry densities of intermediate shales.

However, the device could be used to obtain water content samples of shales in the field. The nuclear

gage yielded dry densities that average about 1.9 lbs/ft3 (30.4 kg/rn.3)greater than values obtained

from the sand-cone.

Using Equation 4 and the average percent retained on the No. 4 (4.75 mm) sieve, the average

adjusted dry density is 131.6 lbs/ft3 (2,108 kg/rn.3). This value is essentially the same as the value

obtained from the nomograph in Kentucky Method 64-5 12. Using the average percent retained on

the 34-inch (19 mm) sieve and Equation 4, the average adjusted thy density is 128.7 lbs/ft3 (2,061

kgm3).Hence, adjusting the dry density on the basis ofminus No.4(4.75 mm) or minus 3 ‘4 inch (19
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mm) material gave about the same adjusted dry densities.

Using the nomograph in KM 64-512, the adjusted dry density is about 132.0 lbs/fr3 (2,114 kg/rn.3).

A maximum dry density of 120.1 lbs/ft.3 (1,924 kg/rn.3)was obtained from standard compaction tests

on minus No.4 (4.75 mm) materials. Forty one percent retained on the No. 4 (4.75 mm) sieve, and

a bulk specific gravity of2.65 were used to obtain the adjusted dry density. Obtaining a bulk density

of intermediate shale particles from a laboratory test is difficult. The particles would slake or degrade

during testing. The value of 2.65 used is, perhaps too high for shales at this site. A more realistic

value for dry density ofthe compacted shale particles is 155 lbs/ft.3 (2,483 kg/rn.3),or a bulk specific

gravity of 2.48. Using this value and the nomograph, the adjusted dry density is about 128.5 lbs/ft.3
(2,058 kg/m3).

Based only on the sand cone tests and using the maximum dry density ofmaterial passing the 3/4-inch
sieve, the unadjusted values of relative compaction ranged from 92 to 106 percent. Values adjusted
according to Equation 4 ranged from 100.5 to 103.6 percent (see Figure 32). Based on the maximum

dry density ofminus No.4(4.75 mm) material, the relative compaction ranged from about 100.5 to
110 percent (Figure 33). Based on those results, the compaction of the embankment at Station

288+50 met density specifications.

Test Fill, Station 498 + 50

Standard compaction tests were performed on material passing a 3/4 inch (19 mm) and No. 4 (4.75

—. 110 Plus 3/4-Inch
-

Station 288+50

105-’ :••
Ms. Adj.

I ::h
Sand Drive Nuclear
Cone Sampler Cage

KY 11

115-” Plus No.4 Siev

- -
-

Adj. -

- Station 298+50’

Sand Drive Nuclear
Cone Sampler Cage

Figure 32. Field relative compactions and
relative compactions adjusted on the basis of
the plus 3/4-inch material, Station 288+50.

Figure 33. Field relative compactions
adjusted on the basis of the plus No. 4
material, station 288+50.
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Figure 34. Field relative compactions and
relative compactions adjusted on the basis of

theplus 3/4-inch and No, 4 material, Station

498+50.

mm) sieve. Two tests were performed for
each material. For material passing the No.
4 (4.75 mm) sieve, optimum moisture
contents were 10.3 and 11.2 percent,
respectively. Maximum dry densities were
124.6 and 125.2 lbs/ft3 (1,996 and 2,005
kg/rn3), respectively. From the nomograph
in KM 64-5 12, assuming a bulk specific
gravity of 2.65, and using a value of 48.3
percent retained on the No. 4 (4.75 mm)
sieve, the adjusted average maximum dry

density is about 136.0 lbs/ft.3 (2,178
kg/rn.3).Based on an assumed bulk specific

gravity of 2.48, the adjusted maximum dry
density is 132.0 (2,114 kg/rn3). Based on
the one test value from the sand-cone test
(Table 10), the uncorrected relative

compaction was 96.6, as shown in Figure

34. After correction, the relative

compaction was 104.2 percent.
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:
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Figure 35. Field moisture contents and

optimum moisture contents adjusted on the

basis of the plus 3/4-inch material, Station

498+50.

Figure 36. Field moisture contents and optimum

moisture contents adjusted for oversized material,

Station 498+50.

The drive sampler yielded an average dry density that was some 7.1 lbs ft3 (113.7 kgm.3)lower than

the average values obtained from nuclear gage and sand-cone tests. Based on Equation 4 and the
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Table 10. Field moisture-density test results, Station 498+50.

Lift El. Sand Cone Drive Sampler Nuclear Gage
No. (Ft) Water Diy Water Dry Water Dry

Content Density Content Density Content Density
(%) (lbs/fl3) (%) (lbs/ft3) (%) lbs/fi3)

1 9.9 129.1
1 10.4 127.6
2 9.2 114.4 10.6 122.3
2 8.0 121.7 10.2 124.5
2 10.1 118.6 12.5 122.6
2 6.1 123.8
2 10.1 118.7 10.2 124.5
2 9.2 114.4 10.6 122.3
3 7.3 113.9 8.8 125.5
3 5.9 120.1 9.5 128.0
4 6.1 120.1 8.3 126.6
4 4.5 117.0 7.2 125.0
5 7.3 124.6 6.8 116.4 10.0 123.5
6 1123 11.7 115.2 11.5 117.5
6 7.4 112.9 10.4 125.7

Figure 37. Field relative compactions and relative
compactions adjusted on the basis of the plus 3/4-
inch material, Station 556+50.

percent retained on the No. 4 (4.75 mm)
sieve — 48.3 -- the average dry density is
about 136.2 lbs/F (2,182 kg/rn3).Based on
the percent retained on the 3/4 inch (19 mm)
sieve — 18.2 -- and using Equation 4, the
adjusted dry density is 132.6 lbs/F (2,124
kg/rn.3).

Average field moisture contents from the
sand-cone test (only one test), drive
sampler, and the nuclear gage were 7.3, 7.9,
and 10.0 percent, respectively. The average
nuclear gage value was some 2.1 percent
higher than the drive sampler. As shown in
Figures 35 and 36, the field moisture
contents were slightly lower than the
adjusted optimum moisture content.

KY 11
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Table 11. Field moisture-density test results, Station 556+50.

Lift El. Sand Cone Drive Sampler Nuclear Gage

No. (Ft) Water Dry Water Dry Water Dry

Content Density Content Density Content Density

(%) (Pcf (%) (Pcf (%) (Pcf)

7 8.9 120.5 16.0 115.5

8 11.2 117.9 12.0 117.6

9 12.6 113.7 14.7 116.7

9 8.9 116.7 12.0 117.2

10 11.1 103.1 12.8 113.7 13.5 116.4

11 11.9 114.8 10.5 113.6 14.4 112.9
9.2 125.1

12 7.1 118.3 10.3 118.4

13 5.8 111.5 9.2 127.7

14 11.4 122.8 9.2 116.6 13.3 126.5

15 7.9 126.6

16 7.6 121.1 12.8 124.5

17 8.9 117.9 13.0 119.0

18 7.7 116.7 11.7 117.1

19 6.3 114.9 11.0 121.3

20 8.2 111.0 11.1 120.1

21 10.0 118.2 10.0 118.2

22 7.5 115.5 8.6 124.0

Test Fill, Station 556 + 50

Two sets of laboratory tests were performed.
Values of optimum moisture contents and

maximum dry densities for the minus No.4 (4.75

mm) and minus 3/4-inch (19 mm) sieves are

shown in Table 8.

From the nomograph in KM 64-512, assuming a

bulk specffic gravity of2.65, and using an average

percent retained on the No. 4 (4.75 mm) sieve of

35.4, the adjusted dry densities are 128.5 and

129.5 lbs/ft3 (2,058 and 2,074 kgm3),

respectively (Equation 4 yielded adjusted dry

densities of 128.6 and 128.7 lbs ft3 (2,060 and

2,061 kg’m3). If a bulk specific gravity of2.48 (y

Figure 38. Field relative compactions and

relative compactions adjusted on the basis of

the plus No. 4 material, Station 556+50.
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Figure 39. Field relative coinpactions and relative
compactions adjusted on the basis of the plus 3/4-inch
material, Station 556+50.

Station 556+50 Pius 3/4-Inch
AdJ. V/opt [El] Field M. C.

13

12-1 Wiabopt

iofl[fl Adflit I

Figure 40. Field moisture contents and optimum
moisture contents adjusted on the basis ofthe plus 3/4-
inch material, Station 556+50.

= 155 lbs/fl3 (2,482.5kgim3)is used, the
adjusted values are 126.0 and 127.0
lbs/ft3 (2,018 and 2,034 kg/rn)
respectively. Average field dry densities,
Table 11, of the sand cone, drive
sampler, and nuclear gage were 113.5,
116.7, and 119.9 lbs/ft3 (1,817, 1,869,
and 1,919 kg’m3), respectively. The
uncorrected relative compaction from
the drive sampler and nuclear gage
ranged from 89 to 102 percent. Relative
compaction, corrected for the plus No. 4
(4.75 mm) material ranged from 103 to
108 percent. See Figure 38. Relative
compaction, corrected for the plus 3/4-
inch material, as shown in Figure 39,
ranged from 100 to 102 percent. Based
on nuclear gage results, average relative
densities ranged from 89 to 102 percent.
The uncorrected, relative compaction of
shales in this fill was slightly lower than
95 percent. The nuclear gage yielded
dry densities that averaged about 6.4
lbs/ft3. (102.4 kg/m3) higher than dry
densities obtained from sand-cone tests.
The drive sampler yielded an average dry
density that was about 3.2 lbs/ft3 (51.2
kg/rn3) higher than the sand-cone test
results and about 3.1 lbs/ft3 (49.6 kg/rn3)
lower than average nuclear gage results.

The average water contents obtained
from sand-cone tests, the drive sampler,
and nuclear gage were 11.5, 8.9, and
11.9 percent, respectively. The nuclear
gage and sand-cone yielded similar

KY 11

115 Pius 3/4-inch I
Statii,n 556+50 - I

ii0 t4 Adj.

90 Meas

liEU
Sand Drive Nuclear
Cone Sampler Gage

I I I I I

Sand Drive Nuclear
Cone Sampler Gage

results. Based on the uncorrected values, field moisture contents met specifications. The unadjusted
moisture content values, using equation 5 and assuming a moisture content of about 6.0 percent
(natural water content of the shales), were about 9.5 and 10.4 percent, respectively (based on the
fraction retained on the No.4(4.75 mm) sieve. Generally field moisture contents, as shown in Figures
40 and 41. were close to the adjusted moisture contents. Based on those values, the field water
contents were close to specifications. Generally, requirements of the special compaction note were
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general met.

As shown in Figure 42, and based on
adjusted values, relative compaction of
the three test embaukrnents met
specifications.

Settlements

Test Fill, Station 288 +50

Slake-durability index (KM 64-513) of

the shales used in the lower portion of

this fill was near a value of 69 percent.

Based on this value, the shale classified

as intermediate. Using the coordinates

of 69 percent for SDI and 8 inches (20.3

cm) for the lift thickness, the point plots

in the zone labeled No Major Problems,

Few Minor Problems in Figure 24. For

the upper portion of the embankment,

the parameters 4)’ and c’ used in the

design analysis were 22 degrees and 200

psf(6.9 kPa). For the intermediate shales

used in the lower portion, the reported

design parameters were 27 degrees and

200 psf (6.9 kPa), respectively. A factor

of safety of 1.4 was reported. Using a ifil

height of 55 feet (16.8 m), a factor of

safety of 1.4, and Equation 3, the

___________________________________________

predicted long-term settlement ofthis fill

Figure 42. Relative compactions adjusted on the basis is 3.8 inches (9.7 cm). Based on the

ofmaterial retained on the 3/4-inch sieve and the approximate method by Strohm et al.

(1981), the long-term settlement is 3 to

5 inches. (7.6 to 12.7 cm). Based on

criterion of NAVFAC (1982), the long-

term settlement is 2 to 4 inches (5.1 to 10.2 cm). Measured settlements were discontinued when the

surveying bench mark was destroyed.

Test Fill, Station 498 + 50

The slake durability index of these shales was near 89 percent. Hence these shale classified in the

.

I

Sampler
Nuclear
Ga’e

Figure 41. Field moisture contents and optimum

moisture contents adjusted on the basis of the plus No.

4 material, Station 556+50.

Plus 3/4-inch

4 sieve.
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intermediate range. These shales were more durable than those placed in the fills at stations 288 + 50

and 556 +50. Liquid and plastic limits were 39 and 21 percent, respectively. Material finer than 0.002

mm was about 18 percent. Reported design parameters, cj’ and c’, of the shales placed in the lower

portion of the embankment were 27 degrees and 200 psf (9.6 kPa). The ‘ and c’ parameters

assigned to the upper portion of this embankment were 22 degrees and 200 psf( 9.6 kPa). The long-

term safety factor was reported to be about 1.5. Using Equation 3, the long-term settlement is is

estimated to be about 5.2 inches (13.2 cm) for this 65 feet (19.8 m) height embankment. Based on

the approximate method by Strohm et al. (1981) and using a SDI of 89 percent, the estimated long-

term settlement is estimated to be about 2 inches (5.1 cm). Based on criterion in NAVFAC (1982),

the estimated long-term settlement ranges from 2.3 to 4.6 inches (5.8 to 11.7 cm). As shown in

Figure 43, the long-term settlement of this fill, projected to 10,000 days, or 274 years, ranges from
about 4.8 inches to 6.8
inches (12.2 - 17.3 cm).

Figure 43. Long-term settlement ofshalefill at Station 498+50 as
afunction ofthe logarithm oftime.

Test Fill, Station 556 + 50

The slake durability indices
of shales in the lower part of
this embankment were near
48. Since this value is less
than 50, the shales classified
as soil-like. Based on an 8
inch (20.3 cm) lift and SDI
equal 48, these shales plot in
Figure 24 in the zone
identified as: No major
Problems. In the upper

embankment the parameters
were 27 degrees and 200 psf

(9.6 kPa). The long-term safety factor was estimated to be 1.6. This embankment is about 65 feet

(19.8 m) in height. Based on the approximate method by Strohm et al. (1981) and using a SDI of 48

percent, the estimated long-term settlement is estimated to be 4 to 5 inches (10.2 to 12.7 cm). Based

on NAVFAC (1981), the estimated long-term settlement ranges from 2.5 to 5 inches (6.4 to 12.7

cm). From Equation 3, the long-term settlement is estimated to be 4.7 inches (12 cm). Because the

surveying bench mark was destroyed, settlement measurements at this station were discontinued.
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portion of the embankment
the parameters of 22
degrees and 200 psf (9.6
kPa), 4’ and c’, respectively
were used for design. In the
lower portion of the
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Test Fill, Station 317+50

Although this fill had originally been

scheduled to be one of the three test

fills, plans for this fill were changed

due to construction scheduling.

However, the settlement ofthe fill was

monitored for about 3.3 years until the

surveying bench mark was destroyed.

Height of this embankment is sightly

less than 50 feet, as shown in Figure

44. The fill was built using a mixture
of soil and shales. Settlement of the
fill is shown in Figure 45. The fill

settled about 1.9 to 2.3 inches (4.8 -

5.8 cm) in 3 years. Based on the last

readings, the settlement appears to be
linear with the logarithm of time.

Assuming that this is the case and
projecting the settlement to a time of
10,000 days, or 27.4 years, the long-
term settlement of this fill is about 2.9
to 3.2 inches (7.4 - 9.1 cm). If safety

factors of 1.5 and 1.75 are assumed,

and based on equation 5, the
estimated settlement ranges from

about 3.0 to 2.1 inches (7.6 - 5.3 cm),

respectively. Estimated and measured

long-term settlements for all fills are
summarized in Table 12.

Figure 44.. Embankment at Station 317+50.

Figure 45. Settlement ofthefihl at Station 317+50.

Benefits of Special Shale Compaction Provision

Findings and knowledge acquired in the course of several studies (Hopkins, 1971,1973,1981,1984,

and 1985; Munson and Mathis, 1981-1983, Bishop, et al, 1980, and Bishop et al, 1986: Deen and

Havens, 1968: Hopkins and Allen, 1975: Hopkins and Deen, 1983), were valuable in formulating

and influencing design standards of the Alexandria-Ashland (AA) highway in Northern Kentucky.

This highway involved some 125 miles (201 1cm) of new constnaction that passes through the Kope

and Crab Orchard shale formations. As previous studies (Munson and Mathis, 1981-1983) have
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1160

1140
C

1120
LU

1100

1060
.100 -50 0 50 100 150

Horizontal Distance (ft)

Pt. 3

5-
StatIon 317+50

4

10 10000100 1000

Time (days)

8-38



Embankment Construction using Shale—Hopkins and Beckham

Table 12. Estimated and measured settlements.

Station Fill Reported SDI Long-Term Settlement
Number Height Factor of of Fill (inches)

(feet) Safety Shales (NAVFAC) Strohm et al Hopkins Measured
(%) (1982) (1981) (1985)

288+50 55 1.4 69 2-4 3-5 3.8 --

498+50 65 1.5 48 2.3-4.6 2 5.2 4.8 - 6.8

556+50 65 1.6 89 2.5-5 4-5 4.7 --

3 17+50 50 1.5-1.75 (lntm.) 1.8-3.6 2.1 - 3.0 2.9 - 3.2

shown, numerous embankment and settlement failures occurred on stretches of Interstates 75 and

71 in Northern Kentucky that pass through the Kope and Fairview shales and roadways that pass the
Crab Orchard Formations. For example, some 120 embankments on a stretch of175 were identified

as failures requiring remedial work. As noted previously, some 120 millions dollars have been spent
repairing failures on I 75 and 71-- repair costs have averaged some 1.5 to 2 millions per mile. In a
series of meetings held at the Division of Materials (Geotechnical Branch) of the Kentucky
Transportation Cabinet, four general recommendations (Hopkins, 1985) were made in the mid-eighties
regarding the design of the AA roadway. These were, as follows:

• All shale embankments should be compacted using the Special Shale
Compaction Provision (see Appendix), especially fills over about 40-50 feet
(12 - 15 m) in height.

• For embankments over about 30 - 40 feet (9 - 12 m) in height, it was
recormnended that minimum slope designs of about 2.5 horizontal to 1
vertical or 3 horizontal to 1 vertical be considered-- values of cP’ and c’
normally obtained from triaxial tests for the clayey shales of that area should
be reduced in the slope stability analysis.

• Good drainage should be placed at the base of large shale fills.
• All pavement soil and shale subgrades should be stabilized.

Generally, those recommendations were adopted. Perhaps, the most important recommendation
pertaining to the compaction of the shales was generally observed. After some 11 years, no serious
problems have been reported concerning the shale embankments on this roadway. Based on this

observation, and the lack ofmassive failures (of the type that have occurred on 171 and 75 in similar

materials) of the shale embankments on the AA-Highway, which appears to be the result of using the
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special shale compaction provision, some 188 to 250 (1.5-2 million repair dollars. inile x 125 miles)
will potentially be saved.

Summary and Conclusions

Numerous failures of embankments constructed with shales have occurred in the past and continue
to occur. Millions of dollars are spent each year repairing shale emban1aients. Because of the

vastness of these materials in many regions of the coumtty and the lack of economical alternate
construction materials, the shale materials must be used in constructing highway embankments.
Shales exhibit a wide range of engineering properties, as illustrated by the results of tests performed
on Kentucky shales.

Successful use of these materials requires good planning, design, and construction. Some important
factors that should be considered in constructing shale embankments include geological features,
infiltration ofwater, durability, placement and compaction of shales, and foundation conditions. Two
very important considerations include using thin lifts and heavy compactors (and disks) to break
down the shales. When hard rocks and durable shales are used as rock fill, the amount of soil (minus
No.4 material) should be limited to about 20 percent, or less.

Based on an analysis of field compaction techniques used at the three tests fills constructed of
intermediate and soil-like shales and compacted with extra heavy compactors, the special compaction
provision shown in the Appendix was generally successful. The heavy compactors included a
tamping-foot roller and a vibratory rollers. Slaking with water, using heavy compactors, and using
a heavy-duty disk proved successful in breaking down or degrading the intermediate and soil-like
shales. The percent passing the 3/4-inch (19 mm) and No. 4 (4.75 mm)sieves averaged about 88 and
60 percent, respectively. Compaction requirements were generally met. Relative compaction
generally averaged approximately 95 percent. Field water contents, after adjusting for oversized
material, generally met specifications.

Field dry denstiies and water contents from the nuclear gage averaged about 2 lbs/ft3 (32 kg/m3)and
2 percent higher than values from the sand cone. The tendency ofthe nuclear gage to register slightly
higher values than those obtained from the sand cone tests was probably due to the hydrocarbons in
the black and gray shales at the site. It is recommended that nuclear gages be calibrated against the
sand cone on project materials and that adjustments be made to values obtained with the nuclear
gage. The drive sampler yielded average values much lower than the sand cone or nuclear gage.
However, average water contents obtained with the drive sampler were similar to those from the sand
cone. For measuring dry densities of intermediate and soil-like shales, the drive sampler is not
recommended because of the ends of the samples cannot be trimmed smooth.

Use of the special shale compaction provision will save millions of dollars each year by preventing
large shale embankments failures.
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Appendix

SPECIAL NOTE FOR COMPACTION OF SHALE EMBMUCMENTS
Special Note Number 2T

I DESCRIPTION

This work shall consist of constructing and compacting embankments composed

predominately ofnondurable shale (SDI less than90 by KM 64-513) when designated on the plans,

utilizing the construction techniques specified herein. These requirements are in addition to Sections

207 and 208 of the cunent Standard Specifications for Road and Bridge Construction.

11. CONSTRUCTION REQUIREMENTS

Nondurable shale and/or these materials interbedded with thin seams less than 101.6 mm (4

inches) thick or harder rock shall be compacted utilizing an approved static tamping-foot roller in

conjunction with a vibratory tamping- foot roller. The minimum weight for the static tamping-foot

roller shall be 27.2 metric tons (60,000 pounds). The minimum total compactive effort for the

vibratory tamping-foot roller shall be 24.9 metric tons (55,000 pounds). Total compactive effort is

defined as the portion of the static weight acting upon the unsprung drum added to the centrifugal

force provide by that drum. If the manufacturer’s charts do not list the static weight acting upon the
compaction drum, the Contractor will be required to have the roller weighed to the satisfaction of the

Engineer, and that weight shall be added to the centrifugal force, rated in accordance with the

Construction Industry Manufacturer’s Association (dMA). Each taniping-foot on the vibratory

tamping-foot roller shall project from the drum a minimum of 101.6 mm (4 inches). The surface area
of the end of each foot on each roller shale be no less than 3,548.4 mm2 (5 ‘/ square inches).

Shale shall be placed in 203.2 mm (8 inches) maximum loose lifts to the full width of the cross

section. Excavation and blasting procedures shall accommodate the selective placement of the

material. Each lift sh all be bladed as required prior to insure uniform layer thickness. Large rock

fragments or limestone slabs having thickness greater than 101.6 mm (4 inches) and/or any dimension

greater than 0.46 m (1 1/2 feet) shall ne removed from the layer to be compacted, or broken down and

incorporated into the lift.

If the shale is dry, the Contractor shale apply water to accelerate the slaking action

(breakdown) and to facilitate compaction. The water shall be distributed by an approved method

which provides uniform application of the required quantity of water. The water shall uniformly

incorporated throughout the entire lift by a multiple gang disk with a minimum disk wheel diameter

of 609.6 mm (24 inches). The amount of water shall be that required to achieve a moisture content

ofoptimum ± 2.o percent as determined by KM 64-511. This moisture content requirement shall have

equal weight with the density requirements specified herein when determining the acceptability of a
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layer. Moisture content tests will be conducted at such a frequency as deemed necessary to assure

that the entire layer conforms to the specified moisture content.

Unless otherwise approved in writing by the Engineer, each embankment lift shall receive a

minimum of 3 passes with the static roller followed by blading and a minimum of 2 passes with the

vibratory roller, The rollers shall not exceed 4.8 kph (3 mph) during these passes. Each embankment

layer shall be compacted to a minimum of 95 percent ofmaximum dry density as determined by KM

64-511, The number ofpasses will, at the direction of the Engineer, be adjusted upward if necessary

to obtain 95 percent of maximum dry density.

The in-place density will be determined by using nuclear gages. Tests will be conducted at

such frequency as deemed necessary to assure that the entire layer is compacted to the specified

density.

ifi. METHOD OF MEASUREMENT

No separate measurement or payment will be made for compaction, as specified herein.

Payment for all labor, machinery, materials, and other costs associated with the compaction of shale

embankments to the specified density, except water, is considered incidental to earthwork items in

the contract.

Water used as directed for providing the specified moisture will be measured by weight or

volume (tank capacity or meter) and converted to 1,000 liter (1,000 gallon) units.

IV. BASIS OF PAYMENT

The accepted quantity of water will be paid for at the contract price per 1,000 liter (!,000

gallon) unit, which shall be full compensation for all work necessary to furnish and properly apply and

incorporate the water.

May 16, 1991

Reproduced from Kentucky Transportation Cabinet, Department of Highways, Frankfort, Kentucky

Supplemental Specifications to the Standard Specifications for Road and Bridge Construction,

Edition of 1994
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Appendix - Past ORVSS Dates, Topics, and Locations

ORVSS Date Topic Location

I October 16, 1970 Building Foundation Design and Lexington, KY
Construction

II October 1 5, 1 971 Earthwork Engineering, Start to Finish Louisville, KY

III October 27, 1972 Lateral Earth Pressures Fort Mitchell, KY

IV October 5, 1973 Geotechnics in Transportation Lexington, KY
Engineering

V October 18, 1974 Rock Engineering Clarksville, IN

VI October 17, 1975 Slope Stability and Landslides Fort Mitchell, KY

VII October 8, 1976 Shales and Mine Wastes: Geotechnical Lexington, KY
Properties, Design and Construction

VIII October 14, 1977 Earth Dams and Embankments: Design Louisville, KY
and Construction

IX October 27, 1978 Deep Foundations Fort Mitchell, KY

X October 5, 1979 Geotechnics of Mining Lexington, KY

XI October 10, 1980 Earth Pressures and Retaining Clarksville, IN
Structures

XII October 9, 1981 Groundwater: Monitoring, Evaluation, Fort Mitchell, KY
and Control

XIII October 8, 1982 Recent Advances in Geotechnical Lexington, KY
Engineering

XIV October 14, 1983 Foundation Instrumentation and Clarksville, IN
Geophysical

XV November 2, 1984 Practical Application of Drainage in Fort Mitchell, KY
Geotechnical Engineering

XVI October 1 1, 1985 Applied Soil Dynamics Lexington, KY

XVII October 17, 1986 Natural Slope Stability and Clarksville, IN
Instrumentation

XVIII November 6, 1987 Liability Issues in Geotechnical Fort Mitchell, KY
Engineering and Construction

XIX October 21, 1988 Chemical and Mechanical Stabilization Lexington, KY
of Soil Subgrades

XX October 27, 1989 Construction In and On Rock Louisville, KY
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ORVSS Date Topic Location

XXI October 26, 1990 Environmental Aspects of Geotechnical Cinc!nnati. OH
Engineering

XXII October ‘18, 1991 Design and Construction with Lexington, KY
Geosynthetics

XXIII October 16, ‘1992 In Situ Soil Modification Louisville, KY

XXIV October 15, ‘1993 Geotechnical Aspects of Infrastructure Cincinnati, OH
Reconstruction

XXV October 21, 1994 Recent Advances in Deep Foundations Lexington, KY

XXVI October 20, 1995 Site Investigations: Clarksville, IN
Geotechnical and Environmental

XXVII October 1 1, 1996 Forensic Studies in Geotechnical Cincinnati, OH
Engineering
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