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PREFACE

Since 1970, the Kentucky Geotechnical Group and the Cincinnati

Geotechnical Group, both affiliated with their local sections of the

American Society of Civil Engineers, have been the principal sponsors of a

series of one-day “Specialty Seminars”. The geotechnical seminars are

organized and presented for the purpose of providing a forum for the

interchange of ideas and techniques among engineers engaged in the

practice of geotechnical engineering, and particularly engineers engaged

in the areas of soil mechanics, foundation engineering, rock mechanics,

geomechanics, and geology. Past seminars and topics are summarized

in Appendix A3.

The XXII Ohio River Valley Soils Seminar (ORVSS) was held

on October 18, 1991, at the Holiday Inn North in Lexington, Kentucky. The

seminar was principally organized and hosted by the Kentucky

Geotechnical Group of the American Society of Civil Engineers. Co

sponsors of the seminar included the Cincinnati Geotechnical Group of

the American Society of Civil Engineers, the University of Kentucky

Department of Civil Engineering Office of Continuing Education and the

Kentucky Transportation Center, the University of Louisville Department of

Civil Engineering and the Center for Continuing Studies, and the University

of Cincinnati Department of Civil and Environmental Engineering.

In November 1990, a task committee was appointed to

select a seminar theme and organize the twenty-second Annual Ohio

River Valley Soils Seminar. The task committee consisted of the following

members:

• Scott Murray -- Fuller, Mossbarger, Scott and May,

Civil Engineers, Inc.

• Tommy C. Hopkins -- Kentucky Transportation Research

• Henry Mathis -- Kentucky Department of Highways

• Bill Pfalzer — Kentucky Department of Highways

• Paul Howell -- U.S. Soil Conservation Service

• Karen Crawford -- U.S. Ecology

• Matt Graves — ERM Midwest

• Mike Bernauer - Contech Construction Products

• Larry Snedegar -- L E. Gregg Associates
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The time donated freely by these individuals is gratefully acknowledged.
The theme selected for the 1991 seminar was ‘Design and

Construction with Geosynthetics. Geotechnical and Civil Engineers
are involved daily with the design of retaining wall systems, waste
containment facilities, embankment structures, and with drainage control
and landslide remediation. Geosynthetics are being more widely used
today than ever before to manage difficult design and construction
problems associated with such projects. The ORVSS XXII seminar
focused on testing and evaluation of geosynthetics, and design and
construction techniques utilizing these materials.

As a means of developing the seminary subject and to encourage
participation among the various geotechnical engineers, the seminar
committee issued a call for abstracts in early 1991. Additionally, to ensure
that the seminar subject was fully explored and developed from a
technical viewpoint, some speakers with many years experience the
application of geosynthetics in engineering were invited to participate in
the seminar. As a result of these efforts, twelve papers were selected for
publication and presentation. Many other papers were also submitted for
publication.

Dr. Thomas W. Lester, Dean of the College of Engineering at the
University of Kentucky, welcomed the attendees and officially opened the
conference. Dr. Robert M. Koerner, the Director of the Geosynthetic
Research Institute at Drexel University, provided the seminar’s “Keynote
Address.” The organizing committee members greatly acknowledge Dr.
Lester’s and Dr. Koerner’s efforts and give them our warmest
appreciation.

The organizing committee divided the one-day seminar into two
sessions. The morning program (Session I) was devoted to six formal
presentations on the testing and evaluation of geosynthetic materials.
Following lunch, the afternoon program (Session II) consisted of six formal
presentations on design and construction procedures using
geosynthetics. Presiding over the conference was Craig M. Avery, Vice
President of Fuller, Mossbarger, Scott and May, Civil Engineers, Inc.
Following the last presentation of Session II, all attendees were invited to
cocktails and hors d’oeuvres.
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Geotechnical equipment and products pertaining to stabilization

were exhibited throughout the seminar. Members of the seminar

committee sincerely thank exhibitors for their participation. Their

generosity made the seminar more affordable to many engineering

students. A listing of exhibitors and patrons is shown on the following

pages.
The seminar committee deeply appreciates the contributions made

by the audience, presiding officers, and the authors of papers that were

presented at this seminar and published in the proceedings. Also, the

committee gratefully acknowledges the efforts of Neil Tollner, with the

University of Kentucky Transportation Center, and Shawn Horn and Sue

Jones with Fuller, Mossbarger, Scott and May.

Scott Murray
Seminar Chairman
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Altered friction properties of degraded geomembranes

by

Brian W. Randolph, BSCE, MS, PhD, P.E.

Assistant Professor, The University of Toledo

Toledo, Ohio 43606

Scott A. Raschke, BSCE, MSCE, E.I.T.

Research Fellow, The University of Michigan

Ann Arbor, Michigan 48109

Abstract: Geosynthetics represent an important class of building tools
available to the engineering field. To use these materials properly,

parameters required for design must be evaluated; however, since
these materials are often used in severe environments, the engineer

must understand that these design parameters can be altered over the

service life of the project. This project sought to determine how
chemicals affect the interface friction properties between geo

membranes and sand. High density polyethylene (HDPE) and

plasticized polyvinyl chloride (PVC) lining materials were subjected to

various chemicals and the changes in physical properties were

measured at 30 day intervals. Modified direct shear tests were also
performed to evaluate the interface friction angle, 6, of the degraded

geomembranes. Since the interface friction angle is a function of the

physical properties of the geomembrane and the sand, a relationship
exists between these physical properties which is independent of the
forces which brought the geomembrane to a particular state.

Previous work has suggested a relationship between the surface
hardness of the geomembrane and the ratio of the interface to direct
shear friction angle of the sand(6/ds). This allows 6 to be predicted

from the surface hardness of the geomembrane and direct shear

friction angle of the sand. Such a relationship exists for PVC geo

membranes whose surface hardness has been altered by chemicals.
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The PVC lining specimens which were exposed to organic solutions

lost plasticizers through extraction. This reduced the dimensions,

increased the surface hardness and reduced the interface friction angle

dramatically. Although the dimensions changed somewhat, the surface

hardness and interface friction angle remained relatively unchanged for

the HDPE lining specimens. Although the change in 6 was large for

some of the degraded PVC specimens, the lowest value was still higher

than any of the values measured for the HDPE specimens.

The results of this research have practical implications where the

interface friction properties play an important role in design, such as

lined containment facilities, pavement structures, reinforced slopes,

etc.

INTRODUCTION

One important aspect in the design of a landfill liner

system is ensuring that no type of slope failure occurs.

Slope failures of this nature can have catastrophic effects

as in the failure which occurred at the Kettleman Hills

Waste Landfill Facility in Kettleman City, California

(Mitchell, et al., 1990; Seed, et al., 1990). Since the

frictional resistance at the interface between the cover

soil and the liner is generally lower than the shear resis

tance within the compacted soil below the liner, a slip

page failure resulting in the cover soil sliding off repre

sents the most probable failure condition (see figure 1).

Thus, the interface frictional resistance, which is quanti

fied using the interface friction angle 6, is a critical

parameter required for stability analysis.

Waste containment facilities are constructed to

perform adequately over long periods of time. The liner

is subjected to harsh leachate components which they

must safely contain. Such an environment has been

shown to have an extreme effect on the physical proper

ties of liners (Miller, et al., 1991). The interface friction

angle, which is a function of the physical properties of the

liner and the soil, will also be altered over time. Thus,

even if an accurate value for 6 is obtained for the virgin

materials used in the construction of the liner system,

Soil slippage

Trench

C

Waste material

Slumped cover soil

Figure 1. Slippage failure between cover soil and a flexible membrane liner
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these values may change over time and the original

analysis will no longer be valid. A simple means of

assessing the altered properties over time would be

beneficial.

There has been much research performed on the

testing of liner/chemical compatibility. There has also

been much work performed to determine the interface

shear strength parameters required to design modern
waste impoundment facilities. Due to the number of soils

which can be used for cover and the different types of

liner materials currently available it is obvious that there

can be a large number of possible interface conditions.

Other factors influencing the interface shear properties

such as soil density, etc., make it very difficult to accu

rately estimate what the interface friction angle would be

for a specific situation. Early research has emphasized

testing basic classes of materials such as sand and

common geomembrane materials to provide engineers

with a rough estimate of the interface shear properties to

be used for preliminary design.

O’Rourke, et al. (1990), concentrated on determining

the interface friction angle between various types of sand

and polymers as a function of only the surface hardness

of the polymer, as measured by a Shore D durometer,

and the direct shear friction angle of the soil. They noted

that the ratio of the interface friction angle to peak direct

shear friction angle of the soil (6/d) was relatively

constant for three different types of sand over a range of

soil densities from 16-17 kN/m3 at a given surface

hardness. Hence, the interface friction angle could be

estimated by knowing the peak direct shear friction angle

of the sand as well as the Shore D Hardness of the
geomembrarie. Such a relationship allows the interface

friction angle to be determined regardless of other

material properties of either the soil or geomembrane.

This is more practical than trying to determine the

interface frictional properties experimentally for each

possible soil/liner combination.

PROJECT DESCRIPTION

The purpose of this research was to determine what
effect extreme environmental conditions would have on

the interface friction angle between geomembranes and

sand. The research also investigated methods to corre
late 6 with the altered surface hardness of geo

membranes.

Since different chemicals will have a different effect

on the physical properties of the liner over time, the

interface friction angle will change accordingly. With a
relationship between the altered surface hardness of a

geomembrane and the interface friction angle, the value

of 6 can be estimated regardless of the type of chemicals
present which altered the liner. The relationship is

applicable to situations where any type of contaminant is

present since the predicted interface friction angle is a

function of its surface hardness at any time, irrespective

of the forces which brought the liner to a particular state.

The geomembranes chosen for this project were

HDPE and PVC. These liners were chosen since they

represent the two most popular types of geomembranes
in use today. The project did not seek to determine how

suitable the two types of liners would be to contain
wastes. Rather, the intent was to intentionally degrade the

materials as much as possible to assess the effects on

the interface shear resistance. For this reason, “neat
chemicals of various classes were chosen which ap

peared to have the most severe impact on liner surface

hardness.

In order to show that the relationship between the

surface hardness of the liner and the interface friction
angle was independent of the type of contaminant
present, different classes of chemicals were chosen. It
was decided that the PVC liner specimens would be
immersed in two organic chemicals, kerosene and
ethanol, as well as two volumetric dilutions of nitric acid
(30% and 50%). It was more difficult to decide the

chemicals in which the HDPE specimens would be
immersed. From the literature review it was apparent that
HDPE geomembrane liners were very chemically resistant.
It was decided to also immerse the HOPE specimens in
two organic materials, ethyl acetate and turpentine, as
well as a single volumetric dilution of nitric acid (50%).
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TESTING PROGRAM

The test phase of the project involved three basic

steps:

1. The immersion of the liner specimens in aggressive

chemicals.

2. Measuring the altered physical properties of the

liner specimens.

3. Performing modified direct shear tests on the

specimens so that the interface friction angle could

be evaluated.

Immersion Tests

To evaluate how the chemicals affected the geo

membranes over time, the immersion procedure followed

the guidelines outlined in EPA test method 9090 (USEPA,

1986). EPA test method 9090 dictates that liner speci

mens be tested at thirty day intervals for a period of four

months. To evaluate the statistical variability in the

experiment, four test specimens were immersed for each

liner/chemical combination for each time period. Hence,

a total of 16 liner specimens were immersed for each

liner/chemical combination which was tested. Eight

additional specimens were provided as back-ups.

The HDPE liner specimens were provided by Gundle

Lining Systems and are produced under the trade name

Gundline®HD. PVC geomembrane material was provided

by Occidental Chemical Corporation. This geomembrane

is marketed under the trade name OxyfIex PVC. All

specimens were 30 mil (0.75 mm) thick and were cut

down to 90 mm wide by 172 mm long.

Glass reaction vessels were chosen to contain the

specimens for immersion. The reaction vessels were one

gallon hexagonal ‘fish bowls which were purchased from

the Libbey Glass Co. Two holes were punched at the top

of the liner specimens so that they could be suspended

from glass racks within the reaction vessels. Glass

spacers were used to keep the specimens from touching

each other. Each rack held four specimens so that the

entire group of specimens for each time duration could

be retrieved together. Two of these racks were placed

into each reaction vessel. A glass plate and high vacuum

grease were used to seal the vessel opening to ensure

that the organic solutions would not volatilize. Each

vessel was filled with 4.1 liters of chemical. The solution

volume to surface area ratio was 3.3 mI/cm2. The vessels

were placed under ventilation hoods on wooded racks

which allowed magnetic mixers to be placed under the

vessels to stir the solutions. Mixing was done every four

to seven days. The temperature was maintained at 23 ±

2°C as required by EPA test method 9090.

Physical Property Tests

The following physical properties were measured and

recorded for each liner specimen prior to and after

immersion:

1. Gauge thickness, mil (0.001 in.) -- average of the

four corners.

2. Mass, g -- to the nearest 0.001 g.

3. Length, mm — average of the lengths of the two

sides and the length measured at the center of the

liner specimen.

4. Width, mm — average of the widths of the two

sides and the width at the center of the liner

specimen.

5. Surface hardness as measured in accordance with

ASTM 02240-85 (ASTM, 1988a).

A Shore D durometer was used to measure the

surface hardness. A durometer is a hand-held indenta

tion device which consists of an indentor which is

attached to a calibrated spring. The force required to

indent the material is an indication of the material hard

ness which is dependent upon the elastic modulus and

the viscoelastic behavior of the material. A subjective

value from zero to 100 is obtained with larger readings

obtained for harder materials. Since the liner specimens

were relatively thin, four of them were plied together so

that the hard surface underneath the specimens would

not influence the measured surface hardness of the geo

membranes.

Shear Tests

The values of the interface friction angle can be nor

malized with respect to the peak direct shear friction
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angle of the cover soil (6/j). Ottawa sand was chosen

because it is a relatively common test material used in

geotechnical engineering. The research by O’Rourke, et
al. (1990) indicated that the ratio of the interface friction

angle to peak direct shear friction angle of the soil (6/)

was relatively constant for a variety of soils over a wide

range of soil densities for medium density polyethylene.

However, it was decided to keep the range of soil densi

ties from 16.8 to 16.9 kN/m3 in this study. This range is

much narrower than the 16.5 to 17.0 kN/m3 reported by

O’Rourke, et at. (1990).

The procedure outlined in ASTM D3080-72 (Standard

Method for Direct Shear Test of Soils Under Consolidated

Drained Conditions) (ASTM 1988b) was followed to obtain

the friction angle for the Ottawa sand. This procedure

was also supplemented by information published by

Bowles (1986). A motorized Soiltest model 0-110 Direct

Shear Apparatus was used to perform the test. A 63.5

mm square shear box was used. The test was displace

ment controlled at a rate of 1 mm/mm. The shearing was

performed until a shear deformation of 10 percent of the

shear box length (6.3 mm) was obtained.

All tests were performed with air-dry Ottawa sand.

Sand was placed in three equal lifts with the total speci

men height being approximately 31.8 mm. As recom

mended by Head (1982), an electric engraving tool was

used to vibrate the soil to a uniform density. This

procedure resulted in relatively dense, uniform soil

specimens. The soil density for all of the shear tests

(both on the sand only and the interface tests) was kept

within the range of 16.8 to 16.9 kN/m3.

Four different normal loads were used to define the

failure envelope. These loads resulted in normal stresses

of 14.0, 28.5, 55.4, and 77.5 kPa. This range of normal

stresses was similar to that used by other researchers

(Martin, et aL, 1984; Williams and Houlihan, 1987; 0’-

Rourke, et al., 1990). O’Rourke, et al. (1990) demonstrat

ed that the friction angle was independent of the normal

stress so it was not necessary to perform tests at either

low or high normal stresses.

While there is no standard test procedure for interface

shear, the test was performed in a manner similar to the

direct shear test with a few modifications. The configura

tion used for this research is shown in Figure 2. The

Swan

Figure 2. Details of the modified direct shear apparatus

Upper shear box

Upper loading plate

Aluminum plate -/
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lower shear box was replaced by a plate to which the

geomembrane was attached using two aluminum bars. It

is possible that using this configuration could result in

displacing the liner ahead of the shear box, particularly at

high normal stresses. This was not observed, however,

and did not present a problem.

The test was performed in a similar manner to the

direct shear test on the Ottawa sand except that soil was

placed in two lifts instead of three. The total soil thick

ness was approximately 15.9 mm. The rate of displace

ment was 1 mm/mm. and vertical displacement and

shearing load readings were taken. The same normal

loads were applied, again resulting in normal stresses of

14.0, 28.5, 55.4, and 77.5 kPa.

RESULTS

Changes in physical properties of the liner specimens

corresponded with changes in mass. The PVC speci

mens which were immersed in kerosene and ethanol

apparently lost plasticizer through extraction (Haxo, et.

al., 1985). This led to a decrease in mass as well as

length, width arid thickness. The stiffening caused by

losing the plasticizer also led to an increase in the

surface hardness. The PVC specimens which were im

mersed in the nitric acid solutions absorbed the solution

and swelled. The increase in mass led to an increase in

all of the liner dimensions as well as a decrease in

surface hardness.

The PVC specimens were cut from a large piece of

material using a template. It was not noted until after the

immersion was under way that there were small-scale

features which ran parallel to the machine or extruded

dimension of the specimens. The significance of this

feature became obvious when measuring the altered

physical properties of the PVC specimens which were

immersed in the nitric acid solutions. The liner speci

mens had a tendency to swell approximately 30 percent

more in the direction perpendicular to this feature than to

the direction parallel to the feature.

The HDPE specimens immersed in the three chemi

cals (ethyl acetate, turpentine and 50% nitric acid) all in

creased slightly in mass. The increase was greatest for

the specimens immersed in turpentine and the least for

those immersed in the 50% nitric acid solution. All of the

dimensional changes were positive, except in the case of

the specimens immersed in ethyl acetate and nitric acid.

Here some of the changes were slightly negative. This

was more likely due to experimental error than the

occurrence of a different type of reaction. For HOPE,

increases in mass also led to a decrease in surface

hardness. Dramatic changes in the physical properties of

the HOPE liner specimens were not expected since the

material is known for its chemical resistance.

Figure 3 shows a plot of the peak shear stress versus

normal stress for the Ottawa sand from direct shear tests.

These results reflect Ottawa sand whose unit mass was

approximately 16.8 kN/m3. The value for the peak direct

shear friction angle from Figure 3 is 37.1°. This is similar

to the value of 38° found by O’Rourke, et al. (1990) for

Ottawa sand at the same density.

The result of the direct shear tests to measure the

interface friction angle between the Ottawa sand and an

undegraded PVC liner is shown in Figure 4. The mea

sured vertical displacement versus horizonta’ displace

ment is shown in the lower part of the Figure. This

indicates the amount of dilation which occurred and has

an effect on the measured shearing resistance (Tatsuoka,

1985). The upper portion of the Figure shows the mea

sured shear stress versus horizontal displacement. These

results are from the four different normal stresses which

were applied. The peak value of shear stress is plotted

against the corresponding normal stress so that the

Mohr-failure envelope can be obtained and the interface

friction angle determined. Similar data is shown in Figure

5 for a PVC specimen which had been exposed to

kerosene for 30 days. The Shore D Hardness was 40 for

the undegraded specimen and 67 for the specimen which

had been immersed in kerosene.

It is apparent from Figures 4 and 5 that the shear

stress at the same normal stress is much greater for the

undegraded specimen than for the degraded one. Also,

less dilation was observed in the test on the degraded

PVC specimen than on the undegraded one. The shear

ing mechanism for the undegraded PVC lining specimen

involves rolling of sand grains since the surface is
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Figure 3. Normal stress vs. peak shear stress for Ottawa sand at 16.8 kN/m3

relatively soft and the soil grains can imbed the surface

of the liner more easily. The shearing mechanism for the

degraded specimen, however, is slippage at the interface

since the surface is much harder after immersion. It was

noted when performing the tests that scratches would

appear on the liner specimens which had become stiff

through the extraction of plasticizer, while no permanent

scratches were noted on the soft undegraded PVC liner

specimens or those which had become softer by immer

sion in the nitric acid solutions.

The results of direct shear tests performed on an

undegraded HDPE liner specimen are shown in Figure 6.

Test results for an HOPE specimen which was exposed to

turpentine for 30 days are shown in Figure 7. The Shore

D Hardness of the undegraded liner was 61 and was 56

for the specimen exposed to turpentine. There was little

dilation since the surface was relatively hard. Surface

scratches were observed on both specimens after

performing the shear tests. The measured shear resis

tance was almost identical for both specimens despite the

fact that the surface hardness for the degraded HOPE

liner was somewhat less than the undegraded liner.

Figure 8 shows the peak shear stress versus normal

stress plot for the PVC test data shown in Figures 4 and

5. The angle that a line passing through the data points

makes with the horizontal is the interface friction angle,

6. From this plot, it was found that 6 is equal to 32.9° for

the undegraded PVC specimen and 23.3° for the speci

men which was exposed to kerosene. Thus the interface

friction angle had decreased significantly from the

undegraded state.

Data were obtained from Figures 6 and 7 for the

HDPE liners and summarized in Figure 9. The interface

friction angle was found to be 19.0° for the undegraded

specimen and 19.1° for the specimen exposed to turpen

tine. It appears that the softening caused by the turpen

tine on the HDPE specimen had little or no effect on the

interface friction angle.

0

U)
U)

(-I)

Cu
ci)

Cl)

I) 90 80

1—7



50

E E C a, E a Cl
,

Cu C)

4
o

U
,

U
, 3
0

U
,

Cu a, 2
0

E E C a, 0
.

Cl
,

C
u

0 Cl
,

Cl
)

a, Cl
) a a, 0

H
or

iz
on

ta
l

d
is

p
la

ce
m

en
t

(m
m

)

N
or

m
al

S
tr

es
s

10

[
1

4
0

1
a

—
I-

—
28

.5
kp

a
-4

E
--

55
.4

kP
a

—
—

77
.5

kP
a

7
U

I
I

I
I

0
1

2
3

4
5

6
H

or
iz

on
ta

l
d
is

p
la

ce
m

en
t

(m
m

)

N
or

m
al

S
tr

es
s

—
—

14
.0

kP
a

—
4-

-—
28

.5
kP

a
-4

+4
--

55
.4

kP
a

—
—

77
.5

kP
a

0.
3

0.
2

0.
1 c

n
-

H
or

iz
on

ta
l

d
is

p
la

ce
m

en
t

(m
m

)

Fi
gu

re
4.

D
ir

ec
t

sh
ea

r
te

st
re

su
lt

s
fo

r
un

de
gr

ad
ed

PV
C

sp
ec

im
en

H
or

iz
on

ta
l

d
is

p
la

ce
m

en
t

(m
m

)

Fi
gu

re
5.

D
ir

ec
t

sh
ea

r
te

st
re

su
lt

s
fo

r
PV

C
sp

ec
im

en

im
m

er
se

d
in

ke
ro

se
ne

fo
r

30
da

ys



Cu 0
. Cu Cu a, Cu Cu a) C

o

2 E a, 2 a, C.
,

Cu Cu Cu 0 t a, >

0

20

Cu Cu a) Cu Cu a)
10

I
I

I
I

I
I

I
I

I
I

)(
)(

H
or

iz
on

ta
l

d
is

p
la

ce
m

en
t

(m
m

)

N
or

m
al

S
tr

es
s

-+
E

—
14

.0
kP

a
—

I-
—

28
.5

kP
a

—
—

55
.4

kP
a

-
—

77
.5

kP
a

i
3

4
5

6
H

or
iz

on
ta

l
di

sp
la

ce
m

en
t

(m
m

)

N
or

m
al

S
tr

es
s

—
*€

-
14

.0
kP

a
—

I-
—

28
.5

kP
a

—
--

55
.4

kP
a

—
—

77
.5

kP
a

0.
2

0.
1

2 E C a, E a, C.
)

Cu 0
.

Cu Cu 0

i
-

-
-

H
or

iz
on

ta
l

d
is

o
la

ce
m

en
t

(m
m

)
Fi

gu
re

6.
D

ir
ec

t
sh

ea
r

te
st

re
su

lt
s

fo
r

un
de

gr
ad

ed
H

D
PE

‘4
5

H
o

ri
zo

n
ta

l
di

sp
la

ce
m

en
t

(m
m

)

Fi
gu

re
7.

D
ir

ec
t

sh
ea

r
te

st
re

su
lts

fo
r

H
D

PE
sp

ec
im

en

im
m

er
se

d
in

tu
rp

en
ti

ne
fo

r
30

da
ys

sp
ec

im
en



60

50’

40’
a

( = 32.9°)
Undegraded PVC liner..7V

C,)
U)

-.

U)
.c
Cl) or

Deraded PVC liner (kerosene/one mo.)

( = 23.3°)

10>A

I I I I I I

0 10 20 30 40 50 60 70 80

Normal stress (kPa)
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The interface friction angle values for all the speci

mens were found in a similar manner. They were then

normalized by the value of the peak friction angle of the

Ottawa sand. These normalized values (6/,) were

plotted against the Shore 0 Hardness values of the

immersed liner specimens and are shown in Figure 10.

Figure 10 shows that the interface friction angle is not

dependent only on the Shore D Hardness of the liner

specimens. The plot clearly indicates that there is some

material bias. The data for the HDPE liner specimens

indicate that there is relatively little change in the normal

ized friction angle (ó/4) over the range of measured

surface hardnesses. A linear regression analysis yielded

the following relationship(r2=0.0027) for HOPE:

-O.00037HD+O.569

The PVC lining specimens, however, appear to follow a
trend in which the normalized friction angle decreases

with increasing surface hardness. A linear regression

analysis yielded the following relationship (r2=0.64) for

PVC:

= -0.0041 6h1+0.986 (2)

This is similar to an equation obtained by O’Rourke, et al.

(1990) for a variety of undegraded polymer specimens:

= -O.OO88H,+l .15 (3)

It is apparent that while similar in form, the two
relationships differ considerably from the regression

obtained by O’Rourke, et al. (1990) for a group of many
(1)

types of polymers including PVC and HOPE. The rather

low correlation coefficient of the HOPE liner specimens is
expected since the normalized friction angle remained

relatively constant over the range of measured surface

hardnesses.

a)
0)
C

C
0

U

G)
N

E
L.

0z

Figure 10. Normalized friction angle (/ds) vs. Shore D Hardness

Shore D Hardness

1—11



DISCUSSION

Early research performed by Haxo, et al. (1985)

seemed to indicate that PVC was a suitable liner material

for certain applications such as municipal waste impound

ment facilities. The work by Miller, et al. (1991), however,

shows that even municipal waste leachate can have a

substantial negative effect on a PVC liner over time.

Therefore, although the concentrated chemicals used in

this research are unlikely to be found in situ, similar

degradation may occur over a longer period of time under

lower concentrations.

The fact that shrinkage caused by the extraction of

plasticizer in the PVC liner can induce stresses large

enough to jeopardize the integrity of the liner was illus

trated by Miller, et al. (1991). Every PVC specimen

immersed in the current study experienced significant

dimensional changes. Therefore, the importance of

immersion testing for dimensional changes has been

emphasized by this research. Also, the fact that this PVC

liner had a tendency to swell more perpendicular to the

machine or extruded direction is important. This factor

should be taken into consideration if dimensional stability

is more important in one direction when placing such

materials.

The immersion tests on the HOPE lining specimens

demonstrated good chemical resistance. Although the

liner specimens exposed to turpentine did increase in

mass by almost seven percent, the dimensional changes

were very minimal. Also, mass changes occurred rapidly

(within a few days) for HDPE exposed to the hydrocar

bons.

The results of the interface shear tests on the PVC

liner specimens show that the interface friction angle

decreases as the surface hardness increases due to

extraction of plasticizer. The normalized interface friction

angle was found to be dependent on this physical

property of the liner which is independent of the forces

which brought it to that particular state. The effect does

not appear to be a function of the chemical that altered

the surface hardness. The results also show that the

trend is material dependent. The HOPE lining specimens

exhibited virtually no noticeable trend over the small

change in surface hardness observed, It should be noted

that even in the most degraded state, the interface

friction angle for the PVC lining specimens was still

greater than for any of the HOPE specimens.

Figures 3, 8 and 9 show a small intercept on the Mohr

plot for the direct shear tests on the Ottawa sand as well

as the interface shear tests. Since the failure envelope

should pass through the origin for a dry, cohesionless

soil, this intercept is probably due to friction in the shear

apparatus or an error in the shear force proving ring

calibration. For this reason, the intercept value should be

ignored and the value of the friction angle be used for

shear strength calculations. At worst, this would lead to

conservative estimates.

This work has demonstrated that environmental

changes to the physical properties of a liner can have an

impact on the interface friction properties between a

cover soil and liner. Therefore, parameters which are

used in the stability analysis of a lined waste impound

ment facility may change over a period of time. If this is

not taken into consideration, a slippage failure may occur.

Even if such a failure does not happen, the design factor

of safety may be reduced. As an example, the stability of

a waste impoundment facility lined with a PVC liner is

considered. Figure 11 shows a simple waste impound

ment facility with a single flexible membrane liner. An

interface friction angle for virgin materials of 32.9° was

used to compute factors of safety for a slippage failure

using a computer program which utilized both an infinite

slope and wedge method of analysis (Heydinger and

Jennings, 1987). Factors of safety for the infinite slope

method and the wedge method are 2.00 and 2.43,

respectively, If the PVC liner is exposed to kerosene to

the extent of the liner specimen in Figure 8, the interface

friction angle would be 23.3°. This would reduce the

factors of safety to 1.33 and 1.79, respectively. The

reductions in the factors of safety are substantial. Values

below 2.0 are not satisfactory and would not meet with

regulatory approval. These factors of safety are even

more alarming when all of the uncertainties in the design

are considered.
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Figure 11. Design example for an impoundment facility with a single FML

CONCLUS)ONS

This paper reported the effects that various chemicals

had on both PVC and HDPE lining materials over a 120

day period. The HDPE geomembrane exhibited very little

change in the studied physical properties over time. The

PVC lining specimens underwent significant change. The
organic solutions extracted plasticizer which is added to

PVC to make it flexible. This resulted in a decrease in

mass and dimensions. The surface hardness increased
while the interface shear angle decreased. While this

research was not intended to determine the compatibility
of the liner materials with the respective chemicals, the
results show the need for careful testing of lin
er/contaminant compatibility.

A relationship between the altered geomembrane

surface hardness caused by chemical interaction and the

interface friction angle with Ottawa sand has been shown.
The relationship is material dependent, with HDPE speci
mens exhibiting no apparent trend over the range of
surface hardnesses which were observed. The PVC liner

specimens showed a decrease in the interface friction
angle as the surface hardness increased. While the

Shore D Hardness does not appear to account for all of
the variations in the measured interface friction angles of
PVC, a relationship with satisfactory agreement was
found and can be of use to engineers involved in the
design of impoundment facilities. The results can also be
applied in other applications where the shear strength

between sand and geomembranes is important.

ITt
Cover soil (16.9 kNIm3)
,-FML

Trench
H

Soil subgraa

Design Example:

/

ste liquid
(10.0 kN/m3) h

H=1O.Om
h=8.5m
cz0= 16.0°

18.00

Tb= 10 m
Tt=0.5m

UNDEGRADED DEGRADED
PVC LINER PVC LINER

Wedge

8=32.9° 8=23.3°
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Pullout testing for modular concrete retaining walls
reinforced with geogrid
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Abstract: Modular concrete retaining walls are
constructed of concrete block units that are stacked
without the use of mortar between the joints. The
units are normally interlocking which provides both
alignment and structural integrity. The wall systems
may be reinforced with polymer geogrids.

This paper describes a laboratory test
program to determine the connection strength between
the modular concrete units and the polymer geogrids.
Systems from five different manufacturers were
tested. Testing consisted of placing the geogrid
between layers of the nodular units and applying a
vertical normal load to the top unit. A hori2ontal
force was then applied to the geogrid to pull it out
from between the units.

All systems tested exhibited both an
interlock strength and a frictional behavior. A
model was formulated to represent this behavior. The
purpose of the program was not to compare different
systems, but to study the basic nature of the pullout
resistance and to improve design procedures.

INTRODUCTION

Reinforced soil retaining wall
systems are composed of facing elements,
reinforcements, and backfill soil. The
particular systems which are the subject of
this paper make use of modular concrete
units as the facing elements and polymer
geogrids as the soil reinforcements. A
good description of these systems has been
presented by Berg (Berg, 1991). The
modular concrete units stack without the
use of mortar and have some type of
interlocking mechanism to tie the units
together. A typical system is shown in
Figure 1.

Guidelines for design of these
wall systems are given in the FHWA design
manual (Christopher et al. 1990). Both
external and internal stability analyses
are an essential part of the design
process. Internal stability includes
consideration of the connection between the
modular concrete facing units and the
polymer geogrid reinforcements. Current
procedures require that the reinforcement
connections to the facing should be
designed to carry 100% of the maximum

design tensile load at all
Force 27, AASHTO-AGC-ARTBA
strength of these connections
in a laboratory for several
and the results are presented

Figure 1. Modular concrete wall system

levels (Task
1990). The
were measured
wall systems
herein.
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RETAINING WALL SYSTEMS TESTED

Modular Concrete Units
Five different modular concrete

systems were used in the test program and
are shown in Figure 2. The systems all
have some form of interlocking mechanism
between units including pins, clips, and
concrete lips or projections. Some of the
units have hollow cores which are filled
with crushed stone to provide stability.
In each case, the geogrid reinforcements
are placed between the unit layers. as the
wall is constructed. The connection
between the facing units and the geogrid is
different for each system.

BOTTDM_4 II

PIN-H I
I’ I

FRONT
LIP

PIN

Figure 2. Wall systems tested

STONEWALL
SYSTEM

ALLAN
SYSTEM

DIAMOND
SYSTEM

ROCKWOOD
SYSTEM

VERSA—LOI<
SYSTEM

The Stonewall units have a hollow

core which is filled with crushed stone as

the wall is constructed. Polymer clips are

used to align the units at the proper set

back angle and to provide some shear

strength. The geogrid is held in place by

a combination of friction and interlock

with the concrete and crushed stone, and by

contact with the clips.
The Allan units have a hollow core

which is filled with crushed stone. A lip

is cast at the front and top of the units

to provide alignment and stability. The

geogrid is placed between the units and is

held in place by friction and interlock

with the crushed stone and concrete.
The Diamond units have a concrete

lip cast at the back and bottom of the

units for alignment and stability. These

units do not have a hollow core. The

geogrid is placed between the units and is
bent around the lip at the back.
Connection strength is provided by this
bend in the geogrid along with friction
with the concrete.

The Rockwood units are larger than
the others and are not integral units, but
are made up of separate pieces that are
pinned together. They do have a hollow
core which is filled with crushed stone.
Pins are used for alignment and stability.
The geogrid connection is through friction
and interlock with the concrete and crushed
stone along with contact with the pins.

The Versa—Lok units do not have a
hollow core and alignment and interlocking
is provided by pins. The geogrid is held
in place by the pins and by friction with
the concrete.

Geogrid Reinforcement
The geogrid reinforcements used in

the testing program were those normally
specified for the particular wall systems.
A total of five different geogrids were
used which are listed in Table 1.
Properties of geogrids are contained in the
Miragrid design manual (Simac, 1990) and
the Tenser design manual (Tensar, 1990).

Table 1. Geogrid descriptions

Systems Tested

TEST PROGRAM

The combinations of modular
concrete units and geogrid reinforcements
that were tested were those requested by
the sponsors of the research program and
are presented in Table 2. In some cases
the units were tested with only one
geogrid, and in others several geogrids
were used.

For each system or combination of
modular units and geogrid reinforcements a
series of laboratory tests were conducted
to determine the pullout resistance over a
range of normal loads, Three replicate
tests were conducted at each normal load.

Apparatus
The testing apparatus is shown in

Figure 3. A beam was used to restrain the

Geoci’rid Description

Tenser Extruded
BXl200 Polypropylene

Tensar Extruded
UX1400 Polypropylene

Tensar Extruded
IJX1500 Polypropylene

Tensar Extruded
UX1600 Polypropylene

Miragrid Composed of
5T Polyester Yarns
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modular units from moving. The geogrid was
placed between the modular concrete units
in the same manner as the wall is
constructed with the free end extending
through a slot in the beam. The free end
of the geogrid was clamped for application
of the pullout force. Normal loads were
applied by dead weights acting on a hanger
arrangement which extends through holes in
the laboratory test floor. Pullout forces
were applied at a constant displacement
rate of 0.5 inches/minute using a 10,000
pound MTS closed loop hydraulic testing
machine. Forces were determined with an
electrical resistance load cell and a
force—displacement graph was plotted using
an X—Y recorder.

Table 2. systems tested

I MODULAR
I CONCRETE :::&

L UNIT

Figure 3. Pullout testing apparatus

Procedures
The first step was to place the

bottom course of units which generally
consisted of two or three units depending
on the system. When applicable, the hollow
cores were filled with crushed stone and
the pins or clips positioned. The geogrid
was then positioned to interlock with the
pins or clips, and/or the crushed stone.
The top course, consisting of one or two
units, was then placed in a running bond
configuration. The normal load was then
placed in position and the horizontal
pullout forces applied.

TEST RESULTS

Typical Results
Typical results from a pullout

test are presented in Figure 4. The

pullout resistance increases with
deformation to reach a peak value of 890
pounds at a deformation of 2.4 inches. The
deformation shown includes both relative
movement of the geogrid with respect to the
wall units and elongation of the geogrid
itself. The jagged nature of the graph
indicates a buildup of resistance as the
geogrid engages a stone or obstruction and
then a reduction as it slides past the
obstruction. In some cases there was some
local failure and tearing of the geogrid at
locations of stress concentrations.

1000

0.5 1 t5 2 2:5
DEFORMATION, INCHES

Figure 4. Test results from
Miragrid 5T test,
of 580 pounds

In design of retaining wall
systems it may be advisable to establish a
limit to wall deformations. In this case
the appropriate pullout resistance for
design may not be peak strength, but the
resistance at a specified deformation. For
example, in Figure 4, the resistance at a
deformation of 1.0 inches is 580 pounds,
which is significantly less than the peak
value of 890 pounds.

Results of the test series for the
Stonewall-Miragrid system is shown in
Figure 5. Peak values of pullout
resistance are plotted versus the normal
load. Units are given in pounds/foot,
determined by dividing the total forces by
the width of the unit tested which was 16
inches.

Test results indicate that there
is a significant pullout resistance at a
normal load of zero. This is attributed to
interlocking of the geogrid with the clips
and with the crushed stone in the unit
cores. The resistance then increases at a
rate proportional to the normal load up to
a point which may be termed the
proportional limit. Beyond this point the
resistance appears to increase only
slightly and approaches a limiting
strength. This is associated with local

Modular Concrete Units Geocrids
Stonewall Miragrid ST
Allan Tensar BX1200
Allan Tensar UX1400
Allan Tensar UX1500
Allan Tensar UX1600
Rockwood Miragrid 5T
Diamond Miragrid ST
Diamond Tensar BX1200
Diamond Tensar UX1400
Diamond Tensar UX1500
Versa—Lok Tensar UX1400
Versa-Lok Miragrid 5T

NORMAL
LOAD

Cl)
D
z
D
0
0

w
C-)z

Cl)
CI)
uJ

I—
D

9
-J
D
a-

PEAK RESISTANCE 890 LB

900 -—-- —

800

700 -—————— -

600 ————— . —— —....-.--

500 ——— --—

400
RESISTANCE AT 1 -INCH

I DEFORMA11ON = 580 LB

300 ‘-----

-— --—------_____________

200 —

— -.

100-— ----—-------—----—----- ...— —

0
0

GEOGRID

PULLOUT
CLAMPING FORCE

DEVICE

Stonewall—
normal load
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failure of the geogrid at stress
concentrations.

1000—i —

1EEtE
100——- — .-.-.. - ..

200 400 600 800 1000 1200 1400
NORMAL LOAD, POUNDS/FOOT

Figure 5. Results of Stonewall —

Miragrid 5T test series

A Model for Pullout Resistance
Results similar to those shown in

Figure 5 were obtained for all systems
tested. A model was formulated to
represent the pullout resistance which is
shown in Figure 6. Interlock is the term
used to represent the resistance due to the
engagement of the geogrid with any pins,
clips, lips, grooves, or stone in the
system. Frictional behavior is represented
by the angle shown. This angle is related
to the friction angle, but is not directly
equal because friction acts on both the top
and bottom faces of the geogrid. The
relationship shown in Figure 6 may be
represented by

R = I + 2NtanI3 (1)

where, R = pullout resistance,
I = interlock strength,
N = normal load, and
13 = friction angle.

Equation (1) is valid up to the
proportional limit. At that point the
pullout resistance curve changes slope and
tends to approach a limiting value which
represents failure of the geogrid. The
proportional limit does not represent
failure and the pullout resistance may be
greater than the proportional limit.

For some of the tests the geogrid
did fail and it was observed that the
failure was progressive being initiated at
points of stress concentration. The
failure may occur at a load significantly
smaller than the tensile strength of the
geogrid as determined from a wide-width
strip tension test.

Analysis of Results
Interlock strength and friction

angle were determined for each of the
systems tested and the results are
presented in Table 3. The proportional
limit is also shown if it was determined
from the testing. For those systems where
the proportional limit was not determined,
the limit of testing is given. With the
information given the pullout resistance
may be determined from equation (1) for
values up to the proportional limit or the
limit of testing.

Table 3. Results of Laboratory Testing

Upon examination of the test
results it is difficult to make any
generalizations or comparisons of the
systems. It appears that each system
should be tested individually and those
particular results used for design and
evaluation. Each system did exhibit an
interlock strength, although the mechanisms

0
U.

Cl)

z
D
0

w
C)

I
0

Prop.
Limit
or

Interlock Limit of
Strength Friction Testing

System lb/ft Angle. 13 lb/ft
Stonewall 137 440 689
M’grid ST
Allan 249 430 772
BX1200
Allan 174 35° 993
UX14 00
Allan 176 32° 902
UX15 00
Allan 77 53° 1200
UX16 00
Rockwood 509 29° 1319
M’grid 5T
Diamond 219 31° 790
M’grid 5T
Diamond 198 36° 895
BX1200
Diamond 116 29° 897
UX14 00
Diamond 161 29° 971
UX15 00
Versa—Lok 208 16° 724
M’grid 5T
Versa—Lok 431 25° 1020
UX14 00

GEOGRID

I
LURE

J1NTERL0CK

NORMAL LOAD

Figure 6. Pullout resistance model
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are very different. Each system also shows
a frictional behavior with the friction
angles ranging from 16° to 53°.

ANALYSIS OF EXAMPLE WALL SYSTEM

Current design practice (Task
Force 27, AASHTO—AGC—ARTBA, 1990) requires
that the connection between the facing
units and the geogrid reinforcement be
strong enough to carry 100 percent of the
geogrid design load. A typical retaining
wall system was analyzed with respect to
connection strength to illustrate the
procedures involved.

The particular system chosen was a
Stonewall retaining wall reinforced with
Miragrid 5T which is shown in Figure 7.
The backfill was a cohesionless soil with
the properties indicated. Ranicine active
earth pressure theory was used to construct
the earth pressure diagram. It was assumed
that the wall was vertical and
frictionless. Design loads for each of the
geogrid layers were determined by assuming
that the geogrid carries the earth pressure
from halfway to the adjacent layer above to
halfway to the adjacent layer below as
illustrated in Figure 8. Design loads
determined in this manner are shown in
Table 4 for each of the layers.

SOIL PROPERTIES

UNIT WEIGHT = 118 P1W
COHESION = 0
ANGLE OF INTERNAL
FRICTION = 36 DEGREES
Kcz = 0.260

TRIBUTARY AREA FOR
DETERMINATION OF
GEOGRID DESIGN LOAD

— GEOGRID A

Figure 8. Earth pressure distribution for
determination of geogrid design
load

Normal loads acting on a layer of
geogrid are equal to the overburden weights
of the modular units and soil above the
grid. Each modular unit filled with
crushed stone weighs 59 pounds/foot. Thus,
for layer A which has four courses of units
above it, the normal load is four times
that value or 236 pounds/foot. Normal
loads were determined for each layer and
are shown in Table 4. The pullout
resistances were determined from laboratory
testing as discussed previously and
presented in Figure 5. It may be noted
that for layers B through F the pullout
resistance is greater than the proportional
limit. It may also be noted that the range
of normal loads in the test series was not
sufficient to define the pullout
resistances for layers C through E. For
these layers the pullout resistance was
assumed to be the maximum value determined
during testing. Factors of safety were
determined from

Factor of Safety = Pullout Resistance. (2)

CONCLUSIONS

A laboratory testing program has
been conducted to determine the the pullout
resistance or connection strength between
modular concrete units and geogrid
reinforcements. All systems tested
exhibited both interlock strength and
frictional behavior. A model was
formulated to represent these
characteristics.

The purpose of the testing program
was not to compare different retaining wall
systems, but to determine the nature of the
pullout resistance and to aid in
formulating and improving testing and
design procedures. It appears at this time
that each wall system should be tested
individually and with the particular
geogrid reinforcement that will be
specified on a project.

Peak pullout resistance was used
for the analyses in this study. It has
been suggested that deformation may be a
critical factor and that for design
purposes a pullout resistance at a limiting
deformation would be more appropriate.

Table 4. Analysis of connection strength

Design Normal Pullout Factor
Load Load Resistance of

Layer lb/ft lb/ft Jft Safety

A 244 236 600 2.5

B 369 473 770 2.1

C 449 650 800 1.8

D 467 828 800 1.7

E 441 946 800 1.8

F 750 1068 800 1.1

32’

32’

‘A

13’—4’ 24’

24’

16’

Figure 7. Retaining wall system analyzed

Design Load

ACTIVE
EARTH
PRESSURE
DIAGRAM
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The loading rate for this study
was relatively rapid or short term.
Further research is necessary to examine
the long term loading effects on connection
strength.

An analysis of a typical wall
system was presented to illustrate the
procedures involved in design of the
connection between the modular concrete
facing units and the geogrid
reinforcements. Test results were a
necessary part of that analysis.
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Abstract: Geosynthetic products have been widely accepted and utilized by
civil/environmental engineers for a variety of applications. Appropriate
application of geosynthetics requires a knowledge of the interface behavior
between them and the surrounding media. Although several researchers
have studied the interface friction angles between soils and geosynthetics,
only a limited number of studies have been conducted to determine the
properties of the common contact between geosynthetic layers. It is
becoming a more standard practice to place one type of geosynthetic layer
directly over another type. The geosynthetic products generally have smooth
surfaces in comparison with compacted soil or waste layers. Therefore, the
interface existing between the geosynthetics could constitute a critical plane
in the landfill/surface impoundment stability problem.

A conventional two inch square direct shear device was utilized to
conduct an extensive experimental study on the interface behavior between
two common geosynthetic interfaces. The geomembrane liners employed
were smooth HDPE and textured HDPE. A polyester nonwoven geotextile
was sheared against each of the two geomembrane layers under dry
conditions at room temperature. It was found that shear strength between
the geotextile and the HDPE geomembrane is derived from adhesion and
friction, similar to the cohesive soil/geomembrane interface. And, it was
observed that the geotextile polished the HDPE geomembrane material and
the initial interface friction angle was reduced by as much as 25% over the
smooth surface and by as much as 40% over the textured surface. In most
cases the ultimate friction value was reached within 5 or 6 load cycles for the
smooth HDPE and approximately 2 or 3 more cycles for the textured HDPE.
A simple mathematical formula was developed for computing the residual
interface friction angle as a function of the number of shearing cycles.

INTRODUCI’ION

Within the last decade a variety of geosynthetic
products have emerged as new construction material for
geotechnical and environmental facilities. Especially
geotextile and HDPE geomembrane products have become
essential components of the modern solid/hazardous waste
landfills and surface impoundments. The HDPE
geomembrane is used to form a bottom composite liner of
very low permeability, and the geotextile is applied at various

locations within the bottom section for cushioning, filtering,
separating or drainage. Details of these applications are
found in U.S. EPA documents (U.S. EPA 1985, 1988).

A number of studies have been conducted to
characterize the interface friction properties between the
HDPE geomembrane and soils. However, a limited amount
of attention has been given to the contact between
geosynthetics. One of the most comprehensive studies on
this topic is the work by J. K. Mitchell, et. al. (1990). They
applied three levels of normal stress of 23, 45.8, and 69.4 psi

3—1



and observed that the interface shear resistance did not vary
with changes in interface normal stress. And, their finding
was that the friction between the smooth HDPE
geomembrane and geotextile depends on the degree of
polishing and the degree of interface saturation. Table 1
summarizes the results obtained by J. K. Mitchell, et. al.
(1990) which were divided into five categories - unpolished
(thy, submerged), partly polished (dry), and fully polished
(dry, submerged). The results presented above are contrary
to the shearing of the soils/HDPE geomembrane interface.
O’Rourke (1990) concluded that no significant change in
interface shear resistance results when Ottawa sand is
sheared over smooth HDPE geomëmbrane repeatedly for 20
times, although increased surface roughness was observed on
the HDPE surface.

In other studies a relatively wide range of peak
interface angle values was presented, and no details of the
interface behavior were discussed for the geotextile/HDPE
geomembrane interface. Also, the fact that none of the
studies mentioned the geotextile’s polishing action against the
HDPE geomembrane indicates that these results were
probably obtained without incorporating the polishing effect.
For example, an interface friction angle of 32° resulted for a
geotextile/textured HDPE geomembrane interface by Soil &
Material Engineers, Inc. (1987) under normal stress of 4 to
7 psi. Friction angles of 11° and 29° are mentioned for the
geotextile/smooth HDPE and geotextile/textured HDPE
interfaces, respectively, in handbooks provided by Gundle
Lining Systems (1990). Williams and Houlilian (1986)
obtained interface friction angles of 10° and 12° for the
interfaces between two geotextiles (Trevira 1135 and 2125)
and a smooth HDPE geomembrane. And, Negussey, et. al.
(1989) utilized a ring shear device and derived a residual
friction angle of 6.5° between a 80 mil HDPE geomembrane
and a geotextile (Texel 7612).

Table 1. A summary of results obtained by J.K. Mitchell, et. al. (1990)

Shear Residual
Test Number of Peak Friction Displacement Friction
Condition Tests Angle (in.) Angle

Unpolished,
Dry 6 12.5° ± 0.7° 0.047 ± 0.010 10.6° ± 1.2°

Unpolished,
Submerged 4 10.4° ± 1.0° 0.022 ± 0.005 8.4° ± 1.2°

Partly Polished,
Dry 13 10.6° ± 0.7° 0.042 ± 0.020 9.8° ± 0.7°

Fully Polished,
Dry 4 10.3° ± 0.9° 0.048 ± 0.010 9.6° ± 0.9°

Fully Polished,
Submerged 9 9.3° ± 1.0° 0.034 ± 0.013 8.4° ± 0.9°

This paper examines more closely the behavior of the
HDPE geomembrane/geotextile interface. The change in
peak and residual interface friction angles, horizontal shear
displacement at peak shear stress, and geomembrane surface
roughness were monitored during repeated shearing.

EXPERIMENTAL PROGRAM

In this study, a total of nearly 200 direct shear tests
were performed for the geotextile/F{DPE geomembrane
interface utilizing a conventional 2 inch square direct shear
device. This test device is equipped with an electric motor,
a force ring, two displacement gages, and weights on a
suspending arm. The electric motor is required to achieve a
displacement controlled mode. The force ring has a capacity
of 2,000 lbs.

The geomembrane specimen was attached to a rigid
steel plate anchored on top of the lower box, and the upper
box, containing a block wrapped with the geotextile
specimen, was slid at a constant rate of 0.03 inch per minute.
Figure 1 illustrates the experimental set-up. The applied
normal stress was varied between 17.74 and 66.85 psi. All
tests were conducted at room temperature between 20°C and
25°C. Under each normal stress level, tests were repeated
for the same HDPE geomembrane/ geotextile interface by
repositioning the upper box which contained the geotextile
and re-shearing under the same conditions until polishing was
complete or until no clearly noticeable decrease in the peak
shear stress was observed over a few successive tests. A few
series of tests were performed by rotating the geotextile
specimen 180 degrees after each test so that a cyclic loading
condition was simulated indirectly. All tests were conducted
in the dry condition.

Only one type of geotextile was employed in the tests,
which was a nonwoven, polyester, needle-punched geotextile
with a weight of 3.8 oz.Isq. yd. and thickness of 55 mil.
Smooth and textured HDPE geomembrane materials were
used in conjunction with this geotextile. Table 2 provides a
summary of material specifications for these geosynthetics.

Table 2. Material specifications for geosynthetics
(a) Geotextile (after Polyfelt)

Material Specifications Values Method

Thickness (mit.) 55
Weight (oz.Isq. yd.) 3.8
Tensile Strength (lbs/inch width) 100 ASTM D4832
Elongation (%) >50 ASTM D4632
Puncture Resistance (lbs.) 55 ASTM D4833
Permittivity (/sec) 2.9 ASTM D4491
Permeability (cm/sec) 0.4 ASTM D4491
A.O.S. (sieve size) 70-35 ASTM D4751

(b) Smooth and Textured HDPE Geomembranes
(After Gun4le Lining Systems)

Material HDPE Geomembrane
Specifications Smooth Textured Method

Thickness (mu.) 60 40
Mm. Density (pci) 59.3 69.2 ASTht D1505
Tensile Strength
(lbs/inch width) 240 23 ASTM D638

Elongation (%) 700 700
Young’s Moduhis
(x ES psi) 1.1 — ASTM D822

Puncture Resistance
(lbs.) 80 45 F1’MS 101
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Upper box frame

Figure 1. A schematic of direct shear test set-up

EXPERIMENTAL RESULTS AND DISCUSSIONS

Typical shear stress-shear displacement curves for the
interfaces between geotextile and smooth and textured
HDPE geomembrane are shown in Figure 2. Figure 3
presents the peak shear stress versus normal stress curve for
the geotextile/smooth HDPE interface over the entire range
of normal stress applied for the first three (3) and the last
shear tests repeated. Similar types of test results are
summarized for the same interface in terms of residual shear
stress in Figure 4. These figures show that the interface
shear strength is derived from two elements, friction and
adhesion, much like a cohesive soil/geomembrane interface,
although the friction element is more dominant. The results

indicate that as the number of repeated shearing increased
the peak and residual shear stress values declined more
significantly under higher normal stress levels. And, within
the range of the normal stress applied, the total percent
reduction of the peak (or residual) shear stress appeared to
be uniform regardless of the normal stress level. Figure 5
provides the horizontal shear displacement values at the peak
shear stress, which were monitored during the repetitive tests
performed on the geotextile/smooth HDPE geomembrane
interface. Some additional tests were performed under a
normal stress of 66.85 psi. Results from these tests did not
differ markedly from those under 53.23 psi normal stress.
Rotating the geotextile specimen 180 degrees after each test
did not influence the geotextile’s polishing ability against the
smooth HDPE geomembrane significantly.

HDPE geomembrane

20

15

—a--— Geotextile/smooth HDPE
. Geotextile/textured HDPE

10•

0 50 100 150 200
Horizontal shear displacement (x 0.001 in.)

Figure 2. Typical direct shear test results between
geotextile and HDPE geomembranes
(without polishing)
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Figure 3. Polishing effect observed on peak shear stress
values during repeated shearing of geotextile/smooth
HDPE interface

12
0 Shearing #1
a Shearing #2

b o Shearing#3
+ Shearing#10

‘S
8

0

2

0 10 20 30 40 50 60
Normal stress (psi)

Figure 4. Polishing effect observed on residual shear
stress values during repeated shearing of
geotextile/smooth HDPE interface
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Figures 6 through 8 present a similar set of
experimental results obtained for the geotextile/textured
HDPE geomembrane interface in diy conditions. And, Table
3 summarizes key experimental results (changes of peak and
residual friction angles and adhesion) for all the tests. It is
interesting to note that the amount of adhesion present
between the geotextile and the smooth 1-JDPE is
approximately half of the adhesion value at the
geotextile/textured HDPE contact. Also, while the polishing
action reduces the friction during repeated shearing, the
adhesion component remains virtually unaffected. Based on
these results and discussions, the following conclusions are
drawn:

(1) Interface shear strength of the geotextile/HDPE
geomembrane interface is derived from friction and
adhesion, much like a cohesive soil/geomembrane
contact.

(2) Regardless of the degree of surface roughness, the
FIDPE geomembrane is susceptible to the polishing
action of the sliding geotextile material.

(3) The geotextile’s polishing action reduces the initial
interface friction angle by as much as 25% on the
smooth HDPE geomembrane surface and by a much
as 40% on the textured I-IDPE geomembrane surface.

a Normal stress 17.74 psi
Normal stress 26.83 psi

• Normal stress 35.48 psi
0 Normal stress 53.23 psi

0

0..

a 00000

o a o • 000

• • • • • A

Ce

E 0.02

,—

U

o.ol

0.00 -

0 2 4 6 8 10
No. of shearing

12

Figure 5. Horizontal displacement at peak shear stress between
geotextile and smooth HDPE geomembrane

U

0 10 20 30 40
Normal stress (psi)

50 60

Figure 6. Polishing effect observed on peak shear stress
values during repeated shearing of geotextile/textured
HOPE interface
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Figure 7. Polishing effect observed on residual shear
stress values during repeated shearing of
geotextile/textured HDPE interface
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Figure 8. Horizontal displacement at peak shear stress between
geotextile and textured HDPE geomembrane
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Table 3. Polishing effect on peak and residual interface
friction angles and adhesion

(a) Geotextile/smooth HDPE geomembrane interface

No. of Peak Residual Adhesion
shearing friction angle friction angle

(degrees) (degrees) (psi)

1 12.52 9.51 0.35

2 9.06 8.50 1.19

3 8.43 7.72 1.19

4 7.72 7.46 1.44

5 7.59 7.11 1.21

6 6.88 6.82 1.90

7 7.14 7.10 1.59

8 7.26 7.12 1.53

9 7.79 7.52 1.32

10 7.57 7.17 1.40

(b) Geotextile/textured HDPE geomembrane interface

No of
Peak Residual

Adhesion.

. friction angle friction angle
sheanng (degrees) (degrees) (psi)

1 21.08 21.14 2.92

2 19.30 19.32 1.60

3 17.13 17.14 1.71

4 15.52 15.55 1.98

5 14.18 14.32 2.28

6 13.55 13.79 2.54

7 13.38 13.35 2.32

8 12.57 12.91 2.65

9 12.67 12.84 2.43

10 12.79 12.97 2.26
11 12.16 12.19 2.61
12 12.65 12.80 2.35
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In most cases the ultimate interface friction angle was
reached within 5 or 6 cycles of shearing for the
smooth HDPE and within 8 to 10 cycles for the
textured HDPE, which corresponds to a total shear
displacement of 0.10 to 0.25 inch for the smooth
HDPE and 1.00 to 1.2 inches for the textured HDPE.

MODELING OF EXPERIMENTAL DATA

A review of the experimental results suggests that
there may be a single form of a mathematical expression to
describe the geotextile’s polishing action against HDPE
geomembranes. If the observed reduction in residual friction
angle is plotted against the number of shearing tests, the
shape of all the curves is possibly in the form of a
hyperbolic/power function with an asymptote. After some
modeling efforts, the following simple function was found to
be suitable for simulating the polishing effect of the
geotextile,

(ares) =(
m

In the above expression the constant a controls the
overall amount of friction reduction that takes place, and the
constant m influences the speed of convergence toward the
asymptote b. The smaller the a value, the more reduction of
the initial interface friction angle that will occur. Table 4
presents values of the three constants determined for each
type of geosynthetic interface. The b value can be
considered to represent the ultimate interface friction angle
for cases where m is close to or higher than 1.0.

Figures 9 and• 10 demonstrate the ability of the
formula to simulate the experimental data. The a value
estimated for the smooth HDPE is substantially larger than
the value for the textured HDPE. Also, the m value
evaluated for the smooth HDPE is larger. This indicates that
the geotextile’s polishing action is slightly slower, but more
pronounced against the textured I-IDPE geomembrane.
These constants indicate that the ultimate residual friction
angle for the geotextile/smooth HDPE interface is 6.9
degrees and for the geotextile/textured HDPE interface is
about 11.2 degrees, which agrees relatively well with the test
results. Also, the experimental data plotted in Figure 10 for
the geotextile/textured HDPE interface can be modeled using

(1) the following third order polynomial function,

where 6 = residual interface friction angle (deg.)
n = cumulative number of shearing tests
a, b, m = constants to be determined for each type of

interface

Only the residual interface friction values were
modeled, since peak shear strength is typically reached at
small shear displacement (less than 0.04 inch for the smooth
HDPE, and less than 0.2 inch for the textured HDPE). And,
this amount of shear displacement can easily take place
during the installation and construction period.

(6 res.)n = 24.197 - 3.15(n)+0.2889(n)20.0089(n)3

Table 4. Values of constants m, a and b

(2)

Interface ‘Irpe Value of (m) Value of (a) Value of (b)

Geotextile/Smooth HDPE 0.9 0.33 6.8
GeotextilelTextured HDPE 0.6 0.018 10.0

10
No. of shearing

Figure 9. Experimental vs. model for residual friction angle
reduction between geotextile and smooth HDPE

1 4 7
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IMPLICATION TO LANDFILL OPERATIONS

Engineers involved in the design and operation of
landfills must consider the fact that the ultimate residual
interface frictional angle may control the behavior of the
lined landfill slope, since it is likely that displacement at the
interface during installation and placement of various layers
(i.e. drainage layer, protective layer, waste layers, etc.)
exceeds the minimum amount of shear displacement required
to achieve full polishing. Figure 11 illustrates the initial
stages of typical waste placement practice on a lined landfffl
slope, which contains geotextile/smooth HDPE geomem
brane. The factor of safety for the stability problem is
expressed as,

F
- (W1+W2).Cosj3•Tan8

W1Sin3

where W1 = weight of block #1 on the slope (per unit
width)

W2 = weight of block #2 at the bottom surface (per
unit width)

B = side slope angle (degrees)
6 = interface friction angle between geotextile and

smooth HDPE geomembrane (degrees)

If a minimum acceptable factor of safety is 1.5, then the
following condition must be satisfied to secure stability,

W 1.5Tan_1 (4)
W1 Tan8

When the side slope is 3H:1V (i.e., B = 18.43°) and the
maximum interface polishing has taken place (i.e., 6 = 7.1°),
then the weight ratio (W2/W1)needs to be at least 3.0. In

(3) other words, the amount of wastes placed over the slope
must be always maintained at less than half of the amount of

Figure 11. Initial stage of landfihling operation

20

0

1 3. 5 7 9 11 12
No. of Shearing

Figure 10. Experimental vs. model for residual friction angle
reduction between geotextile and textured HDPE

Original soil
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wastes placed over the bottom section to prevent slippage at
the geotextilelHflPE geomembrane interface (if the density
of compacted wastes is considered almost uniform). In terms
of the minimum bottom length (L) of the block #2, this
condition translates into the following relationship between
L and the height (H);

L.9.1 H.

If the geotextile is placed on top of the textured
HDPE geomembrane during construction and the interface
is polished fully, the weight ratio (W2/W1)must be more
than 1.32, and the minimum bottom length (L) should be at
least four times the height (H) to insure stability.

CONCLUDING REMARKS

In this study, the interface properties between
nonwoven geotextile and the HDPE (smooth, textured)
geomembrane liner during repeated shearing were
investigated in detail, using a conventional direct shear box
device. It was confirmed that the standard nonwoven
geotextile polishes the I-IDPE geomembrane. The polishing
action depends on the surface roughness of the HDPE
geomembrane. Under up to 66.85 psi normal stress in dry
conditions, reduction of the interface frictional angle by as
much as 25% was observed against smooth HDPE and by as
much as 40% against textured HDPE. The polishing action
is expected to be slightly enhanced under the saturated
condition. And, it was also realized that the geotextile’s
polishing action could be expressed in a simple inverse
hyperbolic function with a power factor.

Any direct shear study of the interface between
nonwoven geotextile and HDPE geomembrane must consider
the polishing effect. Practicing engineers need to question
the validity of the test results if a friction angle of higher than
100 is reported for the smooth HDPE and nonwoven
geotextile interface by some, testing laboratory or the
literature.

The authors conducted a similar study on the
geotextile/PVC geomembrane interface. And, no noticeable
polishing effect was observed during several repeated
shearings. Additional investigations are needed to better
understand the behavior of the interface between geotextile
and other types of geomembrane (such as PVC, VLDPE,
Hypalon, and CPE) or geonet products. Lastly, a similar
testing program is recommended with a large scale (for
example, a 12 inch square) direct shear device to confirm
outcomes derived from the tests with the conventional device.

-
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Aluned M. Elsharief
Graduate Research Assistant

and
C. W. Lovell

Professor, The School of Civil Engineering
Purdue University, West Lafayette, IN 47907

Abstract: This paper addresses the effect of the geometrical properties of
non-woven geotextile filters on their filtration performance. These properties
may be of a macro nature such as thickness, or of a micro nature, such as pore
size distribution, solid content and fiber structure. A probabilistic model,
developed to assess the effects of different geometrical parameters on the
retention ability of non-woven geotextiles, is presented. The model estimates
the fabric thickness that is necessary to retain a certain size of soil particle.
The thickness is found to be a function of the size of the particle to be retained,
the porosity and the pore size distribution of the geotextile filter. In
order to use the model, the pore size distribution of the geotextile must be
known. Mercury intrusion porosimetry is recommended by the writers for the
measurement of the pore size distribution. The results of a limited laboratory
testing program carried out to validate the model are also presented. The
results support the general trend of the parametric study and show the need for
more tests in order to improve the model.

Introduction The Geometrical Properties of Filter Media

The basic objective of a filter in drainage applications is to
retain the filtered material while allowing free flow of water.

The behavior of a soil/geotextile system depends on the
properties of the geotextile and the protected soil and on the
flow conditions. The conditions under which a soil particle
leaves the soil and finds its way through the fabric filter or is
trapped within it depend on: (1) the ability of the soil to retain
its own fines, i.e, the suffusion characteristics of the soil; (2) the
geometrical conditions of the fabric; and (3) the flow
conditions, i.e, the seepage velocities and hydraulic gradients.

The existing filtration models for granular filters assume the
ifiter performance to be basically controlled by the geometrical
conditions of the filter media (Silveira, 1965 and Wittmann,
1982). Variations in the hydraulic conditions are neglected and
it is assumed that the seepage velocity is sufficient to move the
unstable soil particles.

In this paper an attempt is made to improve Silveira’s
model to fit soil/geotextile systems. The model developed
investigates the effect of the geometrical properties of non-
woven geotextiles on their filtration behavior. To use the model,
the overall pore size distribution of the geotextile filter is
needed, as well as its porosity and the soil grain size to be
filtered. The results of a limited testing program carried out to
check the model are also presented.

The geometrical properties include both those of the fabric
and the soil to be filtered. The geometrical properties of non-
woven geotextile filters can be of either micro or macro nature.
The micro structure of non-woven geotextiles consists of short
fibers or filaments arranged in all directions and bonded
together into a planar structure. The filaments or short fibers are
first arranged into a loose web, then bonded together
mechanically, chemically or thermally. A net of pores is created
by the arrangement of fibers. Currently, for most practical
situations, the fabric is expressed by a representative pore size
which is the apparent opening size (AOS) or 095, which means
a pore size larger than 95% of all the pores. Alternately, the
fabric may be expressed by 050 or the median pore size.

Important macro-structural properties of the fabric are
thickness and porosity. The thickness affects the tortuousity
which reflects the path or distance a soil particle will travel in
order to cross the fabric. Although very important, the thickness
is usually neglected in filter models.

Currently, the protected soil is represented by a
characteristic grain size, usually d85 and/or d50 and d15, while
the other grain sizes and their frequencies are neglected. No
direct consideration is given to the erodibiity of the protected
soil.
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Most of the existing filter criteria are empirical and were
derived from filter tests. In these criteria a characteristic base
soil size, d, is compared to a characteristic geotextile opening
size, O, by means of a piping ratio ‘ar’ where:

ox
=

A
UX

No consideration is given to the overall pore size
distribution of the fabric filter. Since both the fabric and the
protected soil are characterized by parameters having a wide
range of variation, statistical treatment of the filtration
phenomenon will lead to improved predictions. It is important
to have a good measure of the pore size distribution (PSD) of
the geotextile. With the PSD known, a probabilistic model
expressing the geometric hindrance of the movement of base
grains through wilds of the filter (similar to those developed for
granular ifiters) can be developed (Silveira, 1965 and
Wittmann, 1979).

The Pore Size Distribution of Non-Woven Geotextiles

The AOS test is the only standardized test which measures a
pore size characteristic of geotextiles, and is defined in ASTM
D4751. The test mainly measures the probability that a glass
bead of a certain size will pass through the openings of the
geotextile. The results are very sensitive to the fabric thickness
and difficulties are experienced with relatively thick non-woven
geotextiles, (Carrol, 1987). The pore size distribution of a non-
woven fabric can be accurately measured by mercury intrusion
porosimeiry (MW) or image analysis (Prapaharan et al 1989).
The advantage of the mercury intrusion technique is that it uses
a standard commercially available porosimeter which is
relatively inexpensive when compared to the image analysor.
The results of the MW can be presented in both cumulative and
differential distribution curves. Using MW, the PSD can be
obtained for compressed geotextiles.

The Model

To evaluate the retention ability of the geotextile ifiter, the
following assumptions are made:
(1) The flow drag is significant enough to move loose soil

particles.
(2) The effects of gravity and external loads are neglected.
(3) Soil units are spherical.
(4) The geotextiles openings are circular, as assumed in MIP.

The retention criteria become a geometric problem, i.e,
depending on the geometrical characteristics of the filter media,
a function of the pore size distribution of the geotextile and the
movable grain size of the protected soil that is to be filtered.

The fabric is considered as a set of m parallel thin layers
(sieves), each having the same pore size distribution and with
pores randonily distributed. The solid part of the fabric is
distributed between the pores. The value of m depends on the
filter length and the thickness of an individual confrontation,
which is assumed to be equal to the largest pore size °m’

order for a confrontation to contain the largest particle that can
practically intrude it O is approximated by 0 which is
the pore size greater than 95% of the fabric’s pores, and should
be obtained using MIP.

For a given geotextile with a known pore size distribution (see

(1) Fig.(1) for the PSD of a typical non-woven geotextile) any
particle with a grain size greater than the maximum pore, °m’
of the geotextile will be retained. A particle smaller than the
smallest pore size of the geotextile filter, O,, will have a high
probability of being able to escape or pipe. The probability of a
particle with a diameter in between, passing the filter fabric or
being retained within it depends on the size of the particle, the
pore size distribution of the fabric and its solid content and the
fabric thickness.

I

C
0

C,

FIg.1 Pore size distribution of
typical non-woven geotextile

Analysis Using Absorbing Markov Chain

The average distance traveled by a particle having a
diameter d, where 0 <d <Om., before being absorbed or
caught by the fabric can be estimated using the Absorbing
Markovian Chain, if the absorbing and non-absorbing states can
be defined. There are three transition states to be considered.
All the pores with diameters greater than d are non-absorbing
states. The pores with diameters less than d and the solid
content are absorbing states. If we consider a fabric with pore
size distribution as in Fig.(l), a modified pore size distribution
can be obtained by multiplying the ordinates of the real pore
size distribution by the porosity (n). For a particle having a
diameter d where 0<d< O, the non absorbing states have
an overall frequency of (n-p ), whereas the absorbing states
have a frequency (1-n) for the solid part and p for the pore
sizes less than d, i.e, they have an overall frequency of (1-
n.I.p*). The quantity (p) is equal to (n p).

Using the Absorbing Markov Chains the following
expression determines the expected number of confrontations
(m) that a soil particle having a diameter d (where
O<d<O) will occupy before being retained is (Harr,
1977):

—

m =
1—n(1—p)

(2)

Pore diameter In mlcrono
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Where p is the percentage of pores smaller than the particle
size (d) and n is the porosity.

If the porosity and the PSD of a certain geotextile fabric are
known, the expected number of confrontations, m, and hence
the average fabric thickness needed to stabilize a certain soil
particle with a diameter d, where Omm<d<Om, ciiii be
estimated. The thickness is equal to m multiplied by 095).

For particles with a diameter less than O,, p=O and

— 1
m

= (1—n)

Reliability Analysis

The above solution gives the average number of
confrontations needed to retain a soil particle with a diameter d,
where d<Om. A reliability analysis is needed in order to select
or determine upper limits for m and hence design values.

The failure of a confrontation can be described by its
inability to retain a certain soil particle and the failure
probability according to the model is (n-np). The system will be
considered to have failed to satisfy the retention criteria for a
certain soil particle if and only if all the confrontations fail to
retain the soil particle, therefore it is a parallel system. The
reliability of a parallel system with m confrontations is:

R= l—fl1’ (1—R1) (4)

R1 is the reliability of confrontation i and is equal to (1-ni-np)
for all confrontations. Therefore,

R=l—(n—np)m (5)

By rearranging equation (5), m may be obtained as:

m=
log(1—R)

(7)
log(n—np)

For pm0;

m=
log(1—R) (8)

log(n)

The design m value is, therefore, a function of the
acceptable reliability, porosity of the geotextile and the size of

the particle to be filtered. Figs. (2) to (5) show the estimated in

values for different n and R values. Knowing the porosity of the
geotextile used and the size of particle to be retained, the
number of confrontations needed to retain a certain soil particle
and hence the fabric thickness can be estimated from Figs. (2)
to (5). The effect of m on the reliability of geotextile filters
when filtering fine grained soils (d< O) is shown in Figure
(6). The figure also emphasizes the effect of porosity on the
retention ability.

Fig.(6) shows that by increasing the fabric thickness its
reliability increases. However, the rate by which R improves is
a function of the porosity of the fabric, i.e., using thicker fabric
for a relatively porous filter (e.g., n = .95) will not add much to
its reliability.

o b o b o cio ioo
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Fig.2 The Number of Confrontations
Needed to Stabilize a Particle, n=.8
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Needed to Stabilize a Particle, n=.95

Fig.6 The Effect of Fabric Thickness
on the Reliability

The Laboratory Testing Program

A limited number of laboratory tests were carried out to
study the effect of the geometrical properties of 7 non-woven
geotextiles on their retention ability. Four of the geotextiles
were needle-punched, which were given the labels A,B,C and
D. The other three are heat-bonded and have been given the
labels E,F and 0. The PSD of the geotextile was measured

using the mercury intrusion porosimetry method. Important
information about the geometrical properties of these fabrics is
given in Table(l).

The testing program included running retention tests in
which the retained material was a 50 granVliter natural clayey
silt slurry. The tests were carried out in a large filtration device
similar to a conventional gradient ratio apparatus.

A thick slurry was formed by mixing 400 grams of oven
dried soil with about 400 ml of water. The apparatus was filled
to a specific height with water and a mixer was used to stir the
water. The thick slurry was then added to the stirred water and
the stirring was continued for a specified time. The mixer was
stopped and the bottom drain immediately opened. The slurry
was drained in few seconds and the drained material collected
until all the fines had settled out. The clear water was carefully
removed by siphoning and the remainder transferred to an
evaporation dish in order to determine the solid content.

Results and Discussion

Table (2) shows the test results given in terms of the amount
and percentage of solids passing the fabric. Given in the same
table are the reliability values of each fabric, computed using
equation (5), for p=0.

The results show that, for the same kind of fabric, the
amount of piped material decreases as the reliability increases.
However, the amount of fines passing through the fabric
depends to a great extent on the fabric type and the
manufacturing process, e.g. for Fabric B and E we obtain
different reliabilities (84 vs 50%) although both allowed the
same amount of fines to pass. The results also show that the
effect of solid part (1-n) on the retention ability is exaggerated
in the model. Fabrics having very high reliabilities allowed a
large quantity of fines to pass. An adjustment factor may need
to be applied to n in order to get better estimates of the
percentage retained, or the reliability. This factor, however, will
be very sensitive to the fabric type and the manufacturing
process.

Conclusions

The model gives a parametric evaluation of the geometrical
properties of the fabric and takes into consideration the
variability of these properties. It demonstrates that the retention
ability is mainly a function of the size of particle to be retained,
the porosity of the fabric and the fabric’s thickness. The model,
coupled with more intensive laboratory testing, can form a basis
for more realistic filter criteria.

Table(l) The geometrical properties of the fabrics

Fabric 050 095 thickness I n mm pore I
microns microns mm microns

ici 235 2.0 -: 30
B 158 240 2.6 .83 25
C 181 250 3.3 .83 25
D 164 240 4.3 .82 60
E 119 250 .8 .79 60
F 155 240 2.3 .83 40
0 153 225 2.7 .84 40

Table(2) The test results

Fabric m I R amount passing (grams) % passing

A 8 75 386.4 96.6
B 10 84 373.98 93.5
C 13 91 353.4 88.4
D 17 96 344.88 86.2
E 3 50 373.8 93.5
F 9 81 357.58 89.4
0 12 87 353.68 88.4

—R=.5O R=.7O----R.8O

R=30 R=.95—R=.99

Namber of Confronbtlona, m
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EVALUATION OF GEOGRID TO WALL FACING CONNECTIONS

FOR MODULAR BLOCK EARTH RETAINING WALL SYSTEMS

by

Raymond J. Chewning, Tensar Earth Technologies, Inc.
James 0. Cohn, Tansar Earth Technologies, Inc.

ABSTRACT: Polymer geogrids are increasingly being used as the reinforcing elements for

retaining wall aystans. The geogrids are typically placed horizontally between the lifts of

compacted backfill and connected to a wall facing material. Typical wall facing materials

have includad precast concrete panels, tinter railroad ties, concrete black and masonry

units, cast-inplaca concrete, and baskets made of formwira or gaogrids themselves. Within

the last few years, dry stacked masonry units, known as modular block units, have had

widespread usa as facing elamanta in retaining wall systems.

This paper describes the testing program developed to analyze the structural integrity of the

connection betwaen various geogrids and wall facing units. Both rigid and flaxibla gaogrids

are investigated as well as several modular block types, offering diverse gaogrid connection

features. Tha results of this tasting program are presented.

INTRODUCTION

The usa of molded concrete modular black units as facing materials for

gaogrid reinforced soil retaining wall structures has had continued growth

in acceptance in the U.S. ovar the last several years. Standards and

specifications have evolved over this period which specify the

manufacturing end performance characteristics of the structural geogrid

rainforcamant and the modular block facing units. These standards have

been substantiated through performance testing. However, very little data

era available at this time with respect to the strength of the connection

between the block facing and the gaogrid reinforcement.
Currant connection strength requirements of AASHTO-AGC-ARTBA II

Task Force 27 (Task Force 27) “Uesin (iuidellnes for Use of Extensthle

Reinforcements (Geosynthetic) for Mechanically Stabilized Earth Walls in

Permanent .4ppllcetion? state that:

1) Extensible reinforcement connections to the facing should be

designed to carry 100% of the maximum design load at all levels

within the wall.

2) A representative section of the connection type (i.e. block facing

and gaogrid reinforcemant) should ba loadtestad in order to

determine the actual allowable connection working load for the

connection system.

3) The allowable design strength of the reinforcement can not exceed

that of the measured connection strength of the facing system.

4) The load test shall be conducted on representative samples which

are at least S inches wide and tested at a rate of extension not

exceeding 0.05 inches par minute.

The Tesk Force 27 guidelines establish limits on the acceptable

allowable load a reinforcement member may provide in relation to the

working connection strength and provide details on how to test for this

working connection strength. However, the Task Force 27 guidelines do
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not provide any guidance on the selection of the minimum allowable

connection strength criteria as are currently established for other types of

conventional structures. This criteria needs to be established to ensure

long-term integrity of the wall facing connection. Some suggested design

criteria ara discussed below:

1) Serviceability Criteria

Limiting the deformation at the connection which would, in turn,

limit the movement of the wall face over its design life. Although

Task Force 27 does not specifically address the maximum

elongation between the embedded reinforcement end the block

facing, it does Umit the amount of overafl elongation of the

embedded geogrid during a pullout resistance test to less then

0.75 inches. This 0.75 inch elongation criterion hes been adopted

in this study as the maximum allowable mevement between

modular block facing units and geogrid, and is consistent with

criteria for other mechanically stabilized earth retaining wall

systems (i.e. Reinforced Earth®).

2) Limit Streneth Criteria

Establish the ninimern connection strength requirement to guard

against catastrophic failure. A Factor of Safety of 2.0 between

the peek connection strength and the allowable connection

strength has been estabhshed for connections of similar critical

structures by the American Institute of Steel Construction (AISC)

and is also used in the analysis of the allowable design connection

strength of systems such as Reinforced Earth®

TESTING OVERVIEW

Laboratory testing was performed to evaluate the connection strength

of select mesonry blocks end various geogrid products. The laboratory

testing program was performed in two pheses. The objective of Phase I

of this testing program was to evaluate the connection strength of stiff

geogrids with pinned masonry blocks filled with gravel backfill. In Phese

II, the objective was to evaluate the connection strength of various types

of geogrids with pinned and unpinned connection systems end masonry

blocks. Additionally, testing was also performed to determine the

individual contributory effects of friction between the modular block facing

units and geogrids, pins and gravel have on the overall connection strength

of one type of geogridlmasonry block system.

Each masonry blocklgeogrid configuration was evaluated under a series

of normal stresses. The normal stresses chosen correspond to common

well heights. A total of 14 different test series were evaluated during the

study and a total of 44 connection strength tests were conducted. A

description of the test method used during this program is given in the

subsequent section.

The test date generated in both phases of the testing program wore

then compared to the connection strength requirements of Task Force 27

end the proposed design criteria for long-term integrity of the wall facing

connoction. The allowable design load, based on connection strength, wes

determined for each geogridlmesonry block system tested end compared to

published design strength values for the various googrid reinforcement

materials used during the study.

Connection Strength Testing

The connection strength tests were performed in general accordance

with the ASTM Draft Standard Test Method D 35.01.87.02, “Measuring

Geosyntlietic Follow Resistance in Sal’, with appropriate modifications to

tho test procedures for uso with the masonry blocks. The connection

strongth tests were conducted in a pullout testing device which has plan

dimensions of 3 feet by 7 foot end an overall depth of 20 inches. Tho

geogrid specimen used during the pullout testing program had typical plan,

dimensions of approximately 2.9 feet wide by 1.5 feet long. The testing

included both pinned end non-pinned masonry blocks as shown in Figure 1.

Tho materials used in tho testing program are summarized in subsequent

sections.

Geegride

The googrid products usod in the testing program wore all commercially

available end representative test specimens were obtained from bulk

samples of oath product. The geogrid products that were evaluated

include:

• Stiff Geogrids

- Tenser BX1 200 googrid;

- Tenser UX1400 geogrid;

• Tenser UX1 500 geogrid; end

- Tenser UX1800 geogrid.

• Flexible Geogrids

Miragrid 5T gaogrid;

- Miregrid 1 OT geogrid; and

Fortrec 60130-20 geogrid.

Soil Materiel

The soil materiel used in the testing program was a crushed stone

which meets the “select backfill” requirements outlined in Task Force 27,

end will hereafter be referred to as grovel in this paper. The actual grain

size distribution for the gravel is shown in Figure 2.
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Figure 1. Configuration of both the pinned and non-pinned masonry
blocks used in the testing program.

The select backfill requirements of Task Force 27 are:

Sieve Size Required Percent Passing Actual Percent Passing

4 inches 100 100

No. 40 0-60 1

No. 200 0-15 0

Masonry Blocks

The masonry blocks used in the testing program were selected to

observe the effects of two contrasting types of connection mechanisms

(masonry block systems). The two types of masonry blocks used in the

testing program were: (i) the standard full size Keystone® block which

incorporates the use of high strength fiberglass pins for maintaining block

alignment within the wall, and (ii) a solid core non.pinned block which

incorporates the use of an overlap or lip connection between the rear of

the blocks as presented in detail in Figure 1.

TESTING PROGRAM

Configuration of the Test Specimens

The configuration for each connection strength test is presented

conceptually in Figure 3. There where five masonry block configurations

used throughout both phases of the testing program. Each block

configuration is discussed below:

Masonry Block Confiquration Number 1: Keystone® block with

tamped gravel and interlocking pins. From top to bottom, each

specimen consists of:

- Keystone® block with tamped gravel in block apertures

and around blocks and interlocking high strength pins;

- geogrid (1.5 feet nominal specimen embedment length,

29 feet nominal specimen width); and

• Keystone® block with tamped gravel in block apertures

and around blocks and interlocking high strength pins.

• Masonry Block Confiuration Number 2: Keystone® block tamped

gravel only. From top to bottom each test specimen consisted of:

• Keystone® block with tamped gravel in the block

apertures and around the blocks and no interlocking high

strengths pins;

- geogrid (1.5 feet nominal specimen embedment length,

2.9 feet nominal specimen width); and

- Keystone® block with tamped gravel in the block

apertures and around the blocks and no interlocking high

strength pins.

1
L
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• Masonry Block Configuration Number 3 Keystone® block only,

no gravel and no pins. From top to bottom, each test specimen

consisted at

• Keystone® block with no tamped gravel in the block

apertures and around the blocks and no interlocking high

strength pins;

• geogrid (1.5 feet nominal specimen embedment length,

2.9 feet nominal specimen width); and

• Keystone® block with no tamped gravel in the block

apertures and around the blacks and no interlocking high

strength pins.

• Masonry Block Configuration Number 4. One layer of Keystone®

block with interlocking high strength pins. This was an in-air test

with no confinement or applied loads. From top to bottom, each

specimen consisted of:

geogrid (1.5 feet nominal specimen embedment length,

2.9 feet nominal specimen width); and

• Keystone® block with no tamped gravel in the block

apertures and around the blocks and with interlocking

high strength pins.

• Masonry Block Configuration Number 5: Solid core non-pinned

type block with tamped gravel. From top to bottom each test

specimen consisted ot

Solid core non-pinned type block with tamped gravel

around blocks;

geogrid (0.9 feet nominal specimen embedment length,

2.9 feet nominal specimen width); and

Solid core non-pinned type block with tamped gravel

around the blocks.

The photographs in Figures 4 through 7 present the typical test sample

construction, as described above, which was used throughout both phases

of the testing program. Table 1 sunvnarizes the test series conducted at

various normal stresses for both phases of the testing program.

Test Procedure

Specific details regarding the connection strength testing are summarized

below:

• Pullout box dimensions: 3 feet by 7 feet;

• Pullout box height: 10 inches above and below the pullout

specimen for a total height of 20 inches;

• Normal stresses applied using an air bladder to the masonry

blockjgraveljgeogrid system in the box:

Table 1. Summary of general testing conditions for testing program.

TEST GEOGRID PRODUCT T MASONRY NORMAL STRESS’ RATE OF PULLOUT
SERIES I BLOCK SYSTEM1 (psi) (in/mm)

NO.

1 Tensar BX1200 1 2, 4, and 6 0.04

2 Tensar UX14OD 1 4, 7, and 10 0.04

3 Tensar UXI500 1 4, 7, 10, and 15 0.04

4 Tensar UX1600 1 7, 10, and 15 0.04

5 Tensar UX1500 2 4, 7, and 10 0.04

6 Tensar UX1500 3 4, 7, and 10 0.04

7 Tensar UXI500 5 4, 7, and 10 0.04

8 Tensar BXI200 4 0 0.04
Tensar UX1400
Tensar UX1500
Tensar UX1600
Miragrid 5T

Fortrac_80/30-20

9 Miragrid 5T 1 4, 7, and 10 0.04

10 Miragrid lOT 1 10 0.04

11 Fortrac 80/30-20 1 4, 7, and 10 0.04

12 Miragrid ST 2 4, 7, and 10 0.04

13 Fortrac 80/30-20 2 4, 7, and 10 0.04

14 Miragrid ST 5 4, 7, and 10 0.04

Notes: Masonry block system refers to the test configuration number and description
presented.

2 Normal stress reported is the applied normal stress to the masonry block system
by the air bladder.
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Figure 5. Placement and location of a Tensar
Masonry Block Configuration Number 2.

Figure 4. Placement and location of upper Keystone® blocks.

I
- —.

geogrid specimen for the
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Figure 6. Placement and location of a Fortrac geogrid specimen for the
Masonry Block Configuration Number 2.

Figure 7. Placement and location of a Miragrid geogrid specimen for the
Masonry Block Configuration Number 5.
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• Tenser BX1200 geogrid: 2, 4, and B psi;

• Teñsar UX1400 geogrid: 4, 7, and 10 psi;

• Tenser UX1500 geogrid: 4, 7, 10, and 15 psi;

• Tenser UX1BOO geogrid: 7, 10, and 15 psi; and

• Miragrid ST and lOT and Fortrac 80130-20 geogrids: 4,

7, and 10 psi

• Pullout displacement rate: 0.04 incheslmin. measured on the

specimen clamp;

• Soil placement: gravel compacted into all block apertures and

areas surrounding blocks by hand taniing to approximately 90

percent relative density under dry conditions;

• AU of the geogrid products used during this study were tested in

the machine direction;

• For each test pull, fresh geogrid samples were secured to a

clamping device using epoxy. This ensured consistent load

distribution over the width of the test specimen during the pull

test; and

• All of the tests were run until a constant or decreasing pullout

load was recorded.

Table 2. Summary of connection
testing program.

TEST RESULTS

A connection strength resistance wes evaluated for each applied normal

stress for each masonry block system. The test data were plotted on a

graph of total connection force versus horizontal displacement. The

connection force at approximately 0.75 inches horizontal displacement and

the peak value of connection force were used to calculate the connection

strength. The reported two connection strengths were obtained by dividing

the measured connection force by the width of the test specimen. The

connection strength at 0.75 inches horizontal displacement and the peak

connection strengths derived from the plotted tests results are sumarized

in Table 2 for the first phase and Table 3 for the second phase of the

testing program. The connection strength test data are presented in a

graphical format in the following figures:

Figure & The plot of peak connection strength versus applied

normal stress for the various Tenser geogrids in the pinned

Keystone® blocks with temped gravel (Masonry Block

Configuration Number 1). This figure presents the effect that the

applied normal stress has on the peak connection strength of the

various Tenser geogrids:

strength test results for Phase I of

TEST OEOORIO NORMAL’ CONNECTION CONNECTION PEAK PEAK

SERIES PROOUCT STRESS FORCE STRENGTH CONNECTION CONNECTION

NIMBER (psi) AT 0.75 In. AT 0.75 in. FORCE STRENGTH

OISPLACEMENT OISPLACEMENT (lb) (lb/ft)

(ibs) (lb/Pt)

1 Tensar 8X1200 2 3,360 1,186 4,250 1,500

Tensar 5X1200 4 3,550 1,253 4,150 1,465

Tenser exizoo 6 3,460 1,221 4,150 1,465

2 Tenser UX1400 4 2,590 893 5,390 1,861

Tenser UX1400 7 2,280 786 6,450 2,227

Tenser UX1400 10 3,020 1,041 6,690 2,310

3 Tenser Ux1500 4 3,470 1,197 7,030 2,428

Tensar uxisoc 7 3.700 1,276 7,890 2,725

Tenser LJX1500 10 S,050 1,741 9,430 3,257

Tenser uxisoo 15 5,130 1,769 11,30 3,902

4 Tenser UX1600 7 S,200 1,793 9,930 3,430

Tenser UX1609 10 S,900 2,034 10,600 3,660

Tenser 1J11600 15 5,500 1,897

-

12,400 4,282

Nste: ‘Normal stress repsrted Is the applied normal stress to the masonry block system by the air bladder.
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Tensar UX1500 geogrids with Keystone®
blocks (Masonry Block Configuration
Numbers 1 through 4).
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Figure 10. Tensar UXJ500 geogrids with Keystone®
blocks (Masonry Block Configuration
Numbers 1 through 4).
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Figure 8. Tensar geogrids/pinned Keystone® blocks
with tamped gravel (Masonry Block
Configuration Number 1).

Figure & The plot of peak connection strength versus applied

normal stress for the Tensar UX1500 geogrid in various

Keystone® block configurations (Masonry Block Configuration

Numbers 1 through 4). This figure presents the various

components which contribute to the total connection strength of

a pinned Keystone® block system with gravel and a Tenser

LJX1500 geogrid:

Figure 7Th The plot of connection force versus total displacement

of the Tenser UX1500 geogrid in various Keystone® block

configurations (Masonry Block Configurations 1 through 4) under

10 psi normal stress. This figure presents the connection force-

displacement relationship of the various components which

contribute to the totel connection strength of a pinned Keystone®

block system wiih gravel and e Tenser UX1500 geogrid under 10

psi normal stress. Note that the peak strengths occur at different

levels of displecement for eech component:

Figure 7!: The plot of peek connection strength versus applied

normal stress for the Miregrid 5T end lOT geogrids end Fertrac

80130-20 geogrid in various Keystone® block configuretions

(Masonry Block Configurations Numbers 1, 2, end 4). This figure

presents the effect of select components which contribute to the

total connection strength of the Miregrid and Fortrac geogrids.

Figure !2 The plot of peak connection strength versus applied

normal stress for the Miregrid 5T and Tenser UX1500 geogrids

in the solid core non-pinned type block system (Masonry Block

Configuration Number 5). This figure presents the effect that the

applied normal stress has on the peek connection strength of the

Miragrid ST end Tenser UX1500 geogrid.

DESIGN CRITERIA FOR GEOGRID-WALL FACING CONNECTIONS

Tesk Force 27 guidelines suggest that the allowable reinforcement

tension (T0) used for design be the lesser of velues determined from either

limit state or serviceability state methods. Since the connections between

the geosynthetic reinforcement end molded concrete facing blocks of any

reinforced soil reteining well is a critical component of the reteining well

system, it is retionel thet the same criterie should apply. The facing

geogrid connection should be designed for adequate strength with en

appropriate fector of safety while also limiting total deformation. For
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Figure 9.
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these reasons, it is suggested that the allowable reinforcement tension, T,,

of the geogrid for retaining walls be also united by the allowable

connection strength. For retaining well design, the allowable reinforcement

tension, T of the geogrid, is linited by serviceability and limit state

criteria and is the lessor of the following values:

T1 s T6,,7 (serviceability) and

T1 s T,,,,,JIF.S.U (limit state strength)

where: T1 — Allowable Reinforcement Tension of the Geogrid

— Connection Tensile Strength at .75 Inches Elongation

T6,gp,j — Peak Connection Tensile Strength

FS0 — Factor of Safety Against Ultimate Failure = 2.0

This method will ensure that deformation at the connection will be limited

while providing adequate strength over the life of the structure. Table 4

presents the allowable reinforcement tension, T1, of the various geogrids,

as determined by this method. An example of how these values were

calculated is as follows:

Examole

Beogrid type

Normal stress

Block System -

T6 S TIN(7R s 1659 Ibslft

or

T1 T611_1jFS0 s 256212 s 1281 lbslft

Limiting 1, to the lessor of the two values T6 — 1281 Ibslft

CONCLUSIONS

The connection strength testing revealed many practical aspects to

accounting for sufficient connection strength in the design of geosynthetic

reinforced soil wall structures that utilize molded concrete facing blocks.

The sunvnary of results on the performance (i.e., proposed design

criteria) of the various geogridlmesonry block connections is presented in

Table 4. Only the test results which represent the geogridlmesonry block

configurations that could actually be utilized in practice have been

evaluated. Other specific observations realized from this testing program

included the following:

1) Masonry block systems, which incorporate voids or cavities where

gravel or other soil materiel can be placed, appear to provide a

greeter mechanical connection strength to that of masonry block

systems which have a solid configuration (no voids or cavities).

2) Masonry block systems, which incorporate the use of pins, provide

a more positive mechanical interlock when stiff geogrids are

looped over the pins. This is particularly importent during

construction of these types of wall systems since little or no

normal force exist.

3) The stiff geogrids appeared to perform better than the flexible

geogrids with both block types relative to the connection strength

factors of sefety for both 0.75 inches of deformation es well as

peek valves.
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Block Configuration Numbers 1, 2, and 4).
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Figure 13. Fortrac 80/30-20 geogrid at 7 psi normal
stress in Keystone® blocks (Masonry Block
Configuration Number 1) after connection
testing.

4) The pins in the masenry bleck system seemed te provided ne

added advantege when tested with flexible gaogrids. The flexible

geegrids, which inherently have low junction strength, provided

little strength during the in-air testing.

5) It was observed that the coating of the flexible (coated pelyester)

geogrids was striped eff expesing the polyester reinforcement as

shown in Figure 13. Damage to the underlying yam was not

quantified in this study.

FUTURE WORK

Further questions, related to both operational and technical concerns still

need to be addressed. These include:

• the degree of installation damage imposed on the geosynthetic

reinforcement between the masonry block units;

• the ability of the connection system to maintain the wall face

during construction (compaction) when little or no normal force

exists;

ACKNOWLEDGEMENT

The testing program described in this report wes carried out by

GaoSyntoc Consultants, Norcross, Georgia. The contribution of Mr. Robert

H. Swan, Jr. and Dr. Zehong Yuan of GaoSyntec Consultants to the tasting
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• the long-term performance of the geogridlblock connection; and

• the durability of the geosynthetic when placed between dry cast

concrete masonry blocks and subjected to cyclical weathering,

specifically an environment containing an alkaline concrete

laacbata.

These factors are currently under investigation by the author.
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Evaluation of turf reinforcement mats and erosion control
and revegetatlon mats under high velocity flows

by

Jeff Rodencal
Erosion Control Products Manager

Tenser Earth Technologies, Inc.
3000 Corporate Center Drive, Ste. 370

Morrow, GA 30260

Abstract: There has been a great deal of confusion over the performance capabilities
of synthetic erosion materials, especially as they relate to design and selection criteria.
This study was designed to test the erosion protection provided by these materials
and establish performance limits and design guidelines for their use. Nine products
(tour TRM’s and five ECRM’s) were tested under high velocity flow conditions on an
indoor concrete flume.

TRM reinforced sod resisted erosion failure at flow velocities of 15-19 ft/sec for 0.5 hr
durations and velocities of 14 ft/sec for 48 hr durations. TRM with soil filling will
adequately control erosion of bare soil at flow velocities of Ii ft/sec for 0.5 hr
durations and should be expected to resist erosion at 7 ft/sec for 24 hour durations.
ECRM controlled erosion of bare soil at velocities up to 18 ft/sec for 0.5 hr durations
and should provide acceptable erosion control at 8 ft/sec for 24 hr durations.

Introduction
Synthetic mats and blankets have been used for more than

15 years for long term erosion protection In drainage channels,
roadside ditches, steep slopes and lake banks. Unlike organic
ground cover and mulch blankets, these synthetic materials do not
degrade after a few months, instead they endure the elements to
provide long lasting protection to the soil surface and/or the
established vegetation. These synthetic erosion control products
typically fall Into one of two categories; Turf Reinforcement Mat
(IRM) or Erosion Control and Revegetation Mat (ECRM).

ECRM’s are low profile mats designed to provide long term
mulch and erosion protection on challenging sites until vegetation
can be established. They are commonly used on steep slopes
(greater than 2:1), landfill caps, shorelines, and as low gradient
channel linings.

TRM’s are designed to provide artificial augmentation of a
grassed surface to permanently enhance its resistance to erosion
above that of grass alone. TRM’s can be used as a soft armor
aftemative to hard armor erosion systems such as concrete, rip rap,
etc. to protect channels, ditches, detention basins and steepened
slopes.

There has been a great deal of contusion over the
performance capabilities of these synthetic erosion materials
especially as they relate to design and selection criteria. In 1987 the
Construction Industry Research and Information Association (CIRIA)
performed extensive field testing on numerous turf reinforcement
systems including TRM. Their results showed that TRM could
withstand flow velocities up to 20 ft/sec for short duration (<1 hr)
and 14 ft/sec for long duration flow (48 hr).

More recently, both TRM and ECRM products were tested
at an independent testing laboratory in a large scale flume study to
further evaluate erosion protection provided by these materials and
establish performance limits and design guidelines for their use.
The study included several commercially available TRM and ECRM
products. The recommendations from this study regarding design
and use of TRM and ECRM are presented In this article. Note that
results are presented in terms of product categories (e.g. TRM and

ECRM) rather than individual products in an effort to differentiate
between categories rather than specific products. Accordingly, the
recommendations presented are for those generic categories and
not individual mats or blankets, though results for specific products
are presented to demonstrate typical test results.

Turf ReInforcement Mat (rRM)
TRM is designed for permanent erosion control and turf

reinforcement. The three dimensional mats are composed of fused
polymer nettings or monofilaments formed into a strong and
dimensionally stable mat. The mats are UV stabilized and have
sufficient thickness (> 1/2’) and void space (>90%) to allow for soil
filling and soil retention so the mat can function as an artificial root
system that holds soil and seed within its structure to provide an
erosion resistant soil armor. This soil armor shields the underlying
ground surface from erosion while providing the ideal mulch to
retain moisture to enhance seed germination and accelerate
seedling development.

As seeds germinate and newly sprouted seedlings develop,
the mat becomes entangled with the stems, roots and rhizomes to
provide lateral continuity between plants. This reduces the risk of
localized erosion of Individual plants, shallow slippage, or trolling up
of the soil/root matrix. When vegetation is fully established, the mat
is an integral part of the root system, providing a strong, reinforced
rhizomatous zones.

TRM Specification
A generic specification that incorporates each of these key

properties is shown in Table 1. The numerical values listed are
characteristic of proven TRM performance.

Soft armor protection with TRM is less than half the cost of
traditional hard armor techniques. Typical installed costs for
concrete or asphalt paving and hand placed rip rap are $30/square
yard up to $60/square yard. Installed TRM normally runs from $10-
$1 4/square yard.
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Erosion Control and Revegetatlon Mat (ECRM)
ECRM provides long term mulch and erosion protection,

until vegetation can become established and afterwards, If climatic

conditions (i.e. drought, cold damage, insects, etc.) would ever kill

all of, or pait of the vegetative cover, the ECRM remains to protect

the site until the vegetation can naturally re-establish.

ECRM is typically composed of a web of continuous or

staple monofllaments bound by heat fusion or stretched between

nettlngs to provide dimensional stability, it is inert to chemicals

normally encountered in a natural soil environment and stabilized

against ultraviolet degradation. ECRM has adequate density to

provide ground cover and shading to maximize mulch effect, thereby

retaining soil moisture to enhance seedling germination, ECRM is

also porous enough to allow a uniform and dense stand of

vegetation to grow through the mat. The ability of the mat to remain

intact for years as a long term ground cover is what separates

ECRM from organic biodegradable blankets.
ECRM is typically thin and lacks sufficient three-dimensional

void space to be soil filled or to retain significant amounts of soil.

Because seeds germinate and root networks develop below the

ECRM, it is not appropriate for turf reinforcement, though it typically

provides better ground cover because of its denser web structure.

ECRM Specification
The key properties of ECRM are shown in Table 2 as a

generic specification. The values shown here are representative of

typical ECRM performance characteristics.

Independent Testing Laboratory Results
Nine products (4 TRM’s and 5 ECRM’s) were tested under

high velocity flow conditions on an indoor concrete flume. Eighteen

Inches of sandy loam soil were compacted onto the floor of the

flume. Erosion control mats or field grown sod rooted into the

erosion control mats were anchored to the soil using 12’ staples and

anchor trenches.
Short duratIon (30 mm) and long duration (up to 50 hrs)

flows were run over the mattings and TRM-remnforced turf. All

products were tested at flow velocities of approximately 3,8,11,14

and 19 ft/sec. Velocity and contour depth measurements were

made to establish the ability of the various products and product

categories to control erosion. After 30 test runs, the following

conclusions and recommendations could be made.

IRM reinforced sod resists erosion failure at flow velocities

of 15 to 19 ft/sec for short durations (30 minutes) and velocities of

14 ft/sec for long durations. These data would suggest that TRM
can be used In place of hard armor, such as rip rap and concrete,

In channels and for slope applications where anticipated long

duration flow velocities are up to 14 ft/sec.

TRM with soil filling will adequately control erosion of bare

soil at flow velocities of 11 ft/sec for short durations (30 minutes) and

should be expected to resist erosion slightly more than half that

velocity (7 ft/sec) for long durations (24 hours).
ECRM can be used on slopes where flow is not channelized,

in low gradient channels where short term (30 minute) flow vehicles

on bare soil will not exceed 15 fl/sec and flow velocities are less

than 8 ft/sec for 24 hour durations, and in challenging sites where

long term ground cover mulching is required.
If, based on channel design considerations, the additional

performance of a soil filled TRM is not needed, it may be more

appropriate to use an ECRM. They will provide better ground cover

and superior bare soil erosion protection than non-soil filled TRM.

TRM is best suited for use in channelized flow situations as

a ‘soft armor’ to protect the channel lining from failure due to high

velocity erosive forces. ECRM will provide excellent protection on

non-channelized slopes. They provide long term ground cover to

protect bare soil and conserve soil moisture which enhances the

establishment of vegetation. Matching the proper product to the site

is the key to obtaining maximum long term erosion protection.
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TABLE 1
TURF REINFORCEMENT SPECIFICATION GUIDElINE

Property Method Value
Weight ASTM D-3776-79 12 oz/sy (mm)
Thickness ASTM D-1777 0.50 in. (mm)
Tensile Strength ASTM D-1682-64 130 lb/ft (mm)

(2* frjp)
Elongation ASTM D-1682-64 70% (max)

(2* strip)
Resiliency ASTM D-1777 80% (mm)
Porosity Calculated 90% (miii)
Ultraviolet Stability ASTM 1)4682 95% (miii)

TABLE 2
EROSION CONTROL &EEVEGETATION SPECIFICATION GUIDELINE

Property Method Value
Weight ASTM D-3776-79 10.1 oza/sy (miii)
Thickness ASTM D-1777 0.4 in (miii)
Tensile Strength ASTh D-1682-64 110 lb/ft (mm)

(2* strip)
Elongation .ASTM D-1682-64 40% (max)

(2” strip)
Resiliency ASTM D-1777 80% (mm)
Porosity Calculated 80% (miii)
Ultraviolet ASTM D-1682 80% (miii)

RECOMMENDED LIMITING VALUES FOR EROSION
RESISTANCE OF PLAIN AND REINFORCED GRASS

RECOMMENDED LIMITING VALUES FOR EROSION
RESISTANCE OF ECRWS AND BARE SOIL
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Design and construction with geosynthetics

assure project success.

INTRODUCTION

The geosynthetics industry is beginning its third decade, an

apparently long period of time in some respects but short in terms

of technology maturity. In 1991; approximately 400 million

square yards will be used in North America and predictions of

growth through the 1990’s are for continuous steady increases.

The incredible growth of this industry through the 1980’s was

combined with the development of many new products. At

present, over 400 products are available for designers to select.

While general expectations for industry development are attractive,

several well known technical specialists have identified a number

of problems which may impede the cost effective application of
these materials in the future. The foremost problem is that many

civil engineers currently do not design geosynthetic installations

i.e. technology transfer has not occurred. This paper presents a

review of fundamentaldesign principles and concepts, and provides

recommendations for engineers to avoid disappointments when

utilizing geosynthetics. Although much of the material is generic,

the primary focus is related to transportation applications based on

the author’s background.

Geosynthetics have been proven to be a cost effective tool in

solving many civil engineering problems. Savings corresponding

to geosynthetic applications are often 20% and sometimes 50% less

costly than conventional non geosynthetic solutions. In addition,

a host of other applications present solutions where no conventional

treatment is available.

The geosynthetic concepts have had a long history of successful

use. Records reveal that the master roman builders of the 1st

century used woven reed mats when they encountered soft soils

over which their now famous roads were built. In the 18th and

19th centuries, when the dutch were reclaiming the sea to form

much of what is present day Holland, engineers used woven

willow branches to prevent erosion of the reclaimed land. In the

1930’s, U.S. highway engineers used cotton on unpaved roads for

by

an all weather under seal.

Today geosynthetics may be very loosely defined as a family of

synthetic products which are used in relation to soil and rock to
solve a host of engineering problems. The geosynthetic family

includes subcategories of geotextiles, geogrids, geoneta,

geomembranes and geocomposites. Applications are spread across

a wide number of disciplines including: hydraulics, structural,

environmental and of course geotechnical engineering.

KEY REFERENCES/INFORMATION SOuRCE

As the geosynthetics market expanded and the number of
available products increased, the technology has matured. The

geosynihetics family’ of educators, materials suppliers and
specialty geotechnical consultants have generated a wealth of

technical literature and reference materials. Table 1 provides a list

of several key references which serious users are encouraged to

obtain. Many of these references have been directly or indirectly

supported by select technical groupa and organizations which are

dedicated to the cost effective application of geosynthetics. Users

of geosynthetics are encouraged to communicate with these groups

not only to solicit information and technical assistance but also to

cooperate and participate in the advancement of the technology.

Each group is briefly described below:

• American Society for Testing Materials. Committee D-35

(Geosynthetics)- After getting off to a slow beginning in the

late 1970’a, the committee has done a impressive job of

developing testing standards for geosynthetics. Unfortunately

major activities related to geomembrane behavior,

geosynthetic durability properties and geosynthetie

performance properties require a considerable additional

effort.

• Geosynthetic Research Institute. (Drexel University) -

Supported by a host of public and private sponsors, GRI’s

mission is to conduct research and development activities

Jerry DiMaggio, MSc

Geotechnical Engineer

Federal Highway Administration

Washington, D. C.

Abstract: The expanded application of geosynthetica has been accompanied by a technical

growth of knowledge. Engineers can now design and specify geosynthetic products which meet
project criteria. Unfortunately, this knowledge is not always applied and project results are

sometimes disappointing. This paper presents a review of fundamental design principles to
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dedicated to the advancement of geosynthetic technology.

• Industrial Fabrics Association International (IFAI) -The

geoxtiles and geomembrane technical divisions of this trade

organization have developed generic technical guidance. The

popular magazine “Geotechnical Fabrics Report” is produced

by IFAI.

• Transportation Research Board, Committee (A2K07) - The

geosynthetic committee of TRB has been very active in

sponsoring technical seminars on geosynthetics at annual

meetings developing research needs and promoting the need

for research to the American Association of State Highway

and Transportation Officials.

Table 1

KEY GEOSYNTHEFIC REFERENCES

• ‘Geotextile Engineering Manual”, Federal Highway

Administration (1985)

• ‘Geotextile Design and Construction Guidelines”, Federal

Highway Administration (1989)

• ‘Geotextile Specifications for Highway Applications”,

Federal Highway Administration (1989)

• Task Force 27 “Insitu Soil Improvement Techniques”,

AASHTO-AGC-ARTBA Joint Committee (1990)

• Task Force 25 “Guide Specifications and Test Procedures for

Geotextiles”, AASHTO-AGC-ARTBA Joint Committee

(1990)

• “Designing with Geosynthetics”, Professor Robert Koerner

(1990)

• Proceedings from several Regional and International

Conferences sponsored by the North American Geosynthetics

Society and International Geotextile Society

NEEDS/PROBLEMS

The current state of practice with geosynthetics has not occurred

without failures and hard learned lessons. In addition, there are

several needs and problems which remain to be satisfied in order

to fully develop this technology. These issues are summarized in

Table 2 and discussed within this section.

Table 2

GEOSYNTHEFIC INDUSTRY NEEDS

• Development of Standard Tests

• Education of Designers

• Design of Important Applications

• Development of Generic Specifications

• Industry Uniformity

Development of Standard Tests
While several groups, especially ASTM committee D-35 can be

credited with development of numerous tests, the task is still

incomplete. While a near complete battery of tests have been

developed for index properties; performance and soil/geosynthetic

interaction tests are snore difficult to develop because of their

complexity, difficulty in obtaining designers participation in the

test standardization process and confusion by some material

suppliers related to how these tests might be utilized in practice.

Long needed in this area is greater user participation in

organizations such as ASTM and the Geosynthetics Research

Institute.

Education of Designers
Thousands of seminars, conferences and short courses have been

presented on geosynthetics. However, the overall geotechnical

community and generalists civil engineers are poorly versed in

geosynthetics. Many engineers now know the difference between

a woven and non woven geotextile, however, an insufficient

number know how they work, and how to design and specify their

use.

Design of Important Applications
One disadvantage of geosynthetic applications is they should be

designed. Users must understand these materials are not a solution

to all problems, may not be the best or most cost effective solution

in all cases and have a wide range of mechanical, endurance, and

durability properties. Unfortunately, many geosynthetic

installations are specified without design and without due

consideration of the impact of installation on performance. For

example, the significant influence of construction procedures on

material damage.

Development of Generic Specifications
This has been an industry wide problem since the earliest

applications. Although the situation has improved for some routine

applications, generic specifications for geocomposite applications

and mechanically stabilized earth walls and slopes is a pressing

need.

Industry Uniformity
The industry primarily through its trade organizations, must take

a more generic, and proactive approach on certain technical issues.

In most cases, users have had to rely on individual material

suppliers for technical advise. Unfortunately this technical

information is or has been perceived to be bias toward particular

products.
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DESIGN BASICS

Functions and Test Methods
A successful geosynthetic must provide one or more of the

following primary and secondary functions: filtration, drainage,

separation and reinforcement. In filtration, the geosynthetic acts

similar to a two dimensional sand filter, allowing water to pass

perpendicular to the geosynthetic while retaining the soil particles.

In drainage, the geosynthetic allows water to pass, either

perpendicular or parallel to the plane of the material. In

separation, layers of different size solid particles are separated

from one another by the geosynthetic such as, a gravel base and

subgrade. For reinforcement, the geosynthetic is a structural

enhancement for the facility such as a reinforcement element in the

earth for walls and slopes. Table 3 provides a list of representative

applications with their corresponding primary and secondary

functions. It is essential to consider all appropriate functions in

desiens and specifications. A geosynthetic can also be used as a

barrier however, this function is principally associated with

geomembranes which have a relatively small use in the

transportation applications and will not be further discussed in this

paper.

The design requirements of a geosynthetic for any application

should depend on several fundamental design considerations:

• Review the critical nature of the application in relation to the

type of structure and the effects on the structure should

failure occur.

• Review the design conditions for severity. Severe conditions

include extremely soft soils, large loading conditions, high

or cyclic hydraulic conditions and gap graded soils for

drainage applications.

• Consider the influence of the geosynthetic on the overall

project design and on construction procedures.

Geosynthetics have wide range of values for almost all

properties. These properties result from a combination of variables

such as polymer type (polyester) manufacturing process (needle

punched or slit 1Mm), and mass per unit area. Due to the large

differences in material properties and the number of available

product types, it is important that properties be determined by

standard testing methods, whenever possible. Appropriate

selection of the optimum geosynthetic properties for a particular

application depends on functional design requirements,

constnictability requirements and endurance requirements. Table

4, for example, relates these requirements to geosynthetic

properties for reinforcement applications. Factors which determine

the suitability of a geosynthetic to meet these functional

requirements include: general geosynthetic properties, index

properties (including mechanical, durability, endurance, and

hydraulic properties) and soil/geosynthetic interaction properties.

Table 5, provides a summary table of geotextile properties and

corresponding reference test methods. Note that TableS contains

many standard test methods developed by the ASTM-D35

committee. Standard test procedures for the index and

performance properties of geogrids have been developed by the

Geosynthetic Research Institute.

It is important for users to recognize the difference between

index and soil-geosynthetic interaction tests. Index tests, as the

name implies, give only an indication of the design property.

Jndex test results therefore are only useful in establishing orders of

magnitude of properties to be compared to actual design

parameters, or when related to index properties of other

geosynthetics. When used directly as design parameters without

performance tests, designs based on index parameters require high

safety factors. For critical applications or severe conditions,

soil/geosynthetic evaluations in either the laboratory or by field

trial are always the preferred method of product selection.

Soil/geosynthetic interaction properties are more difficult to

understand and require more complex test methods. Reference to

TableS and the absence of ASTM tests for performance properties

confirm this statement. Since performance tests are conducted in

conjunction with site soils, under specific design conditions, it

should not be expected that material suppliers perform such tests.

In most cases, these tests should be conducted under the direction

of the project design engineer.

Specification and Contracting Procedure
The type of application and organizational structure of the user

agency greatly influence the specification format and contracting

procedures. There are three main types of specification: generic

specification, performance specification and approved list. The

companion contracting procedures are based on either in house

designs (generic or approved list specification) or an end result

contract (performance specification).

For a generic specification, properties are specified on the basis

of design requirements and selected geosynthetics must meet or

exceed these property values. This is a simple approach for most

routine applications, when the selection of the geosynthetic can be

based solely on index values. However, it becomes more difficult

when performance testing of a particular soil/geosynthetic property

is required. Since performance tests should be conducted or

directed by the project designer, the specification must be written

around pretesting of generic geosynthetic types and selection of

index properties that provide some assurance that the contractor

proposed product meets performance requirements. Alternately,

a pre bid approval of certain products might be done.

For performance specifications, the Contractor submits a

material for performance testing after contract award with an

inflated price included in the contract for alternate materials. The

greatest difficulty with performance specifications is the designer

must be able to measure success by some convenient and standard

method. In an approved list specification, lists of approved
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Table 3
Representative Applications and Controlline Functions of Geotextiles

Primary Function Application
Secondary Function(i)

Separation Unpaved Roads (temporary & permanent) Filter, drains, reinforcement
Paved Roads (secondary & primary) Filter, drains
Construction Access Roads Filter, drains, reinforcement
Working Platforms Filter, drains, reinforcement
Railroads (new construction) Filter, drains, reinforcement
Railroads (rehabilitation) Filter, drains, reinforcement
Landfill Covers Reinforcement, drains
Pre-Loading (stabilization) Reinforcement, drains
Marine Causeways Filter, drains, reinforcement
General Fill Areas Filter, drains, reinforcement
Paved & Unpaved Parking Facilities Filter, drains, reinforcement
Cattle Corrals Filter, drains, reinforcement
Costal & River Protection Filter, drains, reinforcement
Sports Fields Filter, drains

Drainage-Transmission Retaining Walls Separation, filter
Vertical Drains Separation, filter
Horizontal Drains Reinforcement
Below Membranes (drainage of gas & Water) Reinforcement
Earth Dams Filter
Below Concrete (decking & slabs)

Reinforcement Pavement Overlays
Concrete Overlays —

Subbase Reinforcement in Roadways & Railways Filter
Retaining Structures Drains
Membrane Support Separation, drains, filter
Embankment Reinforcement Drains
Fill Reinforcement Drains
Foundation Support Drains
Soil Encapsulation Drains, filter, separation
New Against Rockfalls Drains
Fabric Retention Systems Drains
Sand Bags
Reinforcement of Membranes
Load Redistribution Separation
Bridging Non-Uniformity Soft Soil Areas Separation
Encapsulated Hydraulic Fills Separation
Bridge Piles for Fill Placement

Filter Trench Drains Separation, drains
Pipe Wrapping Separation, drains
Base Course Drains Separation, drains
Frost Protection Separation, drainage, reinforcement
Structural Drains Separation, drains
Toe Drains in Dams Separation, drains
High Embankments Drains
Filter Below Fabric-Form Separation, drains
Silt Fences Separation, drains
Silt Screens Separation
Culvert Outlets Separation
Reverse Filters for Erosion Control: Separation
Seeding & Mulching
Beneath Gabions
Ditch Amoring
Embankment Protection, Costal
Embankment Protection, Rivers & Streams
Embankment Protection, Lakes
Vertical Drains (wicks) safety factors.
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Table 4
Important Criteria and properties - Reinforcement Applications

Criteria: Property’

Constructability Strength
Temperature Stability
Ultraviolet Light Stability
Wetting and Drying Stability
Flammability
Thickness
Absorption
Puncture Resistance
Tear Resistance
Cutting Resistance
Modulus

Durability Ultraviolet Light Stability
Temperature Stability
Chemical Resistance
Wetting and Drying Stability
Biological Resistance

Mechanical Tensile Strength
Modulus - Static
Modulus - Dynamic
Friction/Adhesion
Fatigue
Creep - Static
Creep - Dynamic
Seam Strength

Hydraulic Thickness
Permeability

‘All may not be important for every application

Table 5
Geotextile Properties and Parameters for Geotextile Selection

Property Test Method Units of Measure

GENERAL PROPERTIES (FROM MANUFACTURERS)

Type and Construction N/A
Polymer N/A
Weight ASTM proposed (FHWA Manual’) oz/yd
Thickness ASTM proposed (FHWA Manual’) in
Roll Length Measure ft
Roll Widths Measure ft
Roll Weight Measure ft
Roll Diameter Measure ft
Specific Gravity & Density FHWA Manual’ lb/ft3
Absorption FHWA Manual’ percent
Surface Characteristics N/A
Geotextile Isotropy N/A

‘See FUWA Geotextile Engineering Manual (Appendix B) for detailed procedures
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Property

II. INDEX PROPERTIES

Mechanical Strength - Uniaxial Loading

a) Tensile Strength
1) Grab Strength
2) Strip Tensile Strength

3) Wide Width Strength

b) Poisson’s Ratio

c) Stress-Strain Characteristics

d) Dynamic Loading

e) Creep Resistance

1) Friction/Adhesion
(slick, rough, smooth)

g) Seam Strength

h) Tear Strength

Mechanical Strength - Rupture Resistance

a) Burst Strength

b) Ultraviolet (UV) Radiation
Stability

c) Chemical and biological
Resistance

Mullen Burst - ASTM D-3786
(Fed. Std. 191A, Method 5122)

ASTM D-4833

No Standard

No Standard

Modified ASTM D-1388 - Option A using
2-in x 12-in sample (FHWA Manual)

(Fed. Std. 191A, Method 5206)

lb
(at rupture)

degrees

lb (grab) or lb/in
(strip) as required

lb (at peak strength)

Percent retained in
weakest direction

(2-in strip test)

Percent strength
relained
(2-in strip test)

*See FHWA Geotextile Engineering Manual (Appendix B) for detailed procedures

Units of Measure

lbs
lb/in

lb/in

lb/in

Table 5 (Cont.)
Geotextile Properties and Parameters for Geotextile Selection

Test Method

ASTM D-4632
ASTM D-1682
Sections 18 and 20 using a

CRE of 12-inch/mm
ASTM D-4595 (FHWA Manual)

No Test

ASTM D-4595 (FHWA Manual)

No Standard

(FHWA Manual*)

Modified Corps of Engineers EM 1110-2-1906,
using Ottawa 20-30 sand

See U a) Tensile Strength above; use 1), 2),
or 3) depending on requirements

ASTM D-4533

b) Puncture Resistance

c) Penetration Resistance
(Dimensional Stability)

d) Fabric Cutting Resistance

e) Flexibility (Stiffness)

Endurance Properties

a) Abrasion Resistance

lb/in’

lb

mg/cm’

ASTM D-4886

ASTM D-4355

No standard for geotextiles
(For textiles: Fed. Std 191A, Methods
5760, 5762, 2015, 2016, and 2053)
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Proverty

Endurance Proverties (cant.)

Hydraulic

a) Wet and Dry Stability

1) Temperature Stability

Table 5 (Cont.’)

Geotextile Pronertics and Parameters for Geotextile Selection

Teat Method

No standard

No Standard

Units of Measure

a) Opening Characteristics

1) Apparent Opening Size (AOS)

2) Porimetry (pore size distribution)

3) Percent Open Area (POA)

4) Porosity (n)

b) Permeability or)
and Permittivity C)

c) Soil Retention Ability

ASTM D-4751 (FI{WA Manual)

Use AOS for O,, O, O, 0u’ and O

FHWA Manual*)

No Standard

ASTM D-4491

FHWA Manual)

Empirical Relations to Opening

Characteristics

U.S. sieve equivalent
in mm (and sseve no.)

mm

percent

cm/sec

sac1

__________________________________

No standard procedure.

_________________________________

-Soil-Fabric permeameter Gradient Ratio -

(FHWA Manual)
-Slurry Method - CALTRANS, Hover (1982)
-Application Model - e.g., Virginia HTRC
Silt Fence Method (FHWA Manual)

See FHWA Geotextile Eneineerina Manual (Appendix B) for detailed procedures

d) Clogging Resistance No Standard - See Soil-Fabric Tests

e) In-Plane Flow Capacity ASTM D-4716
(Transmiasivity, 0)

Ill. PERFORMANCE PROPERTIES - FOR SOIL-GEOTEXTILE SYSTEMS

Stress-Strain Characteristics: -Tension Test in Soil - McGown,
et. .1., (1982)

-Triaxial Test Method - Halts, et. at., (1982)
-California Bearing Ratio on Soil
Fabric System - Christopher, (1983)

-Tension Test in Shear Box, FHWA Manual

Creep Tests: -Extension Test in Soil - McGown
et. .1., (1982)

-Triaxial Test Method - Holtz
et. al., (1982)

-Extension Test in Shear Box -

Christopher, (1983)

FrictionlAdhesion: -Direct Shear Method - Modified, Corps of
Engineers Procedure EML11O-2-1906;
Bell -2- 1906; FHWA Manual

-Pull-Out Method - Halts, (1977)

Dynamic and Cyclic Loadine Resistance:

Soil Retention and Filtration Properties:

gallmin per ft. width

lb/in and percent strain

creep strength (lb/in)

creep strain

percent
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materials are prepared for an application by having manufacturers

submit materials for testing and approval on a periodic basis. Jn

this case, soil/geosynthetie testing can be performed for repeated

common applications using a wide range of conditions and soil

types synonymous to the project locale. This approach creates a

potentially large workload for the designer who must develop and

maintain the approved list. Regardless of the specification type, all

specifications should address the following areas: general

requirements, specific geosynthetic properties, seams, placement

procedures, repair methods and acceptance and rejection criteria.

These design basics are examined in the following sections for

geosynthetic property selection in drainage and erosion control,

and reinforcement applications. Note, only the primary functions

of each application are examined. Readers will note several

differences in the design philosophy used for each family of

application.

GEOSYNTHETICS IN DRAINAGE AND

EROSION CONTROL APPLICATIONS

Geosynthetics have been successfully used to replace

conventional graded granular filters in a variety of drainage

applications. The principal advantages have been ease of

placement, comparable performance, improved economy and

consistent material properties. This family of applications requires

the geosynthetic to:

• Allow water to flow through the geosynthetic into the drain,

and be able to continue this function throughout the project’s

life i.e. the geosynthetic should not clog.

• Retain the soil particles in place and prevent their migration

through the geosynthetic. If some soil particles do move,

they must be able to pass through the geosynthetic without

clogging or plugging during the project life.

• Similar to all applications the geosynthetic must also survive

installation.

An examination of the family of drainage and erosion control

applications quickly reveals a wide range of flow

requirements,and gradients, filter and soils to be drained. These

variables are summarized in Table 6 in order to assess the

criticality and severity of project conditions. Having determined

whether the application is critical/non critical or severe/non severe,

the designer should now proceed to satisfy the primary functions

of drainage and filtration. Geotextiles and geocomposites are the

principle geosynthetic types utilized in these applications.

Regardless of structure severity and criticality, the designer should

always check index properties for drainage and filtration behavior.

Retention Criteria (for Steady State Flow)
AOS or O (geosynthetic) < B D (soil)

where: AOS = apparent opening size, mm

O = opening size in the geotextile for

which 95% are smaller, mm

B = a coefficient; and

= particle size for which 85% are

smaller, mm

For soils with less than 50% passing the No.200 sieve, B is

a function of the uniformity coefficient Cu; (Cu = D60/D10)

(Sands, Gravelly Sands, Silty Sands, Clayey Sands).

Cu2or8 : B=1

2Cu 4:B=0.5Cu

4<Cu< 8: B=8ICu

For soils with more than 50% passing the No.200 sieve, B

is a function of geotextile type; (Silts and Clays)

For wovens: B = 1 : 095 D

For nonwovens: B = 1.8 : 0 1.8 D95

and

For AOS 0.3mm or No.50 sieve.

In all soil types, contact between the geotextile and the

retained soil is important. Jo applications where soil particles can

move behind the geotextile the value of B should be reduced to

0.5. The absence of a bridging network creates a severe condition.

This condition is likely in erosion control applications, under wave

action where the geotextile may be loose under riprap and also for

geocomposite pavement applications where installation procedures

may cause this void.

Permeability Criteria
For non—critical applications and less severe conditions:

Kgeotextile Ksoil

For critical and severe applications:

)Cgeotextile 10 Ksoil

The permeability criteria for non—critical applications is

conservative, since an equal quantity of flow through a much

thicker granular filter will take a longer time. The more

conservative criteria for critical applications is also recommended

where some geotextile pores may become blocked or plugged with

time. The required flow rate through the entire drainage system

must also be evaluated.
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Item

1. Riakoflossoflifeand/or

structural damage due to

drain failure:

2. Repair costs vs. installation

costs of drain:

3. Evidence of drain clogging before

potential catastrophic failure:

Table 6

Guidelines for Evaluating the Critical Nature

or Severity of Drainset and erosion Control Pwplications

Clogging Resistance
For less critical/less severe conditions:

095 (geotextile) 3 D15 (soil)

The above criteria applies to soils when Cu >3. For Cu 3,

maximize the opening size based on the retention analysis. In

situations where clogging is a real possibility (gap graded or silty

soils), the following index test qualifiers may also be applied:

For nonwovens: geotextile porosity (n) 30%

For monofilament and slit film wovens: percent open area

(POA)4%

Another option for inexperienced users is to conduct filtration

tests, such as, hydraulic conductivity or the gradient ratio test.

Unfortunately, neither test has yet to be standardized by ASTM

however, meaningful results can be obtained from reputable

laboratories. It is important to recognize that these are

performance tests and should not be performed by material

suppliers. In addition, test variables such as gradient, soil type and

test durations should be used based on specific project conditions.

For critical/severe applications, filtration tests should always be

conducted. For these applications, the index criteria for non—

critical/non severe applications may be used as a preliminary

screening method

Today most drainage and erosion control projects are

implemented without the benefit of project specific designs; even

those who perform designs often only rely on index properties.

Documenteddrainage failures often result in a uninformed opinion

that all geosynthetics don’t function as manufacturers literature

suggest.

A. Critical Nature of the Project Summary (Carroll, 1983)

Critical Noncritical

High None

>> or<

None None

Severe Nonsevere

B. Severity of the Conditions Summary (after Carroll, 1983)

Item

1. Soil to be drained

2. Hydraulic gradient

3. Flow conditions

Gap-graded)

pipable/

dispersible

Well

graded/

uniform

High Low

Dynamic

cyclic or

pulsating

Steady

state
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GEOSYNTRETICS IN IEINFORCEMENT

APPLICATIONS

Reinforcement applications with geosynthetics are the most

interesting applications for geotechnical engineers. Those

applications are unique from others for several reasons:

• Applications generally require a long service life

• Projects are often critical and severe

• Designs largely depend on soillgeosynthetic properties

• Longterm geosynthetic properties are critical

• Geosynthetic solutions require a high level of engineering

analysis

• Non geosynthetic alternatives commonly utilize a low level

of engineering analysis

Reinforcement applications include retaining structures,

pavement reinforcement, embankment foundation reinforcement,

slope reinforcement, and foundation support. In each of these

applications the longlerm, tension strain characteristics of the

geosynthetic is a key design value. The following guideline, was

developed by AASHTO-AGC-ARTBA Task Force 27 to address

this issue. The guideline permits a determination of allowable

tensile stress based on consideration of:

(i) longterm polymer creep

(ii) longterm polymer degradation and

(iii) construction induced reinforcement damage as well

as variations in the manufacturing process.

Details for implementation of this guideline follow as it

applies to permanent retaining walls. Modifications may be

appropriate for other reinforcement applications. The general

philosophy of the guideline is to place the testing responsibility on

the material suppliers and to assign large default values whenever

product and condition specific information is not available. The

lack of test standards for some properties results in testing

procedure and interpretation responsibility also being placed on the

material suppliers.

Creep
All polymeric materials exhibit time and temperature

dependent behavior. Therefore, their longterm tensile behavior

should be determined from results of controlled laboratory creep

tests conducted for a minimum duration of 10,000 hours for a

range of load levels on samples of the finished product. Samples

may be tested in a confined or unconfined state and results should

be dxtrapolated to a minimum 75 year design life.

Interpretation of these tests should be used to determine:

(i) The highest load level at which the accumulative creep

strain-rate continues to decrease with log-time within the

required design life and which would preclude brittle or

ductile failures. This value of load is termed the limit state

reinforcement, T1.

(ii) The tension level at which the total strain is not expected

to exceed 5% within the design life time is termed the

serviceability reinforcement tension T,,.

In the absence of test data, the limit slate reinforcement

tensile load T1 may be estimated, for preliminary design only by

multiplying the wide strip tensile strength (ASTM D 4595) by the

following creep reduction factors:

Polymer Type Creep Reduction Coefficient.

Polyester

Polypropylene

Polyamide

Polyethylene

In this case, the serviceability state reinforcement tension can

be obtained by multiplying the limit state value by 0.66.

Polymer Durability

The effects on the reinforcement of chemical and biological

exposure are dependent on material composition, including resin

type, grade and additives, manufacturing process and final product

physical structure. Hence, product specific tests to assess

durability are necessary. Durability studies should address the

effect of long and short-term mechanical properties as well as

changes in mass, oxidation, environmental stress cracking,

hydrolysis, temperatures and plssticization. The synergetic effect

of different environments, particularly temperatures, should be

fully investigated and, whenever possible, the reinforcement should

be subjected to a working stress during the environmental tests.,

The full range of soil environments to which the

reinforcement may be exposed should be evaluated and should

include the following at a minimum:

1. pH 2,4,8,12 (ASTM D2165)

2. Diesel oil (ASTM D795)

3. Fungi and Bacteria

4. U.V. 500 hours exposure (ASTM D4335)

5. Solvents and agents that are project specific

The conditioning temperature for these tests should be

laboratory standard plus 1.5 times laboratory standard.

Conditioning times, when not indicated by the test standard should

be 30 days. Test results should be used to develop durability

reduction factors FD. In the absence of product specific durability

information FD should be taken as 2.0. In no case should FD be

less than 1.1.

0.40

0.20

0.35

0.20
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This information raises the general concern that not fl
geosynthetics are inert under all conditions. The guidelines above

are meant to focus designers attention to this issue rather than

provide a definite recommendation. The Federal Highway

Administration, has recently initiated a major research study to

address geosynthetic durability, in cooperation with a number of

State transportation agencies and industry. Unfortunately, results

of this effort are years away.

Construction Induced Damage
The influence of construction damage on geosynthetic

reinforcement should be determined from the results of fill scale

construction damage teats using representative fill materials and

construction procedures. The effect of construction damage tests

should be incorporated into a construction damage factor FC, that

is applied to the limit and serviceability state reinforcement

tensions. In the absence of product specific construction damage

tests, FC should be taken as 3.0. Where the specific backfill

source is unknown, but construction damage test data exist, the

minimum value of FC should be taken as 1.25. Lower FC values

should be supported by construction damage tests for the selected

product and project specific backfill. Construction damage factors

are principally based on before and after index test results.

The responsibility for test data development and interpretation are

clearly on material suppliers. The apparently high default values

are based on test results which show a wide range of damage

which depends on material type and project conditions.

Allowable Reinforcement Tension
The allowable reinforcement T, should be the lesser of the

two following determinations:

1. Limit State determinations -

TAL=
TL

FD*FC*FS

Where FS is an overall safety factor to account for

uncertainties in structure geometry, fill properties and

externally applied tasks. For permanent, vertically faced

mechanically stabilized earth wall, PS is 1.5.

2. Serviceability State determination

TAS=
7’w

Fc*FD

RECOMMENDATIONS

Hopefully, the following recommendations became apparent

to readers of this paper.

1.) Many geosynthetic applications must be designed based

on project specifics.

2.) The lack of standard test procedures requires designers

to utilize engineering judgement in the approval of

materials and test result evaluation

3.) Generic specifications simply based on index test are

not acceptable for all applications

4.) Soil type, hydraulic conditions, project environmentand

geosynthetic installation procedures play a significant

role in product performance
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The repair of the Ohio State Road 541 slide
using polyester geoqrid reinforcement

by

James S. Martin, P. E.
Manager, Reinforcement Products, Mirafi Inc

Charlotte, 1’brth Carolina 28224

In the summer of 1989, the Ohio Department of
Transportation suffered a severe slide on State
Road 541 in Guernsey County, Ohio. The slide
failure occurred along two sections of the roadway
approximately 350 and 150 feet in length
respectively. s part of their analysis for
determining the proper solution to the slide
problem, the Ohio Department of Transportation
District 5 investigated the possibility of using a
geogrid reinforcement to reinforce the on site
soils so that the slope could be built back to its
original condition. This paper details the geogrid
reinforced design prepared for the project along
with the cost comparisons of the geogrid solution
versus other alternatives. The paper will
specifically address the type of slope stability
analysis which was used to determine the
appropriate number of layers of geogrid used in
this particular project. One interesting aspect of
this paper will be the fact the slope was rebuilt
with typical Southeastern Ohio clays and shales
rather than bringing in more expensive off—site
material.

The paper will also address the construction and
quality control aspects of this project. The cost
of installation versus other comparable slope
repair methods will be discussed in detail. The
paper will clearly show the cost effective
performance of geogrid reinforcement in
transportation related projects such as roadside
slide repair.

In many areas of the country, slide
problems along public highways have
become a major maintenance concern for
transportation officials. Often these
slides occur in areas where subsurface
moisture creates instability in highway
embankments. The challenge that
transportation maintenance personnel
face is to develop cost—effective
techniques for repairing the failed
sections and preventing future
failures.

In the summer of 1989, the Ohio

Department of Transportation District
#5 experienced a severe slide on a
portion of State Road #541 in Guernsey
County, Ohio. Slides along this
section of road are not unusual as
slope repairs have been an ongoing
maintenance project since the 1930’s.
The particular slide in question
occurred along a 500’ section of State
Route #541. In the worse sections of
the slide, the outside lane dropped
over 5’. The techniques that the
District had previously used to repair
such slides consisted of two primary
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options: 1) place an U—pile and guard
rail system around the slide area to
reinforce and hold back the failure
zone; and 2) increase the depth of the
asphalt pavement in the areas where the
slides occurred. For the State Route
#541 slide, neither option was
considered viable.

Although each of the above options were
technically correct, District personnel
were not convinced that either
technique provided a cost effective
long term solution. After researching
alternative slope repair techniques,
the District chose to proceed with a
polyester geogrid reinforcement design
for use on the State Route #541 slide
repair. A polyester geogrid reinforced
design was chosen for the State Route
#541 project because of its anticipated
low product cost, ease of installation,
and ability to provide a permanent
long—term solution to the slide
problem.

In order to gain assistance in
developing a reinforced option using
polyester geogrids, Mirafi Inc of
Charlotte, brth Carolina, was
contacted by District officials.
Working together with Ohio DOT District
#5 engineers, Mirafi Inc prepared
several optional designs which could be
analyzed to determine whether a geogrid
reinforced slope repair design could be
cost effective. The remainder of this
paper is devoted to the development of
the design analysis that took place for
this particular project, the
conclusions that were developed from
the design, and a discussion of the
slope repair procedure.

It was determined by DOT maintenance
officials that water seepage occurring
along coal seams in the existing slope
was the primary cause of the slope
failure. When the moisture content
became excessive, the coal seams acted
like slip planes, allowing major
failures to occur in the roadway
cross—section (see Figure #1). In the
case of the State Route #541 slide, the
failure occurred along a plane
intersecting the roadway cross—section
15’ vertically and 12’ horizontally
from the edge of the slope. The
existing soil in the roadway section
was a Southeastern Ohio clay, coal, and
limestone combination. The geogrid
reinforcement design alternative called
for removing the existing soils and
incorporating polyester geogrid
reinforcement into a mixture of the on
site clay and a shale material located
close to the site. The economics of
using materials that did not have to be
trucked in to repair the existing slope
failure was considered to be
significant and one major factor in the

decision to use a polyester geogrid
reinforced design in lieu of more
traditional slope repair techniques.

In order to develop a geogrid
reinforced slope design, an accurate
estimation of the soil properties of
the fill was needed. For the State
Route #541 site, a range of typical and
minimum phi angles and cohesions for
the clay/shale mixture was obtained
from soil testing performed on other
projects in the area. The assumed long
term effective stress soil parameters
developed from this data are listed
below.

Unit
Cohesion Phi Weight

Condition Soil (PSP) Angle ° (PCF)

In addition to developing a slope
stability analysis, it was also
necessary to design a proper drainage
system to collect the water flow
seeping through the coal seams. It was
proposed that this drainage problem be
solved by constructing a chimney drain
against the back face of the reinforced
zone. This drainage.detail is
illustrated in Figure #3.

The slope stability analysis was
carried out by using the assumed
minimum properties for the clay soil.
The specific analysis was performed by
using STABGM, a computer program for
analyzing geosynthetic reinforced
slopes. ST1BGM is a commercially
available program authored by Duncan,
Low, and Schaefer, and produced by the
Department of Civil Engineering of
Virginia Polytechnic Institute. The
STABGM program uses the Ordinary Method
of Slices or Bishop’s Modified Method
to calculate circular slip surface
factors of safety. The circular slip
surface factor of safety is defined as:

FS = soil shear strength
soil shear strength required for

equilibrium of the slope

For a geogrid reinforced slope, the
factor of safety relationship is

FS = (MR + MT)
MO

where
MR = the resisting moment of the soil
MT = the resisting moment of the

reinforcement
MO = the overturning moment

Typical Clay 1,000
Shale 2,000

Minimum Clay 400
Shale 1,500

18 120
22 125

15 118
20 123
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From this equation it can be shown that
the increased stability of the slope is
attributable to the addition of the
term

MT
MO

to the circular slip circle factor of
safety, i.e.

FS = +
MO MO

In order to analyze the State Route
#541 reinforced slope with STABGM, an
X—Y coordinate system was first
established This coordinate system is
shown in Figure #2. This coordinate
system was used to establish the
rotational centers of seven computer
generated critical slip circles drawn
through the reinforced slope section.
Before performing the STBGM analysis,
an initial geogrid length and spacing
was first assumed. From prior
experience with projects of this type,
it was assumed that three layers of
Miragrid 5T spaced 1’, 3’, and 8’ above
the bench of the repair cut was
appropriate. Miragrid 5T is a flexible
polyester geogrid used in embankment
and retaining wall reinforcement. The
physical properties of Miragrid 5T are
listed in Figure #4. n initial
geogrid embedment length of 20’ was
also assumed. The miniirum design
factor of safety was set at 1.5.

The minimum factor of safety developed
from the STBGM analysis of seven
critical slip circles was 1.64. s
this factor of safety was above the
minimum specified factor of safety of
1.5, the design was considered
appropriate. The STTBGM slope
stability analysis is provided in the
appendix. The computer analysis was
discontinued at that point and the
geogrid spacing and length mentioned
above was utilized for the final design.
This design required approximately 6.7
square yards of Miragrid ST per linear
foot of slope.

The preliminary design prepared by
Mirafi Inc for the State Route #541
slope repair was accepted by the Ohio
Department of Transportation District
#5 Maintenance Department, and planá
were developed by the District to
incorporate the geogrid in the repair
of the slide section. Construction
began in October on the geogrid
reinforced section. The existing slide
area was benched out to create a 35’
wide bench of natural undisturbed soil
at the base of the repair. This
allowed for complete removal of the
failure plane. The on site coal and
limestone was trucked off, while the

clay was pushed off to one side to be
mixed with the shale. The first lift
consisted of 1’ of on site clay mixed
with shale. The first layer of fill
and all subsequent lift layers were
compacted to a minimum of 95% of
maximum standard Proctor dry density.
After placing the first lift, Miragrid
5T was then installed by rolling out,
perpendicular from the face of the
slope, 20’lengths of the geogrid.

The main reinforcing strength direction
of Miragrid 5T is in the roll direction
It was very important therefore, that
maintenance personnel place the geogrid
perpendicular to the slope face to
develop the maximum strength in the
product. Because M.iragrid 5T is a high
strength flexible polyester geogrid,
the maintenance personnel were able to
easily install the product by simply
rolling the geogrid out. The geogrid’s
flexibility eliminated any special
pinning or staking that is sometimes
required to hold stiffer geogrids in
place during installation.

After the installation of the first
layer of Miragrid 5T, the second and
third layers were installed after
placing 3’ and 4’ of fill,
respectively, over the geogrid layers.
Each lift was then compacted with a
sheep’s foot roller. Once the final
layer of 5T was installed, the
remaining 4’ of fill was placed,
bringing the total re—built embankment
up to it’s 12’ height. The roadway was
then re—constructed on top of the
repaired section using a flexible base
pavement. To date, the roadway is
performing well and the repair is
considered a success.

lthough it is difficult to make exact
cost comparisons, DOT maintenance
personnel consider the installed cost
of the geogrid slope repair option to
be roughly equivalent to an
H—pile/guardrail retaining structure.
However, District 5 maintenance
personnel favored the geogrid
reinforced soil option because it
provides a greater long term factor of
safety against future slope maintenance
problems. The estimated installed cost
of the Miragrid 5T was $6 to $7 per
square yard or $40 per linear foot of
slope. The material cost of the H—pile
system was estimated to be slightly
lower than the geogrid option, but when
installation was considered, the
overall cost became roughly equivalent.
The DOT estimates that the major cost
savings from the geogrid option will
result from the long term maintenance
savings that the geogrid reinforced
slope will provide if the H—pile system
has to be replaced and/or additional
asphalt added to the outside lanes of
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the pavement. DOT officials do not
feel comfortable that an H—pile
retaining structure can be installed
deep enough to prevent the possibility
of future slip planes from occurring.
If this possibility is not eliminated,
the overall cost of the repair would
more than double, due to the need to
re—repair the failed slide section.

The slope repair of State Route #541 is
considered a very good example of how
engineered product suppliers and public
officials can work together to provide
cost—effective solutions to difficult
engineering problems. The project also
showed how high strength polyester
geogrid reinforcement can be utilized
by maintenance personnel to repair
slide problems using on site fill
soils. Finally, the project showcased
the use of geotechnical engineering
computer techniques such as the STABGM
system for analyzing slope failure
problems. It is hoped that the proven
success of flexible polyester geogrids
in projects such as the Ohio State

Route #541 slide repair will encourage
the future use of geogrid reinforcement
by maintenance officials in similar
slope repair projects.
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• * * * * * a * * * * * * * * a * * * as * * * * * * * * sas, a a *55* * *55 * * * * as * 5* * * * *

STASGM Version 9.85 (MS—DOS)

• Slope Stability Analysis of Reinforced Slopes *

• Bishop’s Modified Method
5 and/or Ordinary Method of Slices *

• *

*s*s*sssss**s*sss**s 5*5** **************5* ss***ssss*s*** 5*

SLIDE REPAIR,SR 541,GUERNSEY COUNTY,OHIO,12’HI-H,3 LYRS.MG ST

CONTROL DATA

NUMBER OF SPECIFIED CENTERS 0
NUMBER OF DEPTH LIMITING TANGENTS 7
NUMBER OF VERTICAL SECTIONS 7
NUMBER OF SOIL LAYER BOUNDARIES 2
NUMBER OF PORE PRESSURE LINES 0
NUMBER OF POINTS DEFINING COHESION PROFILE 0
NUMBER OF REINFORCING LAYERS 3
SEISMIC COEFFICIENTS, 51, S2 00 .00
UNIT WEIGHT OF WATER 62.40

SEARCH IS BASED ON BISHOP MODIFIED METHOD

SEARCH STARTS AT CENTER ( 203,0, -75.0) WITH FINAL GRID OF 2.0

ALL CIRCLES TANGENT TO DEPTH, 66.0, 62.O, ‘58.0, —53.0, -‘48.0, —43.0, “36.0,

GEOMETRY

SECTIONS 40.0 213.0 158.0 170.0 200.0 260.0 400.0

T. CRACKS —116.0—216.0 —86.0 —70.0 —70.0 —40.0 -40.0
W IN CRACK—116.O—116.O —85.0 —70.0 —70.0 —40.0 —40.0
BOUNDARY 1—216.0—116.0 —86.0 —70.0 —70.0 —40.0 —40.0
BOUNDARY 2 .0 .0 .0 .0 .0 .0 .0

SOIL PROPERTIES

LAYER COHESION FRICTION ANGLE DENSITY
400.0 15,0 118,0

REINFORCING FORCE DATA AT 3 LEVEL(S) (TANGENTIAL ORIENTATION)

Y = -59.50 NO. OF FORCE POINTS = 4
X FORCE

5.5 .0
113.5 1050.0
97.5 1050.0
95.5 .0

Y = -61.50 NO. OF FORCE POINTS = 4
IC FORCi

113.0 .0
:11.0 1050,0
95.0 2050.0
93.0 .0

Y = -83.00 NO. 07 FORCE POINTS = 4
X FORCE

110.5 .0
106.5 1050.0
92.5 1050.0
90.5 .0

SLIDE REPA:R,sR 542,GUERNSEY CouNry,oHro,12’HIGH,a LYRS. MG ST

NUMBER TANGENT RADIUS (K) CENTER (Y) CENTER I’S(BISHOP) FS(OMS) d75(NS)

1 —66.0 9.0 203.0 —75.0 8.255 8,171 .000
2 —66.0 9.0 199.0 —75.0 IB.401 15.121 .DOC)
3 —66.0 13.0 203.0 —79.0 0.711 8.651
4 —66.0 9.0 201.0 —75.0 ‘1.716 (1.984
5 —66.0 5,0 203.0 —71.0 8.584 8.450 .000
6 —66.0 9.0 201.0 —75.0 10.404 10.259
7 —66.0 11.0 203.0 —77.0 8.459 8.369 .000
8 —66.0 9.0 205.0 —75.0 ‘1.734 7.679 .000
9 —66.0 7.0 203.0 —73.0 8.167 8.081 .000

10 —66.0 11.0 205.0 —77.0 7.795 7.748 .000
11 —56.0 9.0 207.0 —75.0 9.718 9.684 .000
12 —66.0 7.0 205.0 —73.0 7.966 7.900 .000
13 —66.0 11.0 203.0 —77.0 8.459 8.389 .000
14 —66.0 11.0 207.0 —77.0 8.792 8.760 .000
15 —66.0 7.0 207.0 —73.0 11.716 11.687 .000
26 —66.0 7.0 203.0 —73.0 8.187 8.081 .000

F.S. NNIXUN= 7.734 708 THE CIRCLE OF (IF.NTER ( 205.0, —75.0)

8—7
SLIDE REPAIR, SR 541 ,Gt)ENNSEY COUNTY, 011 (1,12’ ((OH, 3 rYRS .MG sr
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SLIDE RE?AIR,SR 541,00E?.NSEY COUNTY,ONIO,12’HIGH,3 LYRS.MG ST

NUMBER TANGENT RADIUS (X) CENTER (1’) CENTER ‘S(OISHOP) FS(OMSi äPS(RS)

1 —38.0 61.0 235.0 “99.0 1.705 1.624 .00’)

2 —38.0 61.0 231.0 —99.0 1.773 1.684 .000

3 —38.0 65,0 235.0 —103.0 1.712 1.637 .000

4 —38.0 61.0 239.0 —99.0 1.661 1.568 .000

5 —38.0 57.0 235.0 —95.0 1.701 1.615 .000

8 —38.0 61.0 237.0 —99.0 1.679 1.603 .000

7 —38.0 63.0 239.0 ‘101.0 1.662 1.592 .000

8 —38.0 61.0 241.0 —99,0 1.649 1,500 .000

9 —36.0 59.0 239,0 —97.0 1.661 1,SBF. .fli,rA

10 —38,0 63.0 241.0 -101.0 1.648 1.581 1Cr,

11 —38.0 61.0 243.0 —99.0 1.644 1,579 .000

12 —36.0 59.0 241.0 —97.0 2.651 1.560

13 —36.0 63.0 243.0 —101.0 1.64.1 1.576

14 —38.0 61,0 245.0 —99.0 1.653 1,591 .000

15 —38.0 59.0 243.0 —97.0 1.649 1.562 .000

16 —38.0 63.0 241.0 —101.0 1.646 1.561 .000

17 —38.0 65.0 243.0 —103.0 1.640 1,576 ,Q00

18 —38.0 63.0 245.0 —101.0 1,650 1.589 .000

19 —36.0 65,0 241.0 —103.0 1.648 1.583 .000

20 —38,0 67.0 243.0 —105.0 1.640 1.580 .000

21 —38.0 65.0 245.0 —103.0 1.648 1.588 .000

22 —38.0 67.0 241.0 —105,0 1,650 1.587 .000

23 —38.0 67.0 245.0 -105.0 1.646 1,589 .000

24 —38.0 63.0 245.0 —101.0 1.650 1.589 .000

25 —38.0 63,0 241.0 —101.0 1.648 1.561 .000

?.S, !CNIMUM= 1.640 FOR THE CIRCLE OF CENTER ( 243.0,—103.0)

SUMMARY OF THIS 8183GM RUN

SLIDE RE?AIR,SR 541,OUERNSEY COIJNTY,0H10,12’NICIN,3 LYRS.SIG ST

TANGENT (N) CENTER Y) CENTEE FSMrN(8MM)

—66.00 205.00 —75.00 7.734

—62,00 209.00 —79.00 6.275

—56,00 215.00 -63.00 3.109

—53.00 223.00 —91.00 2.424

—48.00 229.00 —95.00 2.045

—43.00 237.00 -101,00 1.804

—38,00 243,00 —103.00 1.640

‘‘V
OVERALL MINIMUM ES = 1.640
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1tIIRAFI INC
MIRAGRID 5T

Figure #4

PRODUCT DESCRIPTION

listed in the

(rid Prnrrtv Unit Test Method Value
Warp Fill

Long Term Allowable
Design Load (LTADL)

Maximum Allowable Total
Strain at TJTADL
after 2000 hours

Wide Width Tensile
Strength

Wide Width Elongation
Retained Modulus
Open Area
Ph Resistant Range
Grid Aperture Size
Th ickness
Weight

*ASTM 0—4 595
*ASTM 0—4 595
Calculated
COE thod

Measured
ASTM 0—1777
ASTM D—3776

5 5

1550
20

12500
65

2—12
1.2 x 1.3

80
8

DINENSIONS

Roll Width (ft)
Roll Length (ft)
Roll Area (yd2)
Roll Weight (ibs)
Style Number

13.3
150.0
222.2
111.0

832634

Miragrid 5T is a bidirectional grid composed of 100%
polyester, multifilament yarns interlocked into a stable
network such that the yarns retain their relative positions.
The grid has an ultraviolet—resistant finish and is inert to
biological degradation. Also, it is resistant to naturally
encountered chemicals, alkalies, and acids. Miragrid 5T
conforms to the property values following
table

lb/ft GRI GG-4

(%) GRI GG—3

1050 630

2600
15

21000

lb/f t
%

(lb/f t)
%

in
mils

oz/yd2

*Mdified for geogrids using an 8—inch wide x 4-inch gauge
length sample.

3/91
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Design and performance of a geogrid reinforced wall constructed over soft alluvial clay

by

Wesley Spang, R.C.E.

Vice President

Geocon Incorporated

San Diego, California

Abstract: The construction of a 25-foot-high roadway embankment through wet

marshlands required an alternative design in an area of limited right-of-way. The

right-of-way constraint necessitated a vertical wall system for a length of

approximately 250 feet. The area of the wall was underlain by 20 to 40 feet of

alluvial clay. Several wall alternatives were evaluated for consideration based on

construction, aesthetic, and economic factors. A geogrid reinforced wall with

concrete block facing was selected. The geogrid wall was completed in November

1990 and has performed satisfactorily to date.

INTRODUCTION

The development of a new residential/commercial

project in San Diego, California required the construction of an

access roadway from an existing developed area. A portion of

the roadway was to traverse a wet marshlands area located at

the confluence of two canyons. A bridge and embankment fills

were to be constructed to provide access through the area. The

bridge was to be founded on driven concrete piles which were

designed to penetrate the canyon alluvium and be supported by

end bearing within dense formational soil. The eastern bridge

abutment was above a canyon side slope and was to be

constructed into the hillside with conventional grading

operations. West of the bridge the abutment and roadway

embankment were located within the marshlands area. The

length of the roadway fill traversing the soft ground was

approximately 700 feet. The major portion of the roadway was

to be constructed with 2:1 (horizontal to vertical) side slopes.

Approximately 250 feet of the northern roadway embankment

right-of-way was directly adjacent to an area of the marsh

considered to be sensitive wetlands. No slopes or any portion of

the roadway embankment could encroach beyond this restricted

right-of-way. Therefore, some form of vertical wall system was

required for this portion of the roadway embankment. Figure

1 depicts a site plan showing the general area of the roadway

embankment and proposed wall footprint. As shown on Figure

1 approximately 110 feet of the wall was to be located adjacent

to the new roadway with the remaining sections of the wall

constructed with a 2:1 backfill slope ascending to the roadway.

The wall would have a maximum height of 25 feet adjacent to

the roadway; the wall height would decrease incrementally to

approximately 2 feet at both ends where the wall would then

blend back into the embankment slope.

GEOTECHNICAL CONDITIONS

Field Investigation

A geotechnical engineering investigation was planned to

define and characterize the underlying soil conditions, perform

limited insitu testing, and obtain samples for subsequent

laboratory testing and engineering analyses. Cone penetrometer

tests (CPT) were first advanced throughout the area of the

proposed roadway embankment and wall to determine the depth

and general characteristics of the alluvial soils. The majority of

9—1



Figure 1. Site plan with CPT and boring locations
the site contained a dessicated crust at existing grade which was

able to support the equipment used for the field investigation.

A 20-ton electrical cone penetrometer rig operated by The Earth

Technology Corporation was used to advance most of the cone

soundings; several of the test locations were in areas of very soft,

saturated soil and had to utilize a mini-cone rig adapted for soft

soil conditions. A total of twelve CPTs (including two

piezocones) were advanced to depths of approximately 20 to 40

feet within the area of the proposed wall and roadway

embankment. The approximate locations of the CPTs and

exploratory borings are shown on Figure 1. The results of the

CPT soundings indicated that the underlying alluvium primarily

consisted of soft to medium clay; cone tip resistances were

generally less than 10 tsf within the upper 20 feet. Below 20 feet

tip resistances generally increased with depth. A typical CPT

piezocone sounding is presented on Figure 2. The results of a

piezocone excess pore water pressure dissipation test are shown

on Figure 3; the time required to obtain 50 percent dissipation

in this test was approximately 100 seconds. This suggests a

horizontal coefficient of consolidation (Ch) on the order of 0.15

cm2/sec (15 ft2/day) using procedures presented by (Robertson

and Campanella, 1986). After the cone soundings were

completed and the CPT data analyzed, exploratory borings were

excavated to veril, the soil profiles determined by the cone

soundings and to obtain samples of the alluvial soils for

laboratory testing. Additionally, several of the borings were used

LEGEND
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to perform field vane shear tests. Thirteen exploratory borings

were advanced with a rotary wash drill rig or a truck-mounted

drifi rig equipped with hollow-stem augers. A track-mounted

backhoe was required to pull the drill rigs out of several soft soil

areas. Shelby tube (3-inch outside diameter) and ring (2-3/8-inch

inside diameter) samples were taken at selected depths. Vane

shear testing was performed within three of the borings. The

vane shear test consisted of rotating a 2-1/2-inch diameter vane

approximately 6 degrees per minute in accordance with ASTM

Test Method D-2573. In addition to the ultimate undrained

shear strength (Sj, the vane shear testing measured the

remolded shear strength in order to evaluate the sensitivity of

the soil. The sensitivity of the soil ranged from 2 to 4 indicating

I—
LU
LU

z
0

I—

>
Ui
-J
LU

the clay is of medium sensitivity. The borings confirmed that the

proposed wall and roadway embankment west of the bridge were

underlain by approximately 20 to 40 feet of soft to medium

alluvial clay overlying a dense natural soil formation known as

the Ardath Shale Formation. A generalized cross-section

through the central portion of the wall is shown on Figure 4.

Figure 5 depicts a cross-section along the wall alignment. The

cross-sections do not include all CPTs and borings located within

the vicinity of the wall. As indicated on Figure 5 the western end

of the wall is underlain by medium clay; the alluvium becomes

softer and deeper along the wall alignment in a west to east

direction. Groundwater was typically encountered at a depth of

two to four feet below the ground surface. Subsequent analyses

B’
Figure 5. Generalized cross-section along proposed wall alignment

A
Figure 4. Generalized cross-section through proposed wall

A

/-PROPOSEDflNISH GRADE

EMBANKI4ENT/WALL FILL

B
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assumed a water surface at existing grade to account for high

water levels which might occur during the rainy season.

Laboratory Testing

The soil samples obtained from the exploratory borings

were tested to determine the geotechnical engineering properties

of the alluvium. Classification tests including Atterberg Limits

and irisitu water content were performed on shelby tube and ring

samples. In general the liquid limit varied from 35 to 45 with the

plasticity index ranging from 15 to 25. Insitu water contents

varied from 28 to 42%; the average liquidity index was

approximately 0.9. The majority of the soil is classified as a lean

silty clay (CL) with approximately 70 to 90 percent of the

material passing the Number 200 sieve. Consolidation tests

indicated the compression index (Ce) of the alluvial clay ranged

from 0.20 to 0.30 while vertical coefficient of consolidation

values (Cv) ranged from 0.15 ft2/day to 0.5 ft2/day. A typical

consolidation test result is shown on Figure 6. The results of the

laboratory tests indicated that the underlying alluvial soil was

normally consolidated to slightly overconsolidated with

overconsolidation ratios ranging from 1.5 to 2. Previous

dessication of the ailluvium is beLieved to have resulted in the

“IC

BORING I — DEPTH 10 FEET
\ APPLIED PRESSURE 20 0 PSF

,, N

overconsolidation. Unconfined compressive strength tests were

performed on shelby tube samples. As previously discussed,

field vane shear tests were performed in several borings. The

field vane shear tests were corrected using a field correction

factor based on plasticity index and overconsolidation ratio as

presented by (Aas, et. al. 1986). Additionally, several

unconsolidated-undrained (UU) triaxial tests were performed at

the San Diego State University geotechnical engineering

laboratory as part of a sponsored research program investigating

the determination of undrained shear strength from cone

penetrometer tests. The results of this study (Stark and

Juhrend, 1989) indicated that a corrected cone factor (Nk.) of 12

be used in the empirical equation:

q = (Nk.xSU) + OVO (1)

where q = cone tip resistance

= triaxial unconsolidated-undrained (UU)

shear strength or corrected field vane shear

strength

= total vertical overburden stress.

Several consolidated, drained direct shear strength tests were

also performed on ring samples of the alluvial clay. An average

friction angle of 25 degrees was obtained from the direct shear

tests. These results are in good agreement with the correlation

between plasticity index and friction angle presented in (Lambe

and Whitman, 1979).

PRELIMINARY EMBANKMENT AND WALL ANALYSES

Embankment Slope Stability

The original design scheme for the access roadway in the

area of the bridge consisted of an embankment with 2:1

(horizontal to vertical) side slopes and a concrete crib wall

where right-of-way constraints limited the construction of

embankment slopes. The slope stability of the roadway

embankment was first evaluated. The initial slope stability

analyses were performed using undrained shear strengths under

total stress conditions due to the anticipated rapid embankment

construction rate and relatively slow vertical drainage of the

underlying alluvial clay. The soil shear strength profile used in

the initial analyses consisted of a dessicated upper crust to a

depth of 5 feet having an undrained shear strength of

approximately 400 psf. Underlying the dessicated crust a soft

clay layer with a shear strength of 250 psf was assumed to

0
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Figure 6. Consolidation and time rate
of consolidation test results
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extend to a depth of 10 feet. Below a depth of 10 feet the clay

soil exhibited an increase in shear strength with depth at a slope

of S,,/p’ = 0.4 where p’ equals the effective overburden stress.

Slope stability analyses were performed utilizing the computer

program UTEXAS 2. Based on the results of the slope stability

analyses it was determined that the continuous construction of

the embankment to its maximum height would result in slope

instability due to foundation shear failure. Additionally, it was

estimated that the embankment would experience settlements on

the order of 16 to 20 inches. The time required to achieve 90%

of this consolidation settlement was calculated to be

approximately 4 to 5 years. The potential for slope instability

and time required for consolidation were considered

unacceptable by the developer due to project timing

requirements. The original construction time schedule dictated

that the embankment fill be placed in one continuous operation

in order to allow the bridge pile foundations to be driven at the

earliest date. Stabilizing berms placed adjacent to the

embankment slopes to increase the embankment slope stability

were not possible due to the wetlands environment.

Geosynthetic slope reinforcement was evaluated as a possible

method to provide acceptable slope stability. Estimated costs

for geosynthetic reinforcement of the entire embankment within

the marshlands were on the order of $300,000 to $400,000.

However, the slope reinforcement would not mitigate the length

of time required to achieve consolidation settlements. Stone

columns were evaluated as a method to provide a sufficient

factor of safety against slope failure during embankment
construction; additionally, the stone columns would act to

dissipate the excess pore water pressures developed during

construction in an acceptable time period. A stone column

design consisting of 3-foot-diameter columns constructed on a

center to center spacing of 10 feet was determined to provide a

sufficient factor of safety against foundation failure throughout

the entire embankment construction period. Several foundation

speciality contractors provided preliminary cost estimates for the

stone column construction. The estimated cost for the

construction was approximately $1,000,000. During the time

frame associated with the analyses of the above alternatives it

was determined by the developer that the original construction

schedule could be relaxed to provide a longer embankment

construction timetable. This change in time constraint, as well

as the cost and potential environmental impacts on the adjacent

wetlands from the stone column construction, resulted in the

stone column foundation design being rejected. It was decided

to consider the feasibility of utilizing strip (wick) drains at the

site along with staged embankment construction operations. The

ability of the strip drains to transmit water when subjected to

bending or kinking due to ground settlements in excess of 12

inches was evaluated based on the work of (Lawrence and

Koerner, 1988). Various strip drain spacings were analyzed in

order to determine the optimum spacing based on an acceptable

rate of embankment construction, length of waiting period

between embankment stages, and economic costs. Figure 7

presents the results of time rate of settlement analysis for

various strip drain spacings as well as the undrained rate of

settlement. It was decided that a drain spacing of 7 feet on

center (triangular pattern) would provide an acceptable rate of

soil consolidation based on the revised project schedule. Total

z
0

1
0

0
U

Figure 7. Time rate of consolidation settlement analysis

and effective stress stabifity analyses were performed to evaluate

the stability of the embankment at various stages of

construction. Total stress analysis required that assumptions be

made regarding the shear strength increase resulting from soil

consolidation after each stage of embankment construction. The

increase in undrained shear strength would be difficult to

predict. For effective stress analysis the excess pore water

pressure had to be estimated during embankment construction.

It was decided that assumptions regarding construction induced

excess pore water pressures (effective stress analysis) would

result in a more conservative slope stability factor of safety than

assumptions regarding undrained shear strength increase due to

soil consolidation (total stress analysis). The procedure for the

effective stress analyses is discussed under the geogrid wall

design. Three stages of embankment construction separated by

a minimum waiting period of 30 days were recommended in

order to provide a suitable factor of safety for slope stability. A

TIME (DAYS)
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five foot surcharge was to be placed in the bridge abutment area

to reduce the potential for post construction downdrag loading

on bridge pile foundations.

Wall Alternatives

The original concept for the wall consisted of a concrete

crib wall type structure. Preliminary analysis indicated that the

construction of the wall (including soil backfill) would result in

settlements on the order of 12 to 16 inches. Additionally, due

to the variable thickness of alluvium beneath the wall footprint,

it was estimated that approximately 4 to 6 inches of differential

settlement would occur along the wall face. It was anticipated

that the magnitude of wall settlement (particularly differential)

would be extremely difficult for the concrete crib wall to

accommodate without significant distress. Preliminary analysis

indicated that the factor of safety for global stability of the

proposed crib wall structure would be less than 1.0 during

construction. The property line constraints precluded several

mitigation options such as the placement of a surcharge fill

extending beyond the footprint of the wall or a stabilization

berm constructed against the wall. Hence, a crib wall structure

was not considered feasible. Several wall alternatives were

considered. Each alternative was evaluated for its tolerance to

estimated total and differentiaL settlements, compatibility with
the construction of the roadway embankment, aesthetics, and

cost. A stone column supported wall was determined to be

acceptable from a global stability standpoint. However, as

previously discussed, the potential for the stone column

construction to adversely impact the adjacent marshlands, as well

as the cost, precluded its use. A driven pile supported wall was

also considered but rejected due to the lack of lateral pile

capacity within the upper soft soil layers and the magnitude of

downdrag loads which would result from settlement of the

alluvial soil during wall backfill. The wall system considered most

applicable for the project was a reinforced soil wall. It was

determined that a reinforced soil wall could be constructed

within the limited working space and, depending on the system

selected, could tolerate the anticipated settlements. Additionally,

a reinforced soil wall provided flexibility in construction timing

as it could be built concurrently with the roadway embankment

or after the embankment was completed. Three types of

reinforcement were considered; these included metallic strips,

geogrids, and geotextile materials. Metallic strip reinforcement

was considered inextensible while the geogrid and geotextile

materials were considered relatively extensible. Corrosion

potential tests performed on soils within the project site to be

used as wall backfill indicated that metallic strip reinforcements

would require galvanization to provide satisfactory corrosion
resistance for the structure over its anticipated lifetime.

Economic analysis indicated that geogrid or geotextile materials

would be more cost effective than importing non-corrosive soil

backfill or providing galvanization for the metaffic strips.

Concern also existed on the strain compatibility between the

inextensible metallic strips and the wall backfill soil due to post

construction movement (creep) resulting from secondary

consolidation settlement of the alluvial clay soil. Based on

estimated construction costs and the aesthetic design of available

wall facings, it was determined that geogrid reinforcement would

provide the most feasible wall system. It was decided that the

wall would be built in two phases in order to mitigate the

ANCHOR PINS
(TV P.)

COMPACTED
SOIL BACKFILL

CONSTRUCTION

Figure 8. Cross-section through geogrid wall face
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potential for settlement related distress to the wall facing units.

The first phase was to consist of the placement of geogrid

reinforcement and compacted soil backfill using a temporary

wall face. A welded wire basket and geotextile fabric provided a

temporary wall face that would act as a form for wall

construction and would retain the backfill soil. This system was

also flexible enough to accommodate the anticipated

construction settlement. Keystone concrete block facing units

would he constructed in front of the temporary wire wall face

after the majority of wall settlement had occurred. Figure 8

shows a cross-section through the front of the geogrid wall. The

concrete blocks would be attached to the geogrid reinforcement
and provided with a gravel drainage system.

GEOGRID WALL DESIGN

Geogrid Parameters

Tensar geogrid material was chosen as the reinforcement

for the wall. The two geogrids utilized in the reinforced soil wall

were Tensar UX 1500 and UX 1600; these geogrids are

comprised of high density polyethylene. Both of these geogrids

are uniaxial and possess relatively high tensile strength and

tensile modulus in the longitudinal axis. The ability of the

material to maintain its tensile resistance with long term

deformation (creep) was also a factor in the above geogrid being

selected. Typical properties of these materials at the time the

analyses were performed (1989) were provided by the Tensar

Corporation and are presented in the following table:

Table 1. Tensar geogrid strengths

Ultimate

strength (kips/ft)
Working

strength (kips/ft) 2.25

UX1500 UX1600

The working strength was determined by assuming various

factors of safety for installation damage and creep deformation.

Stability Analysis

Global slope stability analyses were performed to

evaluate the required geogrid strengths, embedment lengths, and

vertical spacing between geogrids. An internal stability analysis

was subsequently performed by the Tensar Corporaton to verify

the internal stability of the reinforced soil backfill, Initial global

stability analyses performed on the roadway embankment had

utilized total stress conditions (4=0). As previously discussed, it

was subsequently decided that strip drains would be installed on

a relatively close pattern. It was decided that an effective stress

stability analyses would be appropriate to determine the stability

that would exist during various stages of the reinforced soil wall

construction. A previous case history (Lockett and Mattox, 1988)

indicated that effective stress analyses incorporating strip drains

could successfully predict excess pore water pressures during and

after embankment construction. Additionally, due to the partial

surcharge effects of embankment construction on the wall area

(discussed below) the values of undrained shear strength

beneath the wall were considered to be extremely variable and

difficult to assess. Drained shear strength parameters were

utilized with construction induced excess pore water pressures

for effective stress stability calculations. Time rate of

consolidation analyses utilizing the strip drain spacing, combined

horizontal and vertical coefficients of consolidation, and

estimated rates of wall construction were performed to predict

the excess pore water pressures at various wall heights. The

additional vertical stress resulting from each increment of wall

construction was estimated using FEADAM 84. This computer

program was able to account for the effect of previous

embankment construction on the magnitude of additional

vertical stresses within the alluvial soil due to wall construction.

The excess pore water pressure at each increment was

determined utilizing a pore water pressure parameter A (A =

iu/Ao) equal to 1.0. Pore water pressure parameter A values

have been reported by (Lambe and Whitman,1979) to range

from 0.3 to 1.3 for normally to lightly overconsolidated clays. A

pore water pressure parameter A value of 1.0 was considered

conservative as it would result in the entire additional vertical

stress being initially transmitted into excess pore water pressure.

Additionally, it was assumed that the horizontal coefficient of

consolidation was equal to the vertical coefficient of

consolidation although piezocone pore water pressure dissipation

tests had suggested that the ratio of horizontal to vertical

coefficient of consolidation (Ch/C,) was closer to 10 than 1.

Hence, the magnitude of excess pore water pressure and its time

rate of dissipation were considered conservative and would

provide the lowest possible effective stress factor of safety. Due

to the adverse impacts that would result from a reinforced soil

wall failure it was decided to utilize these conservative pore

water pressure calculations. As would be expected the maximum

excess pore water pressure was determined to occur at the end

6.50 7.94

3.00
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of wall construction. The predicted piezometric profile at the

end of construction is shown on Figure 9. The critical global

stability for static conditions would be at the end of construction

when the excess pore water pressures were greatest; the factor

of safety increased as the excess pore water pressure dissipated.

The wall also had to possess a factor of safety of at least 1.1

when subjected to a horizontal ground acceleration of 0.1g. This

condition, occurring under fully drained conditions (i.e. no excess

pore water pressure) was determined to be the controlling

analyses for global wall stability. A trial and error method was

used to evaluate the required lengths and spacing of geogrid

materials to obtain the required factor of safety. In order to

obtain a factor of safety of 1.1 under seismic loading four layers

of Tensar UXI600, 50 feet in length, were required at the base

of the wall. The bottom four layers were spaced 8 inches apart.

This was slightly closer than required for stability concerns but

enabled the geogrid and wire basket wall face system to be

designed at the same elevations. The remaining geogrid

reinforcement consisted of fifteen layers of UXI500, 33 feet in

length, spaced vertically at 16 inches to within one foot of finish

grade.

CONSTRUCTION

Roadway Embankment

Prior to commencing with construction, a geotextile

fabric was placed over the existing marshland within the

footprint of the embankment and wall. Four feet of 3/4-inch

crushed rock was then placed over the fabric. The purpose of

the geotextile and crushed rock was to provide a stable working

surface for construction equipment and provide a drainage

medium for the strip drains. To eliminate the potential for

contamination of the rock from overlying soil, another layer of

geotextile fabric was placed within the middle of the crushed

rock base. Hence, a 2-foot-thick drainage blanket was available

for the strip drains. Previous slope stability analyses indicated

that a 10-foot-high embankment inclined at a 2:1 slope could be

safely supported by the existing alluvial soils. Hence, it was

decided to place approximately 6 feet of embankment fill soil

above the crushed rock base prior to installation of the strip

drains. The placement of this embankment fill facilitated the

project construction schedule as the strip drain contractor would

not be available to mobilize to the site for another three months

due to previous commitments. An instrumentation program had

been designed to measure the response of the foundation soils

to the embankment and wall loading. Prior to the construction

of the initial embankment fill soil, buried settlement plates and

slope inclinometers were installed beneath and adjacent to the

embankment, respectively. The buried settlement plates

consisted of 4-foot-square by 1/4-inch thick steel plates that

were surveyed for horizontal and vertical location. After the

instrumentation was installed the initial 6 feet of fill soil was

placed. Surface settlement plates consisting of 1-foot-square

steel plates with 1-inch diameter pipe were installed at the top

of the embankment to measure post construction settlements.

Settlements that occured during embankment construction were

measured by tagging the buried steel plate with a hollow stem

auger drill rig and surveying the elevation of a steel rod

I-
Li
Li
U.

z
0

I

>
Li
-i
Ui

FINISH GRADE

PIEZOUETRIC PROFILE
AT END OF WALL
CONSTRUCTION

GEOSRID WALL
EXCAVATION

_________/ DACKCUT

8080

70

60

w

40

30

20

I0

• 70

60

50

40

30

20

A

ALLUVIUM

• EXTENT OF ZONE DRAINED
BY STRIP DRAINS

ARDATH SHALE

SCALE I20(H0RIZ.VERT.) A’
Figure 9. Predicted piezometer profile and wall cross-section

9—8



extended down through the auger to the top of the buried plate.

The settlement data recorded during the initial embankment fill

construction provided information regarding the settlement

characteristics of the foundation soil without strip drains.

Settlements on the order of 3 to 7 inches occurred; time rate of
consolidation analysis suggested a vertical coefficient of

consolidation of approximately 1 to 2.5 ft2/day. This value is

approximately 4 to 5 times the values measured by laboratory

consolidation tests. A maximum lateral movement of 0.4 inches,

occurring at a depth of 6 feet, was recorded in the slope

inclinometers located at the toe of the embankment fill slope.

Strip drains were subsequently installed on 7-foot-centers

beneath the embankment and geogrid wall area. Strip drain

locations were predrified through the embankment soil and

crushed rock base. The strip drain coverage was extended to a

distance of 10 feet beyond the wall footprint to provide

foundation soil drainage for the entire wall area. Approximately

60,000 lineal feet of strip drains were installed; the strip drains

varied in length from approximately 20 to 45 feet. The

remainder of the embankment fill soils were then placed in two

additional construction stages with the timing of construction

dictated by the results of settlement monitoring data. The

configuration of the roadway that existed after the majority of

embankment fill soil had been placed and prior to wall

construction is presented on Figure 9. The grading contractor

elected to import the majority of the wall backfill soil to the site

prior to wall construction. The soil was placed as part of the

embankment fill; this material would have to be removed prior

to beginning the geogrid wall construction. As shown on Figure
9 the toe of the temporary embankment fill slope extended

almost to the wall footprint. Figure 9 also shows the limits of the

excavation that was required to provide working space for the

construction of the reinforced soil wall.

Geogrid Wall

After the temporary embankment slope was excavated

behind the wall (including the underlying crushed rock),

instrumentation was placed to monitor the response of the

underlying alluvial soils to geogrid wall construction. Buried

settlement transducers, pneumatic piezometers, and slope

inclinometers were installed at various locations as shown on

Figure 10. The piezometers and buried settlement transducers

were placed within the area expected to experience the greatest

settlements. Four settlement monitoring pins were also placed

along the geogrid wal’ face. Settlements, pore water pressures

and lateral soil movements were measured during the geogrid

wall construction to verify that foundation stability was being

Figure 10. Location of geogrid wall instrumentation

maintained. The first layer of geogrid reinforcement was placed

over the exposed original ground surface and the initial lift of

soil compacted above the reinforcement. Each layer of overlying

geogrid was placed and compacted to a minimum relative

compaction of 90 percent per ASTM D- 1557 (Modified Proctor).

The geogrid and wall backfill were placed at an average rate of

5 feet per week. Geogrid material was extended in front of the

wire wall face for future attachment of the Keystone concrete

block facing units. The instrumentation was monitored

continuously during wall construction. Piezometer P 2-1 and the

east settlement transducer were found to be inoperable. The

remaining three piezometers indicated that the strip drains

dissipated excess pore water pressure rapidly; excess pore water

pressure ratios (u/Ao) were typically less than 10 percent. A

maximum excess pore water pressure equivalent to

approximately 2 feet of water was recorded at the end of wall

construction. This was approximately 10 percent of the

previously estimated value. The low excess pore water pressure

is believed to be due to a slower geogrid wall construction rate

(5 feet/week in lieu of the 10 feet/week assumed in design) and

higher values of insitu vertical and horizontal coefficients of

consolidation than previously assumed. Monitoring of the slope

inclinometers indicated that no adverse lateral movements or

indications of incipient foundation/slope stability failure

occurred during construction. Maximum lateral movements of

approximately 2 inches were recorded during wall construction
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at a depth of approximately 8 feet. The geogrid wall settled

approximately 11 to 12 inches during construction in the area of

the west buried settlement transducer. Wall settlement pin

measurements indicated that the wall settled approximately 6 to
12 inches along the wall face. However, the wall settlement pins

were not initially surveyed until 18 days after wall construction

had commenced. Using the results of the west settlement

transducer it is estimated that actual settlements along the wall

face were on the order of 9 to 15 inches. Based on the wall

settlement pin measurements the differential settlement along

the wall face was approximately 6 inches. Results of the

instrumentation monitoring program are presented on Figures

11 through 14. After instrumentation measurements indicated

the majority of settlement had occurred the Keystone concrete

block wall facing was installed. The Keystone blocks were placed

on a gravel footing having a width of five feet and a depth of

two feet. Two pins in each Keystone block extended through the

geogrid which had been previously placed beyond the temporary

wire wall face; the pins were embedded within the next level of

Keystone block. Additional settlement and pore water pressure

measurements were recorded during the construction of the

Keystone block facing. An additional settlement of

approximately 1 inch resulted from the Keystone block loading;

the measured excess pore water pressure was negligible.
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Construction Costs

The construction of the geogrid wall utilized 60,300

square feet of UX 1600 and 99,000 square feet of UX 1500. For

this project material costs consisted of $0.75/ft2 for UX 1600,

$0.55/ft2 for UX 1500, and $5.00 for each Keystone Block. The

total construction cost including temporary wall facing materials,

rock drainage, compaction of wall backfill soil, geogrid, and

Keystone block was $365,000. Based on a total wall surface area

of 7,000 square feet this results in a cost of approximately

$50/ft2 of wall area. The strip drains were installed at a cost of

approximately $0.70 per lineal foot.

CONCLUSION

A 25-foot-high geogrid reinforced wall was successfully

constructed over soft alluvial clay soils. Field and laboratory

data provided geotechnical parameters utilized in the design of

the structure. The geogrid reinforced wall was monitored during

construction to measure settlements, lateral soil movements and

pore water pressure buildup and dissipation. Results of the

instrumentation program indicated that acceptable factors of
safety were maintained during construction and that strip drains

dissipated excess pore water pressures rapidly. Settlements of
approximately 12 to 15 inches were able to be accommodated by
the wall system. The geogrid wall has performed satisfactorily to
date.
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Figure 11. Buried settlement transducer and pore pressure measurements
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Abstract: Expansion of ash disposal facilities for a coal fired electric generating
station in central Kentucky required construction of a 2,000-foot long, 40-foot high
dike on hydraulically placed ash. Construction of the dike on the loose, saturated ash
foundation by conventional methods required either in-situ densification, or removal
and replacement of the ash. As an alternate, geosynthetics were designed to tempo
rarily bridge the soft foundation; reduce construction pore pressures and speed
consolidation; reinforce the embankment; and reduce long-term seepage through the
pervious foundation.

Because of the importance of the disposal facilities to plant operation, repercussions
of a dike failure, and industry inexperience with reinforced embankments on satu
rated ash, an instrumented test embankment was constructed to (1) verify design
assumptions, (2) evaluate and refine construction practices, and (3) monitor embank
ment, foundation and geosynthetic performance with time. Instrumentation within
the embankment consisted of slope inclinometers and settlement transducers.
Foundation instrumentation included slope inclinometers and pneumatic piezome
ters. In addition, reinforcing geosynthetica were monitored via strain gages.

This paper presents a case history study of design, construction, and performance
monitoring of the test embankment. In addition, benefits of using geosynthetics over
conventional techniques will be discussed.

INTRODUCTION

Background
Kentucky Utilities Company owns and operates the E.W. ment, a 40-foot high dike around the northern perimeter was

Brown Generating Station in Burgin, Mercer County, Kentucky. A required. Figure 2 presents a general site layout and the configura
vicinity map indicating the location of the E. W Brown Station is tion of the dike and main embankment.
presented in Figure 1. The station consists of three coal fired gener

CINCINNA11ating units and has a maximum output of 666,000 kilowatts. By
products of coal fired electric power generation include bottom ash,

ing of silt-sized spherical silica particles. The ash is disposed by sluic

a coarse grained residue; and fly ash, a fine grained material consist-

•
ing with water to an impoundment located on Curds Creek, a tribu
tar)’ to Herrington Lake.

1973 the main embankment was raised to elevation 870 feet in two

The original impoundment was constructed approximately 27
years ago to a top elevation of 800 feet (MSL). During 1964 and COUNfl

35-foot increments. In 1989, Kentucky Utilities decided to raise the
embankment to elevation 900 feet, the maximum elevation of the
watershed. Due to existing topography, and the presence of an
access road and railroad siding immediately north of the impound- Figure 1. Vicinity map
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Figure 2. General site layout

Initial geotechnical exploration of the dike foundation soils

revealed loose saturated fly ash deposits up to 20 feet thick underlain

by appresimately five feet of natural residual soil. In some areas the

fly ash was covered with bottom ash to provide additional pond

storage. Based on observations of existing bottom ash deposits and

conversations with plant personnel, between five and twelve feet of

bottom ash was required to bridge over the fly ash to provide a stable

work area for pond operations. Standard penetration testing and

Shelby tube sampling of the fly ash during the initial exploration was

largely unsuccessful due to the extremely loose and wet nature of the

deposits. Subsequently, mechanical Dutch cone penetration tests

were conducted to obtain additional information regarding thickness

of fly ash and natural soils, and short term strength properties.

‘I’pical cone penetration test results are presented as Figure 3.

Table 1 presents engineering classification data for each of the three

main foundation soils and Table 2 presents short and long term

strength parameters used in design.

% Gravel (-3” to +No. 4)

% Sand (-No.4 to +No. 200)

% Silt (-No. 200 to +.OOSmm)

% Clay (-.005mm)

Liquid Limit

Plastic Limit

Plasticity Index

Unified Classification

AASHTO Classification

Bottom Ash

35

47

14

4

NP

NP

NP

SM

A-1-6(0)

Fly Ash

4

37

46

13

NP

NP

NP

ML

A4(0)

Natural Soil

3

25

28

44

53

22

31

CII

A-7-6(22)

Table 1. Engineering classification data

CONE RESiSTANCE
(kg/cm’2)

0 20 40

SLEEVE RESISTANCE
(kg/cm’2)

9?
Top of Ground

Bottom Ash

Fly Ash

Total Stress
c

(degrees)

O 1500 118

o 1200 125

35 0 115

10 0 100

32 0 115

Embankment Soil

Foundation Soil

Working Platform

Fly Ash

Bottom Ash

Effective Stress
4” C, ‘

(degrees) 1s

32 0 118

32 0 125

35 0 115

32 0 100

32 0 115

Figure 3. Typical cone penetration test results

Table 2. Design strength parameters

Design Alternates
In addition to topographic and transportation constraints, the

existing ash disposal facility had to remain in service during raising of

the main embankment and construction of the new dike. Also,

project construction had to be completed prior to November 1, 1990,
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resulting in a limited construction time. To accommodate these
constraints and provide an environmentally safe long term facility,
the design alternates listed below were considered.

1) Excavate saturated fly ash and replace with compacted fill.
2) Improve the foundation using stone columns.
3) Chemically stabilize the foundation in-situ.
4) Mechanically stabilize the foundation in-situ.
5) Improve the foundation and reinforce the embankment

using geosynthetica.
Each of the alternates was evaluated for construction feasibility,

quality assurance and con&ol, and cost. Excavating the saturated Fly
ash and replacing with compacted fill provided good quality assur
ance, quality control and relatively low cost. However, excavating the
saturated fly ash while maintaining pond operations was impractical.
Stone column foundation improvement, while constructible and
controllable was not cost efficient. Chemical stabilization of the fly
ash using lime injection and mixing in-situ was considered practical,
however, quality assurance and quality control was questionable and
this option had a relatively high cost. Mechanically stabilizing the fly
ash by mixing with shot rock was also considered impractical from a
quality assurance and quality control standpoint. The final selected
alternate included improving the foundation drainage using wick
drains, reinforcing the embankment using geogrids and providing
seepage control with a geomembrane. This alternate was (a) con
structible, as demonstrated in the literaturet1;(b) assurable, since
quality of materials could be documented through certifications and
generally accepted test techniques; (c) controllable, since construc
tion operations were easily verified and documented; and (d) cost
effective, saving Kentucky Utilities over one million dollars based on
preliminary cost estimates. Figure 4 presents a summary of the
design alternate selection process and Figure 5 shows a typical sec
tion of the selected alternate.

Alternate Feasibility of Quality Assurancel Preliminary
Number Construction Quality Control Cost

1 Low High $ 4,800,000
2 High High $ 7,000,000
3 High Low $ 7,000,000
4 Low Low $ 5,000,000
5 High High $3,300,000

Figure 4. Design alternate summaly

Because of the importance of the disposal facilities to plant
operation, repercussions of a dike failure, and industry inexperience
with reinforced embankments on saturated ash, an instrumented test
embankment was designed, constructed and monitored to verify
design assumptions, evaluate and refine construction practices, and
monitor embankment, foundation and geosynthetic performance
with time. Figure 6 shows a profile of the instrumented test embank
ment.

DESIGN

Four main portions of the embankment required evaluation and
design; the working platform, embankment reinforcment, foundation
improvements, and seepage control. The design of each portion is
discussed in subsequent paragraphs.

Woticing Platform
The geotechnical exploration, site observations, and site history

revealed the fly ash deposits exhibited a thin crust due to desiccation
that was underlain by saturated deposits which were very soft and
thixotropic. Kentucky Utilities reported that on at least two occa
sions small dozers broke through the crust and became trapped. A
FMSM employee also broke through the crust while surveying and
sank to his waist. Therefore, it was necessary to design a working
platform from which future construction operations coutd take place.

Geogrid manufacturers’ experience indicates that typically a
layer of biaxial geogrid overlain by two to three feet of free draining
material, usually a well graded sand, provides a suitable platform for
most earth moving and foundation improvement equipment. How
ever, the nearest acceptable sand source that could provide the
quantity needed was apprczcimately 80 miles away and the laboratory
classification test results on bottom ash indicated it was free draining.
Therefore, it was decided to incorporate bottom ash into the working
platform in lieu of sand. The applicability of using bottom ash in the
working platform was also verified in a small scale field trial. A
typical section of the working platform and embankment reinforce
ment is shown on Figure 7.

Embankment Reinforcement
and Foundation Improvement

The next element in the design process was development of an
embankment which would remain stable during all operating and
loading conditions. Initial stability analyses were conducted to evalu
ate short and long term embankment stability without embankment
reinforcing or foundation improvement. The results of initial stabil
ity analyses indicated unacceptable short and long term factors of
safety based on a minimum factor of safety of 1.5. A factor of safety
of 1.5 for both conditions, and a minimum factor of safety of 1.3 for
dynamic loading conditions was chosen due to industry inexperience
with constructing on sluiced fly ash. Therefore, embankment rein
forcing consisting of uniaxial geogrids was added to reinforce the
embankment. Wick drains were also designed to control excess pore
pressures during construction, and increase the rate of consolidation.

Design of embankment reinforcement first required determina
tion of an allowable geogrid stress (working stress). The working
stress of a particular geogrid is dependent on its long term creep
strength, allowable design strain, chemical and biological degradation
over the design life of the structure and construction induced
damage.2 Because of the uniqueness of this application, and the
importance of the structure, allowable strain was selected at five
percent and a combined factor of safety against long term degra
dation and construction damage of 1.5 was chosen. This combination
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Unlaxiol Reinforcement

__zI Reinforcement
- fl Clay Embo,

Layer No. 1
Filter Fabric

Working
Platform

Top of Existing Fly Ash —‘ Biaxial Reinforcement

Figure 7. Typical section of working platform

and embankment reinforcement

of allowable design strain and factor of safety against degradation

and damage resulted in using an allowable geogrid strength of 40

percent of ultimate.

Subsequent to determination of geogrid working stress, a

trial and error procedure was used to optimize the type, number,

orientation and spacing of uniaxial geogrids. Slope stability analyses

were conducted using the UTEXAS23slope stability program and

were verified by the Tensar Corporation. In addition to standard

geometric and soil parameter input, the horizontal and vertical orien

tation of geogrid layers and the calculated working stress are entered.

After determining the critical failure surface, the length of geogrid

was extended beyond the failure surface to prevent pullout of the

geogrid. Results of slope stability analyses showing the final geogrid

configuration are presented in Figure 8.

Evaluating the wick drain performance required determination

of consolidation properties of the fly ash, estimating the time of

construction and selecting a time desired for primaiy consolidation

to be completed. Laboratory consolidation testing of the fly ash

indicated a coefficient of consolidation (Cv) for sluiced fly ash of one

square foot per day. Because of time constraints and expected high

rate of construction, the decision was made to require 97 percent

consolidation by the end of construction. This high percentage of

consolidation resulted in two benefits; (1) excess pore pressure

within the fly ash would remain low, thereby increasing short term

stability and (2) settlement would be essentially complete at the end

of construction allowing for a shorter monitoring time, thereby

decreasing the overall construction period.

Evaluation of different wick drain spacings was conducted using

previously published and currently accepted methods.t4 Results of

the analyses are presented as Figure 9 and show the effect of wick

Ripro ExistingRiprop
Bottom Ash Cover Groundline
on Geomembrane Geomembrone

Uelnforcement

lnteoleted Rockline
with Wick Drains

FIgure 5. TypIcal section

100’

incilnornete
Cloy Embankment .2

2
Tonsducer 2 1

—I

Piemeters -

-I-———
Biaxial Reinforcement

Working Platform

inclinometer
Limit of Wick Drain Instollotlon for Test Embankment

Flgur.6. Profile - Instrumented test embankment

Original
Groundline

terpoloted
Rockilne

_..stlng Fly 4.-
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SUMMARY OF STABIU1Y ANALYSES

LOADING CONDI11ON CIRCLE

Short Term, Upstr.am, Pl.zam.trtc Level at Existing Top of Ash A 1.8
Short Term. Downstream, Pl.zornbIc Level at Existing Top of Au 8 1.6
Long Term, Upstream Pl.zom.trlc Level at Existing Top of Ash (Deep Failure) C 2.9
Long Term, Upstream Plezometric Level at Existing Top of Ash (Shallow Failure) C’ 1.7
Long Temi, Downstream Plezcm.trlc Level at Existing Tap of Ash 0 2.2
Long Term. Downstream P1.zcm.frlc Level and Fly Ash at Ilaxinium Pod E 1.5
Long Term. Downstream. Plezometric Level and Fly Ash at hlax. Pod (Dnamlc) F 1.3
Lang Teen, Upstream, Plezametilc Level and Fly Ash at Existing Pool (D,iam1c) (Deep Failure) 0 2.5
Lang Term Upstream. Pl.zometr$c Level and Fly Ash at Existing Pool (Djnamlc) (Shallow Failure) G 1.4

Time (Days)
100 150 200r. —‘r

,,-—
Settlement During Construction

/ without Wick Drains
2.5Feet

Total Estimated Settlement = 3.6 Feet

drains on eight-foot centers as compared to no wick drains. In addi
tion to design of wick dram spacing, a drainage blanket was installed
to provide a pathway for excess water flowing from the wick drains.
The drainage blanket was designed to provide sufficient permeability
to prevent pore pressure buildup in the blanket and to satisfy filter
criteria based on the bottom ash working platform material.

Seepage Control
During construction of the test embankment, and the remain

der of the dike and dam, the existing impoundment surface elevation
was controlled, and remained near Elevation 860 feet (MSL). There
fore, control of seepage through the foundation during construction
and monitoring of the test embankment was not required. However,
the control of seepage through the foundation is extremely important
for the long term integrity of the dike, therefore the methods
designed to control seepage will be briefly discussed.

Several methods are available to provide seepage control
through pervious foundations including slurry and sheet pile cutoff
walls, deep cutoff trenches, upstream impervious blankets, and
foundation and embankment drainage systems. Slurry walls and
sheet pile cutoff walls were relatively expensive at this site when
compared to other alternatives. Construction of a deep cutoff trench
was impractical due to the nature of foundation soils and using a clay
“impervious” blanket was impractical due to borrow quantity limita
tions, and constructibility. Therefore, it was decided to place a 40 mil
HDPE geomembrane to a distance of 100 feet upstream of the dike
to provide an “impervious” blanket. In addition, the 12-inch thick
drainage layer acts as a blanket drain.

FigureS. Final slope elability analyses

50

a)
a)
1.

a)

a)

a)
(.1

5

Figure 9. lime rate of settlement
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CONSTRUC11ON

Construction Sequence
Test embankment construction began November 13, 1989,

and was completed January 11, 1990. A summary of construction

activities and dates is presented as Figure 10. Initial work consisted

of removing cattails and diverting plant discharge lines away from the

test embankment area. Biaxial geogrid was then placed in strips

perpendicular to the test dike centerline directly over the cattail

stubble allowing personnel to walk freely over covered areas. As the

geogrid was placed, a Caterpillar D3C dozer pushed bottom ash

across the geogrid parallel with individual strips to form the working

platform. Because the bottom ash material proved to contain more

fine-grained particles than samples tested during design, an addition

al layer of filter fabric was added between the working platform and

the crushed stone drainage layer. Initial crushed stone placement

was accomplished by pushing the stone over the top of the working

platform from the sides using a Caterpillar D3C dozer. The working

platform proved very successful to the degree that loaded 35-ton

dump trucks could travel across the top of the crushed stone. After

the crushed stone portion of the embankment was completed, wick

drains were installed through the drainage layer, working platform

and hydraulically placed ash to mandril refusal. In addition,

pneumatic piezometers and settlement platforms were installed

between the wick drains. Installation of wick drains through the one-

foot thick crushed stone layer allowed this layer to act as a drainage

medium relieving excess pore pressure buildup in the foundation and

speeding consolidation.

Figure 10. Summary of construction dates

After this foundation treatment was completed, construction of

the dike began. Since the crushed stone material beneath the clay

embankment material did not meet design filter requirements, a layer

of filter fabric was placed between these two materials. Next, a six

inch layer of clay material was placed over the filter fabric by placing

approximately 10 inches of clay and scraping the excess off using a

grader. At this point, one layer of uniaxial geogrid was placed fol

lowed byl2 inches of clay and then another layer of uniaxial geogrid.

One strip on each layer of geogrid was instrumented with strain

gauges. Installation of the last geogrid layer was completed

December 14, 1989. Due to extremely bad weather conditions, work

essentially ceased until January 5, 1990. The remaining clay portion

of the test embankment was completed by January 11, 1990.

Construction Difficulties
Two primary construction difficulties had to be conquered as

the test embankment was constructed. The first and most serious

was a combination of the grain size of bottom ash material used for

constructing the working platform and the thixotropic nature of the

fly ash. The bottom ash contained higher than expected fine-grained

(fly ash) particles that did not allow pore pressures to dissipate as the

working platform was constructed. Because this material was not

free draining, and due to the thixotropic nature of the fly ash, boils of

fly ash developed on the surface of the working platform. These boils

were created by excess pore pressures that developed as the dozer

pushed layers of bottom ash across to the far side of the working

platform. The more the dozer traversed the site, the more pro

nounced surface deflection became until finally, a boil would occur

allowing the excessive pore pressures to dissipate. Generally, after a

few days with no dozer traffic the working platform stabilized and no

additional boils occurrecL

The second minor problem was the installation of the wick

drains. Due to the concerns of equipment weights in the initial phase

of construction, the contractor selected a moderately sized wick drain

mandril that could not adequately push through the filter fabric. The

equipment was replaced with a larger wick installation system that

could adequately install the wicks with no adverse deflection of the

working platform.

PERFORMANCE

Working Platform
Monitoring of working platform performance during construc

tion was accomplished by visually observing the construction

procedures and effects on the surface of the working platform. As

presented previously, some difficulties were encountered during

construction due to the unexpected presence of fine-grained material

in the bottom ash. The fines prevented excess pore pressure from

dissipating, causing boils at several locations. Figure 11 presents a

photograph of a typical boil encountered. After installation of wick

drains and dissipation of the initial excess pore pressure, further boils

were not encountered and the working platform performed satisfac

torily.

Reinforcement
The performance of uniaxial reinforcement was monitored

directly by strain gages mounted on two individual grids, one on the

bottom layer, and one on the top layer. A total of 26 strain gage pairs

were mounted on the two geogrids, 13 on each grid. Eleven pairs

were destroyed during installation and/or fill compaction, leaving 15

pairs available for monitoring of grid performance. Figure 12

presents the maximum strain versus strain gage location, and

indicates a maximum strain of about four percent near centerline

with little to no strain near the ends. A plot of strain with time for

typical strain gages is presented on Figure 13, along with the test

embankment elevation with time. As would be expected for a stable

configuration, the geogrid strain increased during construction, then

remained relatively constant.

Construction Activity Time Period

Biaxial Geogrid

Bottom Ash

Drainage Layer

Wick Drains

Embankment

Uniaxial Geogrid

Nov. 13, 1989 - Nov. 17, 1989

Nov. 17, 1989 - Nov. 20, 1989

Nov. 20, 1989 - Nov. 21, 1989

Nov. 27, 1989 - Dec. 1,1989

Dec. 1,1989 - Jan.11, 1990

Dec.7,1989 - Dec. 14, 1989
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Ripro 900.0’ Existing

on Geomembrane
Geom

— —

— embrane

Existing Bottom Ash —

___ __
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__

Existing fly Ash
inierpoioted Rockilne with Wick Drains

Figure 12. MaxImum geogrid strain versus strain gage location

In addition to direct monitoring of strain gage performance,

slope inclinometers were installed to measure embankment and

foundation lateral movement, providing an indirect measurement of

geogrid performance. Five inclinometers were installed along the

cross-section and centerline of the test embankment, and were

monitored during and after construction. All but one of the incli

nometer casings remained in service until late May, 1990. Typical

results of inclinometer monitoring are presented in Figure 14. The

relatively large deflections indicated at the top of the casing are

attributed to effects of construction equipment. This plot indicates

lateral displacement of the working platform occurring during the

five day period of maximum construction rate. After the embank

ment was completed (January 11, 1990), virtually no lateral dis

placement was indicated. It is felt that this lateral displacement is

due to the required strain to mobilize the strength of the working

platform. This theory is derived from the relatively little compactive

effort exerted on the working platform, and the lack of continued

lateral displacement after construction was completed.

Foundation Improvements
Wick drain foundation improvement performance was moni

tored by measuring foundation pore pressure and settlement during

and after construction. Fourteen pneumatic piezometers and five

0

1

3

4

DISTANCE

z

0

0
0
bJ
0

Figure 13. Geogrid strain at centerline

10—8



a)
ci

‘4-

z
0

>
uJ
-J
L1J

-J
U,

901

900

995

890

885

880
z

875

870

86i

L1

880

875

870

865

860

855

850

845

840

JAN—03—90

JAN—05—90

JAN—08—90

JAN— 13—90

MAY—29—90

00 40 60 80 100

TIME (days)
120 140 11 0

41 2 3

RESULTANT MOVEMENT (inches)

Figure 14. TypIcal slope inclinometer results

pneumatic settlement plates were installed to measure pore pressure
and settlement, respectively. Typical results of pore pressure
measurements versus time for the installed piezometers are pre
sented in Figure 15. As expected, these plots indicate relatively
minor excess pore pressure development during construction, then a
gradual decline. Also as would be expected, greater excess pore
pressures were found near the center of the embankment.

Typical settlement transducer data are included as Figure 16.
The data are veiy erratic and it is difficult to draw any conclusions.

SUMMARY

This paper has presented a case history of the design, construc
tion and performance of a test embankment on sluiced fly ash. The
design included constructing a working platform to temporarily
bridge soft foundation soils, installing wick drains to speed consolida
tion and control excess pore pressure, reinforcing the embankment
with HDPE geogoids and controlling seepage using a geomembrane.
Construction proceeded relatively smoothly with only minor prob
lems encountered due to unexpected fine grained material in the
working platform. All phases of the design performed as expected.
After several months of monitoring the test embankment, the remain
ing portion of the dike was constructed with little to no difficulties.
The new ash pond is currently in service and performing well. The
method of foundation improvement and stabilization for this project
permitted a compressed construction schedule and saved the ner
approximately one million dollars.

Figure 15. Typical pore pressure response
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Figure 16. TypIcal settlement transducer results
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Successful completion of the ash pond modification at

Kentucky Utilities’ E. W. Brown Generating Station has illustrated

the following

• Geosynthetics can safely and effectively be used to bridge

over and construct upon thixotropic material such as

hydraulically placed fly ash.

• Significant cost savings can be realized by creative use of

by-products as shown in this project by using bottom ash

in-lieu of sand. Although some construction difficulties

were encountered, the effective use ofwick drains elimi

nated long term construction and performance problems.

• Using geosynthetics and good engineering practice, the

electric utility industry, and potentially many other indus

tries, can vertically expand, or construct new facilities, on

top of existing ash ponds. Expanding eidsting facilities can

lead to significant cost savings, and reduce potential

permitting difficulties and public opposition.
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DESIGN AND CONSTRUCTION WITH GEOTEXTILES
IN WASTE MANAGEMENT APPLICATIONS

by

John N. Paulson, P.E.
Applications Engineer

Exxon Chemical Company
Atlanta, GA

Abstract: The increased use of synthetic materials for a variety
of waste containment applications has resulted in a new area of
geosynthetic and geotechnical engineering. In addition to
geomembranes which provide an isolation layer, a wide variety of
geosynthetic materials and applications are available.

This paper presents a summary of several applications where
geotextiles of different types were used to construct waste
containment facilities. Example case histories are presented
which show the materials being used for the following
applications:

o Woven reinforcing polyester geotextiles for
liner support over potential sinkhole subgrades.

o Reinforced earth berm to contain and protect a
steel mill slag disposal area.

o Reinforced soil closure for dredge spoil lagoon.

Although heavily focused on reinforcement and liner support
applications, additional fundamental applications are discussed.

INTRODUCTION

Three applications of reinforcement with
geotextiles were constructed and are presented.
Each project had a different utilization of
tensile strength characteristics of the
geotextile. All used principles of reinforced
soil design for different end results. The
details behind the design, details of material
selection and each projects final construction are
outlined below.

Finally, a brief review of significant appli
cations in waste management and the salient
physical properties of the appropriate geotextile
will be presented.

LINER SUPPORT AND REINFORCEMENT

Design of an additional cell at the municipal
landfill near Ocala,FL mandated a double liner
approach with leak detection and leachate
collection systems installed over the
approximately 15 acre site. The site
investigation, coupled with a knowledge of the
surrounding area site conditions revealed the
potential for the development of sinkholes over
the life of the cell.

The final design used a combination of ground
improvement techniques to protect against future
sinkhole development. These approaches included
subsurface grouting over the cell area, and two
layers of reinforcing geotextile to provide liner
support.

Design Procedure
The design assumed a potential void area of

approximately one meter, which provides no
geomembrane support over that area. The
geotextiles must support the weight of overburden
in this area without rupture of the geomembrane
(Giroud, 1989). Soil arching over the area can be
considered in this type of analysis.

Two layers of geotextile reinforcement, laid
at 90 degrees to each other, supports the liner
and distributes the overburden load in two
directions. This was the approach utilized.
Giroud and Koerner provide a detailed review of
the design procedures utilized, which considers
the postulated void dimensions, overburden
loading, modulus of elasticity of the
reinforcement, and the two directional support
mechanism. Figure 1 schematically presents the
con cepts.
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Geotextile Fabrication and Installation

FIGURE 1 Schematic of Postulated Subsidence
(From Koerner, 1991)

Geotextile Requirements
This design resulted in the specification

requirement of a high tenacity polyester woven
geotextile, allowing no seams across each principle
direction. This unseamed length requirement
allowed the full strength of the geotextile to be
utilized in design. Wide width tensile strengths
of 440 lb/inch width (5280 lb/ft) at a maximum
strain of 10% as determined by ASTM D4595 were
specified.

Seam strengths across adjacent rolls required a
minimum of 40% of the intact geotextile strength to
be developed (176 lb/in), and to average 50%.
Exxon Chemical Geotextile GTF 550T was selected for
the project by the contractor.

2nd Layer layout pattern

I,
I,

4,’i

I”

K
1st Layer layout pattern

The site area is shown on Figure 2. The two
layers of high strength geotextile were specified
for the bordered area. This defined the bottom of
the cell to be constructed. The short portion of
the dogleg was a slope of a previous cell.
Potential for sinkholes was not critical here, so
one layer of a lighter material was specified, to
be inserted between the two layers of woven
polyester at the interface.

Geotextile rolls were woven and supplied in
special lengths, primarily 1500 linear feet.
Additional rolls were specially run to variable
lengths to accommodate the site geometry.

Installation consisted of unrolling the long
lengths initially, cutting to the layout
dimensions, then storing the cut length for later
use. Adjacent rolls were sewn together in a “J”
type seam, utilizing two rows of stitching with a
polyester thread.

Once the first layer was installed, the second
layer, running perpendicularly to the first was
installed in much the same manner.

After the geotextile was placed, it was
immediately covered with 18 inches of soil cover
in preparation for geomembrane liner placement.
Installation was completed in January, 1991.

PERMANENT GEOTEXTILE REINFORCED FLOODWALL

The Newport Steel facility in Wilder Kentucky
had a waste pile near the Licking river. To
protect this landfill from potential inundation by
floodwater up to the 100 year storm, a permanent,
1735 foot long floodwall was planned along the
river side of the waste area.

A reinforced concrete structure was initially
proposed, but the presence of compressible
subsoils made this solution unfeasible. An
earthen embankment was also considered, but side
slopes would make the base too wide, encroaching
upon either the waste pile, or onto adjacent
p rap e rt i e s.

To overcome these concerns a geotextile
reinforced wall with near vertical sides was
proposed. This wall would be compliant, and
accommodate any settlements that would occur due
to the compressive subsoils. After thorough
review by the EPA this solution was accepted.

Design considerations
Using accepted geotextile design methodology,

a double sided abutment-like structure was
designed (figure 3) consisting of layers of
permeable backfill reinforced with geotextile
fabric. Each layer of fabric was folded over and
secured beneath the next higher layer of backfill.

The bottom 12 feet of the wall required 12
inch nominal backfill layer thicknesses reinforced
with GTF 375 reinforcing geotextile, possessing
wide strip tensile strengths (ASTM D-4595) of 300
lb/inch. The remaining layers were 18 inches
thick, with and utilized GTF 300 reinforcement
(200 lb/in).

The abutment was constructed to a maximum
height of 38 ft, with a crest width of 14 ft and a
base width of 30 ft (minimum). Each succeeding
soil and fabric layer was reduced in width, so no
overlying lifts were present. The wall was to be
embedded a minimum of 3 ft.

Figure 2 Site and Geotextile layout Plan

Plan View of Cell Expansion
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FIGURE 3 Floodwall Cross Section

An impermeable geomembrane was designed as an
isolation layer, preventing seepage or floodwaters
from permeating into or out of the protected area,
and a toe drain was installed on the landfill side
at the abutment base. The entire structure was to
be covered with a puncture resistant nonwoven
fabric for protection of the wall, and for
ultraviolet light protection.

Installation
The installation sequence was similar for all

layers. First, wood forms supported by angle
brackets were placed along the edge of the lift.
The geotextile was then placed, with a minimum
wrap-around overlap of 3 feet. The geotextile
roll was laid transverse to the wall centerline.

Backfill was then placed to the top of the
forms, compacted, then the fabric wrapped or
folded over the backfill. Throughout construction
the wood forms were leapfrogged up as each layer
was completed.

Once the final layer was installed and
completed, the geomembrane was placed on the
landfill side of the abutment. Finally, the
entire structure was covered with a puncture
resistant nonwoven geotextile.

SLUDGE LAGOON CLOSURE

A dredged spoil area in the tidewater required
closure, and subsequent development as a municipal
park. Soft dredge spoils prevented the
application of conventional earth cover
placement. A geotextile panel was employed, using
a moderate strength woven geotextile fabricated
into one panel, then placed, anchored and covered
in one operation.

Site Conditions
The area was irregularly shaped, approximately

350 by 300 ft in size. Soil shear strengths as
initially investigated were less than 100 psf.
The area was covered with approximately three feet
of standing water.

Past history at the site indicated a
geotextile with tensile strength of 440 lb/inch,
with a minimum seam strength of 300 lb/inch was
necessary to support closure equipment and cover
soil placement activity. Past experience with
poor quality seams had increased the attention
being placed on field sewing.

Geotextile Fabrication
Exxon Geotextile GTF 500, a woven stitchbonded

composite reinforcement fabric was selected for
use. Geotextile rolls were manufactured to
specific lengths, and shipped to the jobsite for
panel fabrication.

The panel was constructed to fit the irregular
shape, and utilized a “J” type seam. Two parallel
stitchlines sewn with high strength Kevlar sewing
thread comprised the seams. Onsite fabrication
took approximately one week.

Install ation and Soil Placement
Placement of the prefabricated panel was

accomplished using four high boom cranes,
positioned at equal distances from each end. The
geotextile panel was secured using a sandbag
‘choker’ type attachment, where the material is
wrapped around a sandbag, then a strap attached in
lurid fashion around the bag. This strap was then
fastened to each crane cable, and the entire panel
lifted and pulled across the wet area. Geotextile
placement took 20 minutes once everything was
ready.
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Figure 4 Fill Placement Sequence
(Broms)
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The procedure for coverage (Broms 1988) was
based on a procedure which utilizes a tensioning
method to help support the overburden soils in the
initial lifts so critical in soft site closures.
Figure 4 depicts the sequence of perimeter
anchorage, and placement of soil in a finger-like
arrangement. This procedure was successfully
utilized on this project.

GEOTEXTILES IN LANDFILL APPLICATIONS

TEST METHODS AND PROPERTIES

Soil reinforcement geotextile design requires
that fabric properties of tensile strength, using
wide strip tensile test methods, be available.
ASTM D4595 is the currently accepted test standard
for this property determination. Elastic modulus
is obtained from this test method, with strengths
at different strains interpreted from the
developed curve.

Additional properties to be determined include
creep resistance under load, and other index
properties which may allow the material to
function as a separator, and possibly a filter.

Finally, polymer type can have a bearing on
the geotextile required for use. The two polymers
used for geotextiles in reinforcement are
polypropylene and high tenacity polyester.
Factors of safety against creep rupture are
different for these two materials, with polyester
allowing higher allowable loads with less creep
rupture potential. Selection of these properties
and polymers is dependent upon the application.

Other Geotextile Applications
Many non-reinforcing applications are

utilizing geotextiles of many varieties, as filter
layers, protection layers, and as cover panels for
daily closures of active facilities. The full
potential for geotextiles in landfills is only now
beginning to be understood.

Table 1 below provides a summary of different
applications, site conditions, and the appropriate
geotextile type to be used. Obviously, specific
site and design conditions and limitations
determine the actual properties and materials to
be specified.

TABLE 1

WASTF MANAREMNT APPLICATION i I tc-rtr. bDf,rI ir’i-o

DESIGN TYPE OF

APPLICATION DESCRIPTION CONSIDERATiONS GEOTEXTILE

Liner Support New cell Overburden load
Reinforcement Void size

Reinforced Cap soil Thick.
Closures(caps) Void size

Filters Over drain nets Strength, spunbonded

or gravel layers Fine pore size nonwoven

COMMENTS

Drainage Leachate coil.
Leak detection
Cap drainage

Flow capacity Nonwoven
Transmissivity Prefab Drain

Daily Covers Fabric Panels Size of area
for trash cover Weight of panel

Interface testing combines the geotextile with
the soil to be used in the structure, and can be
determined by direct shear tests, or in pullout
boxes available across the United States. ASTM
test methods are being developed for these
interface parameters.

low intrusion
into drain path

Spunbonded New application
nonwoven

CONCLUSIONS

Geotextile are being used for construction of
reinforced soil structures in landfills and
related facilities. Tensile strength imparted by
the reinforcing geotextile provides a tensile
element for internal reinforcement of retaining
walls, as well as support for geomembrane liners,
and to facilitate soft site closures.

Additional applications for geotextiles are
presented which are currently being used in the
waste management industry. Their use provides
cost effective alternatives to conventional
approaches of the past.

Woven PP
or PET

Loads can be high
Estimate void size

Woven PP Usually light loadings

Vertical Walls Internally lnterna[Stab. Woven PP Used with Membranes

or Abutments Reinforced External Stab. or PET

soil structures

Soft soil Sludge ponds Bearing Capacity Woven PP Site investigation

Closures Waste Lagoons Installation or PET Critical

Liner Over and under Puncture Heavy NW or Products under

Protection Liners Resistance W-.NW Composites development

Good history of use
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Sett1it analysis far T.mIfill
Geaare vers

by

Bernard A. Bono, NSc, P .E.
Senior Geotechnical Engineer

Fluor Daniel Environmental Services
Chicago, Illinois 60606

Abstract: Current landfill closure regulations
frequently require the use of a geamanbrane cover to cap
an existing larKifill. The gearnbrane cover design
calculations should include an estimate of the magnitude
of waste settlesent to assess the magnitude of
geanenibrane elongation resulting fran differential
settlaient of the landfill surface.

The design method presented considers landfill waste
characteristics such as type of waste, canpactive
effort, organic content, void ratio, degree of
saturation, specific gravity and water content.
Settlenent mechanisms discussed ixluth overlxirden
stresses, landfill gas extraction, biological, chenical,
physical, and other internal changes. The parameters
are caT)iled and rearranged using standard geotechnical
weight/volume relationships to provide values for the
estimated maximum total settlenent equation. ‘Ibtal
settlenent is presented as a function of the internal
parameters and the log of the filling tine ratio.

Finally, the estimates of landfill settlerent are used
to estimate maximum differential settlement.
Differential settlement over a specified cap distance is
then used to calculate the percentage of elongation. A
factor of safety is applied, and the resulting value is
canpared to AS’I!4 test results for the proposed type of
gecTnatbrane.

INE!rI(IJ

This paper presents a uniform approach for Degree of Saturation, Sr - The percentage of void
estimating the expected magnitude of geanenbrane space that is filled with water.
elongation over a specified distance of the landfill
cap. The approach is based on estimating minimum and Specific Gravity, G - The ratio of the unit weight
maximum magnitudes of waste settlement to assess of solid constituents to the unit weight of water.
geaienbrane elongation resulting fran differential
settlement across the cap. ?n appropriate gecxlBvbrane Ibtal Settlement, ‘I’S - The estimated settlement
is then selected based on canparing the proposed occurring at a specific location within the landfill,
material • s elongation properties to the estimated usually referenced to the tire period after landfill
magnitude of elongation, capping.

Geanmaibrane Elongation, E - The magnitude of the
(XSARY geanmnbrane elongation referenced to a specified

horizontal distance across the landfill cap.
Differential Settlement, t’S - The vertical

difference in feet hetween the maximum and nthdiiuin Percent Elongation, % E - The ratio of elongation
settlement magnitudes, usually measured across a to the specified cap distance over which the
specified horizontal distance. differential settlement is expected to occur.

Initial Void Ratio, e,, - The ratio within the
waste of the volume of voids to the volume of solids.
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Exauple Calculation for Differential Settimmait

Estimate Initial Void Ratio, e0.

e = (0.60) (1.75) = 1.05 (This value sild be
(1.00) 1)

Estimate Settleent with Respect to Tine.

¶I=a H log -

1-fe0

‘I’S = ‘Ital Settleient (ft)
a = Secondary Canpression Factor (a — alpha)
H = Thickness (Baight) of Waste (ft)

e Initial Void Ratio
= Tine at canpietion of settlaient (nonths)
= Tine at ccmpletion of filling (InDnths)

Estimate Secondary Ccxipression Factor, “a”.
“a” is a function of the initial void ratio, e0.
Figure 1 for graph of “a” vs. e0.

For conditions “favorable to deccziiposition

“a” max. = 0.09 e0 (approximation only)

For conditions “unfavorable” to decaxsition

“a” mis. = 0.03 e0 (approximation only)

I —— — —

•
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Sowers, Yen and Scanlon measured actual settleient
rates at several sanitary landfills. They conclucL
that settleent is a function of the height of fill, the
length of the filling period, the suitability of waste
for decanposition, and environnental factors such as
tauiperature and noisture content.

e0=L (1)
Sr

Assume the following values for this exanple

calculation:

Sr (Lgree of Saturation), = 100% (saturation)

G (Specific Gravity), = 1.5 to 2.0, say
1.75

w (Water Content), = 60%

Where:

(2)

Causes of Waste Settleient
Settlamant of landfiil waste material will nost

likely occur over tine due to the foilowing nechanisins:

o Overburden stresses fran the waste and cover
soils causing ccmçression and re-orientation of
the waste materials.

o Activation of a landfill gas extraction systan
causing waste settlensnt in the extraction well
radius of influence.

o Ongoing biological and chenical decaiçosition of
the waste, physical, nechanical or other internal
changes.

The predaninant type of waste within the landfill
(i.e., ash, hazardous, municipal, construction, etc.),
the volume of landfiil gas extracted, and the anount of
ca-opactive effort applied during placensnt will also

affect the magnitude of settlauent. For exançle,
loosely ccupacted, highly organic, readily
biodegradable fills will display much higher settleent

than heavily canpacted construction ris.

Estimation of Waste Settlaient
This paper presents two procedures to predict the

magnitude of waste settlaient in a landfill. Values
fran beth nethods should be calculated and caipared.

Three and Eight PeoL Nethod
Based on interviews with landfill surveyors

(Hanft, 1991) and past experience fran landfill cap
construction projects, a quick nethod to estimate the
magnitude of waste settlensnt is to use the 3 and 8%
method. This method assmies simply enough that the
minimum settleient is 3% of the total height of waste.
The maxinimi settlenent is assumed to be 8% of the total
height of waste. These settleTents should be estimated
to occur after the tine the landfill achieves final
grade and is capped. In this way the on-going
settleTents that occur during the filling process do not
need to be taken into account.

The differential settlauent is calculated as the
difference in feet between these maximum and minimum
values.

The design engineer should consider the
appropriate causes of settleient (i.e. Is there a gas
coilection systen? Is the waste highly organic and
readily biodegradable?) when determining the maximum and
minimum values, and adjust the percentage limits
accordingly.

Recently, a 70 foot thick landfill in central
Indiana experienced localized settlamants of up to one
and one half feet within six nonths of activating the
landfiil gas extraction systan. (Hanft, 1991) This
constitutes a 2% settlensnt which does not yet take into
account the additional long term settlaient which is to
be expected due to overburden stresses and bio-physical
changes.

Srs Ned
A second nethod for estimating the magnitude of

waste settlensnt was developed in the early 1970’s by
Sowers, Yen and Scanlon (Sowers, 1973) (Yen and Scanlon,
1975). This nethod is briefly reviewed here to provide
an additional nethod for estimating of the magnitude of
differential settleTent. It is the design engineer’s

responsisiity to choose appropriate values for the
following geotechnical weight/volune relationships.

See

(3)

(4)

Estimate t2 and t1. Actual values based on construction
schedules should be used if available. Otherwise, the
values listed in Table 1 can be used as approximate
values.

0 1

0010 00110 OF FILl.

Figure 1. Secondary ccnipression of waste fills (Sowers,
1973)
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Table 1. Canparison of settlaint and operational
filling periods (Yen and Scanlon, 1975)

Thickness Filling Approximate
of Waste TinE SettlEent Tine

H (ft) t, (nxnths) ; (nvznths)

40—80 12 101
40—80 72 252
80—100 12 233
80—100 72 238

ICtJ[A 4ANE EELRTI

Calculate the geanEltrane elongation (E) for the
expected magnitude of 1. The percent elongation will
then he the ratio of the estimsted elongation to the
distance (L) over which the differential settleent is
expected to occur.

Use Figure 2 to visualize the relationship between
ES, E, and L.

Alternatively, calculate differential settletent between
areas of different waste thicknesses using a single ‘a”
value.

Estimate Differential Settiment = ES

Differential Settimient should be estimated
conservatively by canparing TS max and TS mm with the
values achieved by the 3 and 8% nethod.

Calculate DS by subtracting the minimum settla,ent fran
the maximum settlient for each nethod. To be
conservative, use whichever value is greater.

Table 2. Cceiparison of estimated settinient
magnitudes for Sowers and 3 and 8% nethods.

lthod Max. Settimient Mm. Settlaient

Sowers 1S max = 4.6’ ‘l’s mm = 1.5 3.1’
3&8% 8%xlOO=8.0’ 3%x1003.0’ 5.0’

Exaiple Calculatit for Gn±rare Elongation

Fran Figure 2:

(L+E)2=L2+DS2 (5)

Therefore:

L ÷ E (I? + ES2)°5
E=(L2+DS2)°5—L (6)

nd:

(7)
L

Assune the following values for this example
calculation:

ibte: Selection of the assuned value of ‘1”
should be based on factors including the hcxogeneity of
the waste, waste thicknesses in adjoining areas, gas
extraction well radius of influence, and conservative
engineering judgatent. lower values of L will provide
mre conservative values of % E.

Using Eq. 6:

E = (152 + 52)0.5
— 15

= 0.8 ft.

Therefore Using Eq. 7:

% E — = 5.3%
15

‘-4
Calculate TS.

Calculate maximum and minimum values of ‘l’s using’a’
max. and “a” mm.

Asstmthg:

e =1.05
a max = 0.09 e = 0.0945
amin =0.03e = 0.0315
H =lOOft
t, = 24 mnths
t2 = 240 nonths

Using Eq. 2:

‘IS max = 0.0945 100 log,0 24f
1+1.05 24

= 4.6 ft

‘I’S mm = 0.0315 100 log,0 24
1+1.05 24

= 1.5 ft

Figure 2. Elongation of cover gecmnbrane

PS = 5ft
L =15ft
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Selecting a Gnxbrane

The estimated value of % E should then he ccxipared
to ASfl4 test results for the proposed geainbrane
material (Gundle, 1990). Caare % E to the results of
AS1 0 638, % elongation at yield.

A minimum Factor of Safety (ES) of 2 should be
used when selecting a geanitrane.

% E5 = % E * ES

Using the values fron the previous example problan:

% E = 53% * 2
= 10.6 %

Therefore in this example, the selected
gearibrane should have the capability to elongate a
mininum of 10.6% at yield.

It should be recognized that waste settlant
calculations are difficult to evaluate due to the
inherent cauplexities and unknowns involved. Therefore,
the approach taken is conservative and will normaily
lead to high settlaint magnitudes. Using this mathod
it is desirable to select a gaznestrane with the highest
value of elongation at yield for cap designs. Other
properties to be evaluated before selecting the
gemnbrane ixlude: friction, tensile strength,
puncture strength, and resistance to the waste materials
in the landfill.

Consolidation of the subgrade beneath the landfill
should also be calculated to validate the integrity of
the leachate collection systan grades.
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Geogrid reinforced soil—cement arch

by

Safdar A. Gill, Ph.D., P.E.
and Ted D. Bushell, P.E.

Senior Principal Engineer and Principal Engineer
STS Consultants, Ltd.
Northbrook, Illinois

Abstract: A soil—cement arch embankment was
constructed over an existing tunnel. The soil—cement
arch was reinforced with geogrid and underlain by
expanded polystyrene panels to redistribute the
embankment load and minimize load transfer to the
tunnel. The require properties of the geogrid were
determined based on an analysis of the arch acting as
a simply supported beam. Finite element analysis was
used to evaluate the effectiveness of the arch. The
arch embankment was constructed in stages to permit
the soil—cement to develop sufficient strength to
support the arch. Instrumentation was installed to
evaluate stress changes in the tunnel structure and
to confirm the analysis.

INTRODUCTION

To accommodate increased operating
energy levels, an additional 12 feet of
shielding fill was required over an
existing synchrotron tunnel structure.
The analysis of stresses under the
existing loads indicated that the design
of the existing tunnel was marginal and
could not sustain the additional
shielding. The originally proposed
concepts included a pile supported bridge
across the tunnel to carry the new fill,
corrugated metal pipe sections, as well
as precast concrete arches. However,
these various schemes were considered too
costly, as well as time consuming and
were abandoned.

The system developed for the new
shielding fill consisted of a soil—cement
embankment in the shape of an arch. The
arch shape was selected since it would
carry its own self weight, as well as the
overlying embankment fill and would
minimize the stress increase on the
existing tunnel. Figure 1 illustrates
the soil—cement arch at Station 23+50
where the proposed embankment height
will reach elevation 110.5 ft. The arch
consisted of an expanded polystyrene
(EPS) base and soil—cement reinforced
with geogrids. The haunches of the arch
were angled away from the tunnel to
transfer the load to the subgrade at the
arch haunches and minimize load transfer
to the tunnel walls. The two stages of
arch construction were selected to

accommodate the gain in strength with
time of the soil—cement.

Both the stiffness of the arch, as
well as differential settlement across
the arch were important factors in
developing the desired arching action.
Soil—cement provided a sufficiently stiff
member to redistribute the weight of the
fill and transfer the stresses from the
fill to the outside haunches of the arch.
In addition to the stiffness, the
material below the crown of the arch had
to deflect more than the haunches of the
arch in order for the arching action to
take place. To provide for the desired
amount of deformation, compressible
expanded polystyrene (EPS) panels were
placed beneath the arch. In addition,
loose granular fill was placed
immediately below these EPS panels. The
soil in the excavated haunches was
compacted in order to provide a stiff
reaction to the outside haunches of the
arch. In this manner, the existing
tunnel structure behaved similar to a
negative projecting conduit.

Several methods of analysis were used
to design and evaluate the effectiveness
of the soil—cement arch. An arch member
was intuitively conceived as being the
most efficient means of constructing the
embankment. The structural analysis of
the soil—cement arch was performed using
conventional structural mechanics. The
soil—cement arch was modeled as a simply
supported beam. This analysis provided
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the required strength for both the
soil—cement, as well as the geogrid
reinforcement. A finite element method
(FEM) analysis was performed to evaluate
the stresses on the existing tunnel, as
well as to assist in the design of the
soil—cement arch.

Since the existing tunnel structure
was not capable of sustaining substantial
stress increases from the new embankment
and the concept of the shielding upgrade
relied upon the effectiveness of the
soil—cement arch, it was considered
essential that the tunnel be
instrumented. The instrumentation
consisting of strain gages, earth
pressure cells, and a convergence meter
was installed during construction.

This paper provides details of the
design and construction process, along
with a review of the performance as
evaluated from the instrumentation
program.

CONSTRUCTION MATERIALS

The materials used in the construction
of the arch consisted of the natural
soils which served as the bearing stratum
for the arch, soil—cement which formed
the arch itself, geogrid reinforcement,
and the expanded polystyrene (EPS)
panels.

Natural Soils
The existing tunnel was built in 1958

by cut and cover construction methods.
The on—site fine to coarse sand was used
to backfill around the tunnel. The
backfill around the tunnel was found to
be in a loose to medium dense condition
with an average Standard Penetration
Resistance of 13 blows per foot. The
natural soil below the existing structure
was found in a much denser condition with
the average Standard Penetration
Resistance value being 25 blows per foot.

The loose soil conditions immediately
surrounding the tunnel combined with the
denser soils found below the tunnel were
favorable for construction of an arch
structure. Loose soils around the tunnel
would permit deflection at the arch crown
which would redistribute loads to the
outer more dense soils found in the arch
haunches.

Soil—Cement
Since sand was the prevalent material

at the site, it was proposed that the
arch embankment be constructed of
soil—cement using this on—site sand. The
strength required for the soil—cement was
dictated by the results of the structural
analysis. A mix design was performed in
the laboratory prior to construction to
determine the optimum cement content
which would produce the desired strength.
The results of the mix design indicated
that the soil—cement should contain 10%
cement by weight of sand to produce the
desired strength.

Geogrid
Two layers of Tensar UX1600 HDPE grids

were placed at the invert of the arch to
provide lateral restraint during
construction. The reinforcement was
selected to limit strains to 2% to
prevent cracking of the soil—cement.

The Tensar Ux1600 was found to have a
strength of 360 pounds per inch at 5%
strain, based upon laboratory testing.
Compressive strength tests on the
soil—cement specimens gave an average
strength of 437 psi at 3% strain. The
modulus of these two materials provided
close strain compatibility which was also
a requirement for selection of the
geogrid. The selected HOPE geogrid would
also resist chemical degradation in the
high alkaline environment of the cement
stabilized soil, and being inert would
resist corrosion better than steel
reinforcement in the prevailing
environment of stray currents.

Expanded Polystyrene
Low modulus expanded polystyrene

panels (EPS) were placed on loose sand
beneath the crown of the arch to allow
required arch deflection and to transfer
loads to the haunches of the arch. The
properties of the EPS panels had to be
selected to support construction activity
without collapsing or significantly
strain hardening. The properties of the
EPS panels were determined by
constructing a simple finite element
model of a compression test specimen and
matching the output to those obtained in
a laboratory compression test. Based
upon these analyses, the required

12 In. Earth
Final

Existing Grade

II Soil Cement
EL.

Stc9

18 In EPS1
—EL. 97.

12 In. EPS

EL, 89

Two Layers
Of Geogrid

Sand
Backfill

Figure 1. Soil—Cement Arch, Station 23+50
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deflection of a 6 inch thick EPS panel
was estimated to be on the order of 0.5
inches, requiring a modulus of 60 psi.
The specified minimum compressibility was
10% at 5 psi. The unit weight of the EPS
panels was required to be less than 0.90
pounds per cubic foot.

Expanded polystyrene appeared to be
the ideal material since it had a high
initial modulus to limit deflections
under the initial Stage I fill, and had a
much lower modulus at higher loads so as
to deform the required amount under
subsequent filling to create the arching
effect. Expanded polystyrene panels
conventionally used for construction were
selected as they were readily available
in sizes that were conducive to
construction; based upon product
literature, they had the potential to
meet the design requirements; and they
were cost effective. The panels
consisted of polystyrene spheres that
were bonded together under pressure to
produce a deformable panel. Even so,
initial testing indicated that
conventional panels were too stiff. The
manufacturer modified the panels to meet
the design requirements based upon
laboratory test results. Laboratory
compression tests indicated that the
strain was affected by the thickness of
the sample. One inch samples had strains
ranging from 10.4 to 13.5%, while 6 inch
samples showed smaller strains of 5.8 to
10.4%. The manufacturer modified the
product so that the compressibility
exceeded 8% at 5 psi on a 6 inch thick
sample.

ARCH DESIGN

The design of the reinforced
soil—cement arch included determining the
required soil—cement strength, maximum
allowable fill height, as well as
selecting the required reinforcement
strength. This analysis was performed by
modeling the soil—cement arch as a
reinforced beam. A finite element
analysis was performed to estimate
stresses on the existing tunnel caused by
theproposed increase in embankment
height and to evaluate the effectiveness
of the soil—cement arch.

Beam Analysis
The soil—cement arch was analyzed in

stages to reflect the anticipated
construction. The first stage arch was
analyzed as a 7 foot thick simply
supported beam spanning 20 feet.
Assuming the soil—cement to be an
urireinforced beam, the tensile stresses
within the beam were found to be less
than 1/2 of those typically assumed
permissible for soil—cement based upon
empirical correlations. Assuming that
the first stage soil—cement consisted of
a simply supported reinforced beam, the
tensile stress within the reinforcing was
found to be approximately 640 pounds per
inch. Both of these analyses were then
repeated for the full 12 foot deep
soil—cement arch with similar results.

Beam analyses indicated acceptable
stresses within the soil—cement arch
assuming that the soil—cement obtained an

initial strength of 250 psi with an
ultimate strength of 500 psi. The mix
design performed on the soil—cement
indicated that this strength was
achievable.

The reinforced beam analysis indicated
a required strength at 5% strain of
approximately 300 pounds per inch for the
geogrid to prevent total failure allowing
for a design factor of safety of 2. The
specified ultimate tensile strength of
the geogrid reinforcing was 625 pounds
per inch. Strength requirements were
based upon the wide width strip method as
defined by ASTN 0—4595. Although a
factor of safety of 3 would be used
normally to include effects of creep and
durability, the lower factor of safety
was considered adequate as the arch
itself would normally remain in
compression to sustain the loading.

Finite Element Analysis
To estimate the stresses on the

existing tunnel caused by the proposed 12
foot increase in the soil embankment and
to evaluate the effectiveness of the
proposed soil—cement arch, a finite
element method (FEM) analysis was
performed. The FEM solution was obtained
using an incremental finite element
computer program for 2—dimensional
plane—strain analyses, FEADAM 84 (Duncan,
et al. 1984). This program calculates
the stresses, strains and displacements
in embankments by simulating the actual
sequence of construction operations and
post—construction loading conditions.
The program approximates and accounts for
non—linear and stress dependent
stress—strain properties of the various
materials included in the model,
according to a hyperbolic soil model.
Figure 2 shows the finite element mesh
used for the model, along with the
various soil materials used in the
analysis. While a full size model was
constructed to perform the analysis, only
one—half of the model is shown for
presentation purposes. Details regarding
the model, as well as the soil parameters
and boundary conditions used in the
analyses are presented in a companion
paper describing the first phase of this
project constructed in 1989 (Gnaedinger
and Gill, 1991).

The results of the finite element
analysis showed that the soil—cement acts
effectively as an arch to substantially
reduce the stress that would have been
transferred to the tunnel crest and
sidewalls due to embankment construction.
The vertical stresses imposed on the
tunnel roof as predicted by the FEM
analysis are indicated in the elements
across the tunnel roof as shown in Figure
2. The average total vertical stress
change across the tunnel roof was found
to be 1458 pounds per square foot which
represents only approximately 25% of the
actual imposed load. By subtracting the
existing overburden stress, the predicted
net stress change over the tunnel roof
was 738 pounds per square foot due to
construction of the soil—cement arch.
The average predicted stress increase
immediately underlying the EPS panels was
found to be 720 pounds per square foot.
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Figure 2. Finite Element Model

CONSTRUCTION

Construction of the embankment began
by clearing and stripping the site of all
vegetation and topsoil. Excavation of
the haunches and shaping the existing
ground was performed using a wide—track
bulldozer with low contact pressure (4
psi) to minimize stress on the existing
tunnel. A loose layer of sand fill was
placed over the tunnel roof while the
stripped subgrade soils in the haunches
were densified by compaction. Next, the
EPS panels were cut in the field and
placed over the shaped subgrade. A
plastic sheet was placed over the EPS
panels to prevent the overlying
soil—cement from filling the joints in
the panels.

Analysis of the existing tunnel
indicated that the tunnel structure could
withstand the weight of the existing
overburden pressure plus some limited
live load surcharge. Soil—cement arch
construction was broken into two stages,
with the first stage being limited to a
height which would not exceed the
allowable tunnel loading. The analysis
indicated that the soil—cement needed to
achieve a strength of 250 psi prior to
proceeding with the remainder of the
soil—cement arch construction.

The soil—cement was mixed in an
on—site pugmill batch plant and then
transported to the arch location. Light
weight equipment was used to place and
compact the soil—cement in layers so as
not to overstress the tunnel.

The mix design indicated that the
soil—cenent would achieve strengths of
200 psi, 400 psi, and 500 psi following a
curing period of two days, three days,
and five days, respectively. Based upon
this data, three days of curing time was
required to achieve the desired 250 psi
compressive strength in the field prior
to placement of the second stage of the
soil—cement arch.

During construction, the properties of
the soil—cement were controlled at the
batch plant and monitored in the field.
The moisture content of the soil—cement
typically ranged from 6 to 8% with the
in—place dry unit weight ranging from 116
to 119 pounds per cubic foot. The
strength of the soil—cement was monitored
by preparing test specimens from each
batch. The test specimens were compacted
in molds to the minimun required density.
Laboratory compression tests were
performed on these specimens at time
intervals ranging from 3 to 28 days.
Little difficulty was experienced
achieving the desired degree of
compaction during construction of the
arch. The soil—cement was cured by
sprinkling with water and covering the
soil—cement with visqueen to minimize
evaporation.

Once the desired elevation was
achieved, the first layer of geogrid was
manually placed. Any wrinkles in the
geogrid were smoothed out and the geogrid
pinned to maintain the geogrid in a
taught position. The geogrid was
supplied in 50 inch wide by 100 foot long

S age

TII
111=1 L II..

I..
—I-.. 0

I /

soil
-

nen

L-i
I PSI ni cia

I’.
has

Pu
1_I S =

T T T

- -
>H:’ a

/ I e ur en

LBd AEF

: : • I ii

Legend

Above Tunnel Below EPS —

Element Vertical Element Vertical nc Os re
No. Stress No. Stress — — —

— A 948 G 602
B 2152 H 986
C 1302 I 572

Average 720 Psf — — —

F 1326 FL/0

: Averoge= 1458 Psf • U U

I 11 11 111111 H
fl FrT htfl

14—4



rolls. The geogrid was placed in full
length across the tunnel, overlapped 6
inches and mechanically fastened
together. Six inches of soil—cement was
then placed and compacted over the
geogrid and a second layer of geogrid was
placed similar to the first layer.

Soil—cement placement above the
geogrid continued in accordance with the
required staged construction. Following
completion of the soil—cement placement,
topsoil was placed and the embankment
seeded to minimize surface erosion.

INSTRUMENTATI ON

Instrumentation was installed before
and during construction of the
soil—cement arch. The purpose of the
instrumentation was to evaluate the
potential stress increases in the
existing tunnel and to confirm the
analyses. Figure 3 indicates the type
and location of the instruments which
were installed at Station 23+50. Six
IRAD vibrating wire strain gages were
installed on the tunnel roof and
sidewalls. The gages were attached to
the concrete with adhesive. In addition,
a convergence meter was installed in the
tunnel to monitor roof deflection. The
convergence meter consisted of a
tensioned wire adhered to the roof and
floor. As the roof deflected the length
of the wire changed and this movement was
recorded.

Pressure cells were also installed to
monitor the change in stress caused by
the arch construction. Pressure cells
PCA and PCB were installed at the
haunches of the arch, while pressure cell
PCC was installed at the crown of the
arch directly over the tunnel roof. All
of these cells were installed immediately
below the EPS panels within the soil
subgrade overlying the tunnel.

Figure 3. Instrumentation Cross—Section

Earth Pressure Cell Data
A plot of the earth pressure cell data

versus time, as well as fill elevation is
indicated in Figure 4. The plot of the
earth pressure cell data clearly
indicates the arching effect taking
place. PCC located over the tunnel crown
indicates a reading of 731 psf which
represents only approximately 45 to 55%
of the actual overburden pressure of the
newly constructed arch. Cells PCA and

PCB located in the haunches of the arch
indicated readings ranging from 3,000 to
5,000 psf which are approximately 20 to
100% greater than the actual overburden
stress due to the arch itself. The crown
of the tunnel received less than the
overburden stress, while the haunches of
the arch attracted the load being shed at
the center of the arch. Hence, this data
clearly demonstrates the arching effect.
Also, the 731 psf reading obtained over
the top of the tunnel compares favorably
with the 720 psf predicted by the FEM
analysis.

Gage Location

—.... West Haunch
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Figure 4, Earth Pressure Cell Data

Strain Gage Data
Figure 5 indicates a plot of the

strain gage data obtained during the
course of construction. In addition, the
ground elevation overlying the tunnel is
also indicated in this plot. The initial
100 to 150 microstrains measured early in
construction at the center of the tunnel
roof was due to inadvertent excavation
and backfilling. Had the strain gages
been installed prior to this excavation,
there would have virtually been no net
strain due to this unloading and
subsequent reloading. Therefore, only
the net strain on the tunnel roof of 175
microstrains actually occurred due to the
arch construction above the existing
ground elevation of 99 ft.

Using the correlations established
during the previous construction of 70
microstrains for a 330 pounds per square
foot stress change, the net change of 175
micrdstrains would correspond to a stress
change of approximately 825 pounds per
square foot on the tunnel roof. This
stress change compares favorably with the
731 psf measured by the earth pressure
cells.
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CONCLUSIONS

The soil—cement arch successfully
minimized the additional stresses on the
existing tunnel enclosure caused by the
addition of 12 feet of fill over the
tunnel roof. FEB analysis of the
soil—cement arch predicted an increase in
vertical stress on the tunnel roof of 738
pounds per square foot. The various
instruments measured a change in stress
over the tunnel roof ranging from 731 to
829 pounds per square foot which is
within approximately 15% of that
predicted by the FEB analysis. The
measured increase in stress over the
tunnel roof corresponds to only
approximately 50% of the actual
overburden loading which clearly
demonstrates the arching action.

Geosynthetics assisted the soil—cement
arch in stress transfer over the existing
tunnel. The geogrids resisted lateral
stretching of the soil—cement arch and
minimized this movement which otherwise
could have caused increased vertical
stress on the tunnel. Geogrid
reinforcement provided a
strain—compatible material for the arch
reinforcement at the anticipated stress
levels in the soil—cement. Expanded
polystyrene panels (EPS) placed at the
invert of the arch assisted in load
relief and stress transfer across the
tunnel.
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Geotextiles in road structures:
separation, stabilization, reinforcement

by

C. Joel Sprague, P.E.
Manager, Engineering Services

Nicolon Corporation
Norcross, Georgia

SEPARATION
AND STABILIZATION

Introduction to the Problem
Temporary roads used for hauling and access roads

that are subject to low volumes of traffic are often
constructed without bitumen or concrete surfacing. A layer
of aggregate is placed on the prepared subgrade of these
roads to improve their load bearing capacity. On the other
hand, permanent roads carry larger traffic volumes and
typically have bitumen or concrete surfacing placed over a
base layer of aggregate. The combined surface and base
layers act together to support and distribute traffic loading
to the subgrade. Problems are usually encountered when
the subgrade consists of soft clays, silts and organic soils.
This type of subgrade is often unable to adequately
support traffic loads and must be improved.

Typical Solutions
Excavating and replacing unsuitable materials is a

costly and time consuming subgrade stabilization process.
Other methods of subgrade improvement include deep
compaction, chemical stabilization and preloading.

The Geotextile Solution
Geotextiles are proving to be a cost effective

alternative to traditional road construction methods. In
designing geotextile-reinforced unpaved roadways, there
are several available methods.

The Giroud and Noirayt11 method combines
theoretical analysis with an empirical formula deduced from
full-scale tests on aggregate roads as a function of soil
properties and traffic. This method considers subgrade
strength and geotextile modulus in determining the required
thickness of an aggregate layer. Both on- and off-highway
vehicles can be considered.

The assumptions of the Giroud and Noiray method

are the same as those used for stress distribution and
bearing capacity calculations in foundation engineering.

Practical Design Charts

• Giroud and Nolray Method
The Giroud and Noiray method is presented in the

form of a single design chart. This chart assigns a
standard highway design axle load of 80 kN, a 480 kPa tire
pressure and a rut depth of 0.3 m. (See Chart 1.)

Curves are given for the required aggregate
thickness without geotextile and the reduction of aggregate
thickness due to the geotextile, all versus subgrade shear
strength. This method provides a simple way of calculating
aggregate savings when using a geotextile.

• Hoitz and Sivakugan Charts

The primary limitation with the Giroud and Noiray
method results from the chart’s rut depths of 0.3 m. Such
depths may not matter for off-highway vehicles, but they
could be a serious limitation for many on-highway vehicles.

In response, Holtz and Sivakugan2’prepared charts
for rut depths of 75, 100, 150, 200 and 300 mm using the

same method. (See Figures 1-5.)
These charts clearly describe the changing role of

the geotextile, tracing it from stabilization to separation as
rut depth decreases.

SEPARATION

Because of small strains induced in the geotextile at
smaller rut depths, the modulus, K, of the geotextile is not

as important as it is for a rut depth of 300 mm. This is
because the membrane resistance assumed by Giroud and

Noiray is not developed at small geotextile strains.
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CONSTRUCTION SURVIVABIUTY CRITERIA*

CHART 1: Reducing aggregate thickness with a geotextile (after

Giroud and Noiray [1J). Aggregate thickness h,,l, without geotextile
when traffic is taken Into account; possible change in aggregate

thickness (Ah) resulting from the use of a geotextile rather than

relying on subgrade soil cohesion. Chart related to an on-highway
truck with standard-axle load.

TABLE 1
CONSTRUCTION SURVIVABILITY RATINGS
FOR SEPARATION GEOTEXTILES

Site Soil CBR at
Installation <1 1-2

Equipment Ground >50 <50
Contact Pressure (PSI)

Cover Thickness (In.)’
(Compacted)

NR NR* H M M M

6 NR*NR* H H M M

12 NR* H M M M M

18 H M M M M M

(H High, M=Medium, NR=Separatlon Geotextile Not Recommended)

* These conditions warrant a more robust, high modulus stabilization
geotextlle as determined by unpaved road design.

TABLE 2
PHYSICAL PROPERTY REQUIREMENTS’
FOR SEPARATION GEOTEXTILES

<50% Geotextile Elongation / >50% Geotextile Eiongation

Grab Puncture Trapezoid Tear
Strength Resistance Strength

ASTM D4632 ASTM D4833 ASTM D4533
(ibsi (Ibs) (Ibsi

Medium 180/115

Values shown are minimum average roll values. Strength values are in
the weaker principle direction.
Elongation as determined by ASTM D4632.
The values of geotextile elongation do not imply the allowable
consolidation properties of the subgrade
soil. These must be determined by a separate investigation.

• Unpaved Roads
As demonstrated in the example on the following

page, Figures 1 through 5 can be used to determine the
required aggregate thickness for unpaved roads with and
without a geotextile for various subgrade shear strengths.

While these charts were established for the design
of geotextile-reinforced unpaved roads, they can also be

used when designing paved roads as well as the first

construction lift of embankments on soft foundations.

* From Task Force 25, Specification Guide for Separation Geotextlies.

• Paved Roads and Embankments

on Soft Foundations

When designing pavement systems for permanent

roads, it may be necessary to use additional subbase

aggregate over that which would typically be used for
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Maximum aggregate size not to exceed one half the compacted
cover thickness.
For low volume unpaved road (ADT <200 vehicles).
The four inch minimum cover is limited to existing road bases and
not intended for use in new construction.

For example, at r = 75 mm, the induced strain in the

geotextile is only about 1%. Thus, for small rut depths,

the h curves are essentially independent of the geotextile

modulus. (Compare Figures 1 and 2 with Figures 3, 4 and

5.) In this case, the geotextile acts as a separation layer.

As Haliburtont2’has observed, any geotextile which survives

construction will work as a separator. (See Tables 1 and 2.)

STABILIZATION
For larger rut depths, a considerable reduction in

aggregate thickness is possible by the use of a geotextile

with a higher modulus in the direction perpendicular to the

road centerline.

Application of the Charts

Survivability
Level

High 270/180 100/75

70/44)

100/75

70/40
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REINFORCEMENTstructural support. This additional aggregate stabilizes soft
subgrades which are susceptible to disturbance during
construction or to pumping and subbase intrusion during
the project’s life.

Many pavement design methods include additional
subbase in the design requirements, usually based on local
experience. Often, subbase aggregate thickness can be
reduced by including a geotextile in the design.

For example, if the additional subbase is sufficient to
reduce rutting under construction equipment to less than
75 or 100mm, then the required stabilization aggregate can
be reduced 30-50% by using a geotextile. (See Figure 1)

Note: Only the stabilization aggregate is reduced by
the use of a geotextile. No reduction in the structural
pavement section required for the subgrade strength, traffic
and design life is permitted.

Christopher and Holtzt4J recommend using
procedures such as the Giroud and Noiray method to
determine the amount of subbase aggregate required with

and without a geotextile. Thickness of this aggregate
should be based on saturated conditions.

The geotextile not only allows the reduction of
stabilization aggregate, but in some cases also allows a
reduction in the excavation of soft material that may be
required for the final design grade.

The first construction lift of embankments on soft
foundations can also be designed using these procedures.

Example A

Required. Determine the aggregate thickness for 340
passes of a single axle load of 80 kN, if the subgrade CBR
= 1 and the allowable rut depth r = 100 mm.

Solution. From Figure 2, the thickness without geotextile,
h01, is about 0.41 m and Ah is about 0.13 m. Thus, the
thickness h with geotextile is 0.41 - 0.13 = 0.28 m.

Because at a rut depth of 100 mm, the modulus of the
geotextile is not important; any geotextile that survives
construction will work. In this case, other factors such as
drainage and constructibility will affect the choice of
geotextile.

Example B
Giroud and Noiray used the data from Example A,

but with an allowable rut depth of 0.3 m and a geotextile
modulus of 90 kN/m. (See Figure 5) They obtained
values of hf = 0.35 m and Ah = 0.15 m, which yields a
required aggregate thickness with the geotextile of 0.2 m.
Thus, the more restrictive allowable rut depth in Example A

requires a greater aggregate thickness.

Introduction to the Problem
Separation and stabilization geotextiles and

corresponding design theories apply when live loads (i.e.
wheel loads) govern the design. This is commonly the
case on low volume roads. But for high capacity highways
not just a pavement section, but an entire road
embankment is necessary to accommodate the desired
roadway. Typically, construction of embankments is a very
costly and environmentally sensitive problem when very
soft soils, especially in wetlands, are encountered.

Typically fine grained with high clay contents, these
soils are usually wet and often saturated. The primary
problem with soft soils results from their low shear strength
and excessive consolidation settlements.

Until recently, soft soils were avoided because of the
high cost of stabilization. Today, however, engineers are
taking advantage of new cost effective improvement
techniques to utilize marginal sites.

Typical Solutions
Several methods of treatment are available to reduce

the problems associated with soft foundations.t51 These
methods include:

• Removal and replacement of soft soil.
• Displacement of compressible material by end-

loading.
• Staged construction - placing fill at controlled rates

to allow for consolidation and strength gains.
• Installation of drains to facilitate consolidation.
• Pre-loading the site to reduce settlements of the

structure and provide higher strength.
• Deposit improvement using admixtures or injections.
• Reinforcement of the soil matrix using a structural

element.

The Geotextile Solution
While a wide variety of site improvement methods

have been used during the past decade, soil reinforcement
has emerged as an efficient, economical and effective
solution to the problem of constructing embankments over
soft soils.

Such embankments may be designed and
constructed using a layer of high strength, high modulus
reinforcing geotextiles at the base. This geotextile layer
reduces lateral displacement and improves the overall
stability of the soil.

A systematic six-step approach to the design of
reinforced embankments is as follows:’6

1) Conduct a Bearing Capacity Analysis to determine
the limits of the embankment geometry. (Figure A)
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2) Evaluate the embankment cross-section using a

Slope Stability Analysis. Locate the surface of

maximum shear stress in both the embankment and

the foundation. (Figure B)

3) Conduct a Deformation Analysis to estimate the

elongation of the reinforcement. (Figure C)

4) Estimate the distribution of tensile force in the

reinforcement along its length through an Anchorage

Length Evaluation. (Figure 0)

5) Gauge the required interface shear strength between
the embankment and the reinforcement using a
Base Sliding Evaluation. (Figure E)

6) Establish the design tensile strength based on an
Evaluation of Creep Properties of the reinforcing
geotextile.

Case History: US 90 Reinforced Embankments

Over Extremely Soft Solism

The Louisiana Department of Transportation and

Development will be utilizing over 550,000 square yards of

reinforcement fabric to construct Relocated US 90 joining

Morgan City to Houma, Louisiana. The highway includes

approximately six miles of four lane embankment through

extremely soft swampy soils. The embankment consists of

reef shell aggregate reinforced by a woven fabric. Typical

subsurface soil strengths range from 100 psf at the surface

to 200 psf. The light weight of the shell along with the high

internal angle of friction results in typical fabric design

strengths of 150 lb/in @ 5% strain and 500 lb/in @
ultimate strain. The high interlock of the shell along with

the reinforcement produces an embankment which settles

uniformly and resist the classical roller coaster ride.

Recent environmental concerns along with a

depletion in the shell quality has forced the Department to

look for alternative embankment fill materials which give the

same desired characteristics. Five five hundred foot sand

embankment test sections have recently been constructed

on one of the projects. The critical soil strength for three

of the sections along the mainline US 90 ranges from 100

psf at the surface to 200 psf at a depth of thirty feet. The

embankment sections are being stage constructed to allow

an increase in the subsurface soil strength necessary to

resist rotational failures. Test Section A is reinforced with

a single polyester reinforcement fabric with a design

strength of 750 lb/in @ 5% strain and 1700 lb/in @
ultimate strain. Test Section B is reinforced with two

polyester geogrids with a design strength of 375 lb/in @
5% strain and 850 lb/in at ultimate. Test Sections A and B

consist of eight feet of sand while Test Section C has thirty

inches of a lightweight expanded clay aggregate followed

by five and one half feet of sand on top. The reinforcement

h-P

Figure A. Bearing capacity

Figure C. Elastic deformation

Figure E. Lateral spreading

Figure B. Global stability

Figure 0. Pullout or anchorage
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for Section C uses a single polypropylene fabric of design
strengths of 300 lb/in @ 5% strain and 1000 lb/in @
ultimate. Test Sections 0 and E are being built on a less
critical ramp of the US 90 / LA 20 interchange. The critical
failure circle is only five feet deep thus requiring a lower
strength reinforcement fabric. Eight feet of sand on
Section E requires the same woven fabric as the composite
Section C. Test Section D utilizes a 12 ounce nonwoven
fabric to build a displacement section.

Instrumentation on the embankments include
piezometers, settlement plates, liquid settlemonitors,
horizontal and vertical inclonometers. The strength
increase with time will be monitored by multiple insitu
explorations with the Department’s electric cone
penetrometers. A report for publication will be prepared
after sufficient data has been obtained from the monitoring.

GEOTE)(TILE STABILIZED

ROADWAY CONSTRUCTION
PROCEDURES

Geotextile Packaging and Storage
Each geotextile roll should be wrapped for protection

against moisture and extended ultraviolet exposure. Label
or tag each roll for quick field identification and inventory

control. Store rolls in a safe area shielded from the
elements. If rolls must be stored outside, elevate and
protect them with a waterproof cover.

Site Preparation
Clear and grade the installation area. Remove all

sharp objects and large stones. Cut trees and shrubs flush
with the subgrade. Removal of top soil and vegetation mat
is not necessary.

Any soft spots or areas that are unsuitable for
geotextile installation should be identified during site
preparation or subsequent proof rolling. Excavate these
areas, backfill with select material and compact so that the
filled area provides equal stability as adjacent areas.

Soft spots and unsuitable areas may be enhanced
by using a geotextile at the bottom of the excavation prior
to backfilling.

Geotextile Installation
Unroll the geotextile on the prepared subgrade in the

direction of construction traffic. Adjacent rolls should
overlap in the direction of subbase placement using the
guidelines in Table 3.

Sewing is recommended where subgrade soils have
a CBR <1. Prior to subbase placement, hold the geotextile
in place using pins, staples, fill material or rocks.

Cut or fold the geotextile to conform to curves as
illustrated in Figure 6. The fold or overlap should be in the
direction of construction and held in place as described
above.

To avoid possible damage, the exposed geotextile
should be covered with subbase within 14 days.

Note: All seams, whether factory or field sewn,
must conform to specified seam strength requirements.
Seams are subject to the approval of the engineer.

Subbase Placement
Place the subbase by back dumping aggregate on

to the geotextile or end dumping on previously placed
subbase and spreading the aggregate on to the geotexti(e
with a motor grader or bulldozer.

On subgrades having a CBR <1, a sufficient layer of
aggregate must be maintained beneath all equipment while
dumping and spreading to minimize the potential of
localized subgrade failure.

Avoid heavy traffic directly on the geotextile. When
using construction equipment on the subbase material, try
to avoid any sudden stops, starts or sharp turns.

Maintain a minimum lift thickness of six inches
except in cases of low volume roads. Smooth the subbase
to the specified density using a drum roller. Fill any ruts
with additional subbase and compact as specified.

Note: Vibratory compaction is not recommended
with initial lifts of subbase material. Use of such equipment
may result in damage to the geotextile.

Damage RepaIr
Repair damaged geotextiles immediately as

instructed by the engineer. Clear the damaged area, plus
an additional three feet, of all fill material. Cover the area
with a geotextile patch extending three feet beyond the
perimeter of damage. Replace the subbase material,
compacting to specified density.

i’ 13

Sol Overlap Overlap
Strength Unsewn Sewn

(CBR)
- (In.) (in.)

Less than 1 -- 2*

1-2 38 2*

2-3 30 2*

3 & Above 24 2*

* Stitch rows should run parallel to the edge of the fabric and
be located not less than 1-1/2 inches from the edge.
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GEOTEXTILE REINFORCED

EMBANKMENT CONSTRUCTION

PROCEDURES

When building geotextile-reinforced embankments

over soft foundations, it is essential to start with detailed,

accurate specifications. Specifications must clearly detail

the desired geotextile properties as well as the necessary

sequence of construction procedures.

Equipment Selection
When building embankments on soft foundations,

low ground pressure construction equipment is often used,

especially during the initial stages of construction.

Under these conditions, small wide-track dozers (30

wide) with maximum 2.5 to 3.0 psi ground pressure should

be used for spreading fill material on the geotextile. Do not

allow dump trucks on the area underlain by geotextile until

a sufficient amount of fill material (at least 18) has been

placed.
Site-specific conditions may allow either higher or

lower ground pressure equipment to be used.

Site Preparation

Many conditions affect the degree of site preparation

required to provide a working surface compatible with the

selected geotextile.
Among these conditions are:

• Foundation strength and its relation to equipment

mobility.
• The presence of a vegetative root mat.

• The need for removal of large trees or other

obstacles.
Direct placement of a high-strength geotextile on the

prepared site is usually preferable; however, working tables

with or without a lightweight geotextile will facilitate

placement and sewing operations. A working table will also

improve soil-geotextile friction capabilities on the underside

of the geotextile.
Generally, it is advisable to leave vegetative cover

such as grass and weeds in place to provide a support

matting for construction activities.

Large depressions, ditches and shallow creek

channels along the embankment alignment should be filled

with a reasonable amount of fill material to obtain the

specified design grade prior to placing the reinforcing

geotextile.

Geotextile Placement

Placement of geotextiles is a labor intensive process.

This time-consuming procedure can be simplified by pre

fabricating geotextile panels before field placement and

using experienced field installation and sewing crews.

Factory and field fabrication procedures include:

• Manufacturing the geotextile to the largest loom

width possible.
• Sewing geotextile strips together to provide the

maximum cross-machine direction width compatible

with shipping and field handling requirements.

• Shipping geotextile rolls in unseamed machine-

direction lengths equal to one or more multiples of

the embankment design width.

• Factory and field sewing the geotextile with high-

strength polyester, nylon or Kovlar to develop

minimum specified seam strengths. Sewing

machines should provide double parallel stitch lines

from 1/4’ to 1/2’ apart.

• Unrolling and field sewing the geotextile to a

maximum width that can be handled and placed

along the embankment alignment.

Installation of the geotextile must conform to the

lines and grades as drawn by the engineer. This may

require barge placement, manual positioning or backhoe

assisted deployment.
When the geotextile is pulled into place, the warp

directions should be perpendicular to the center line. Do

not place fill on the geotextile until seams/overlaps are

within 5 degrees of being perpendicular.
Do not allow mechanical equipment directly on the

geotextile. Only light, rubber-tired equipment such as that

needed for sewing operations should be permitted on the

geotextile surface.

Fill Placement/Spreading/CompactIon

After placing the geotextile, use small dump trucks

(five cubic yards) or partially loaded larger trucks (10-15

cubic yards) to end-dump the initial embankment fill

adjacent to, but not directly on the geotextile.

After end-dumping on existing fill material, small

dozers or front-end loaders may be used to spread and

compact fill material. A minimum cover of 18” should be

maintained between construction equipment and the

geotextile. Subsequent lifts of fill material should be placed

and spread using equipment and techniques which will not

compromise foundation stability.

A minimum of 18 of fill material should be

maintained at all times between truck tires and the
geotextile. The specified sequence of placement for fill
material should be carefully followed.

Figures 7 and 8 show the proper backfilling
sequence and procedure to pretension the geotextile for
very soft foundation conditions. Fill is placed to pre-stretch
the geotextile and control any advancing mud wave. After
placement, sand fill should be track compacted.
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DESCRIPTION OF FIGURES 1-5

Aggregate thickness hO without a geotextfle and possible reduction in
aggregate thickness Ah using a geotextile versus subgrade shear

strength; on-highway truck wIth standard axle load, (N = number of
passages).

Figure 1. Rut depth = 75 mm.

Figure 2. Rut depth = 100 mm.

Figure 3. Rut depth = 150 mm.

Figure 4. Rut depth = 200 mm.

Figure 5. Rut depth = 300 mm.

CONVERSION CHART

-*

J 4

4

I :: :11!I[: t
1I1i::

Conversion chart for use with design charts.

Figure 1

0 1 2 3 4 can

h For:

- 10.000

o 30 so 90 129 ctkPs)

0 1 2 3 4 CBR

FIgure 2 Figure 3

0 1 2 3 4cBFt
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Figure 4

FORMING A CURVE USING FOLDS

Direction of covering and overlap >

Figure 5

FORMING A CURVE USING CUT PIECES

Direction of covering and overlap

X - PIns, Staples or Weights
on 2’ Centers (Mm.)

Figure 6. Forming curves using Geotextiles

0 1 2 3 CDR

I

Fill or cover material

X - Pins, Staples or Weights
on 2” Centers (Mm.)

Fill or cover material
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I LAY FABRIC IN CONTINUOUS TRANSVERSE STRIPS SEW STRIPS TOGETHER.

2 END DUMP ACCESS ROADS.

3 CONSTRUCT OUTSIDE SECTIONS TO ANCHOR FABRIC.

4 CONSTRUCT INTERIOR SECTION TO “SET FABRIC.

5 CONSTRUCT INTERMEDIATE SECTIONS TO TENSION FABRIC.

6 CONSTRUCT FINAL CENTER SECTION.

FIgure 7. Recommend construction sequence for fabric-reinforced embankments

SOFT FOUNDATION ‘2

FABRIC FOLDED BACK
FOR SEWING NEW FABRIC

Figure 8. Illustration of mud wave formation in a fabric-reinforced embankment

SEQUENCE OF CONSTRUCTION

ADVANCING
MUD WAVE

1.5 TO 2.0 FT..
SAND OR FILL

WATER
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Bearing Capacity of Reinforced Sand
By FE and Experimental Method
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Abstract: An extensive programme of montonically loaded footings
has been conducted at the Geosynthetics and Geotextiles Testing
Laboratory of the Indian Institute of Technology, Bombay, India.
Small scale laboratory tests to determine the ultimate bearing capacity
of footings under plane strain conditions supported by compacted
sand, using one horizontal layer of reinforcing material were performed.
Geosynthetic reinforcement was placed at various depth below the
base of the footing [u] to achieve various u/B ratios [where B is
the width of the footing]. The bearing capacity increase due to the
use of a geosynthetic has been expressed in terms of nondimensional
parameter, Bearing Capacity Ratio [BCR].

In addition, the behaviour of a soil geosynthetic structure
was also studied using ANSYS [a general purpose Finite Element
package]. The model was tested and used to validate the results
of tests on sand reinforced with a horizontal geosynthetic inclusion.
Close agreement is found between the experimental and the finite
element approach in the elastic region. The horizontal and vertical
stresses, and displacements are also compared and reported in this
paper.

INTRODUCTION

Geosynthetics have found extensive applications
in geotechnical engineering activities. One of the
major area of application is for improving the subgrade
performance i.e. improving the bearing capacity.

Binquet and Lee [1975] carried out extensive
studies and concluded that the bearing capacity can
be improved to the extent of three times, using alu
minium strips in a number of layers. Yang [1972]
and Andrawes et. al. [1978] have made similar studies
using a single layer of horizontal mesh reinforcement.
Akinomusuru and Akinoblade [1981] used natural fibres
[iko] as reinforcement. Several other investigators,
Verma and Char [1986], Manjunath [19891 have consi
dered vertical or inclined reinforcement.

Several factors such as depth of placement
[u] length of reinforcement [L], strength of reinforce
ment and its frictional properties are known to affect
the performance of the subgrade. A programme was
undertaken to study the effect of these factors with
various reinforcing materials [jute, geogrid, geotextile,
etc]. However, in the present paper only the effect
of depth of geotextile placement [u], the most signi
ficant factor, is reported.

EXPERIMENTAL STUDY

Small scale laboratory studies were carried
out on homogeneous sand using one layer of geotextile
reinforcing material to study the effect of depth
of placement and the load settlement characteristics
of an unreinforced and reinforced sand subjected to
a plane strain loading condition.

The dimensions of the mild steel tank used
were 60 cms [length] by 45 cm. [depth] by 10.2 cm.
[width]. A 7 mm. thick perspex sheet was used in
the front for observing the development of the failure
surfaces beneath the footing. The tank was filled
to a depth of 40 c. Model footings made of seasoned
teakwood were 10 cm. wide and 40 cm. thick. Figure
I shows the test setup.

Mumbra sand was placed in lifts of 2.5 cm.
in the tank upto a depth of 40 cm. For each lift the
amount of syil required to produce the desired density
[17.6 kN/m 1 was weighed and compacted using a
square wooden block, to the required height, using
depth markings on the perspex sheet. This method
resulted in a relative density of 76%. The footing was
placed on the surface of the compacted sand. Load
was applied to the footing by means of a screw jack
and it was recorded by means of a load cell. Two
dial gauges [least count 0.01 mm] were placed on
the side of the footing to record the settlement.
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The lood was applied in increments till the footing
exhibited failure. Settlement corresponding to each
increment was recorded.

The geotextile was placed at various depths
[u] to achieve u/B ratios of 0.25, 0.50, 0.75, 1.25.
The plane strain condition was achieved by restricting
the displacement in Z-direction i.e. strain £ = 0.

The non-woven needle punched polypropylene
• fibre geotextile was coded 425 B by Tata Mills and

had a weight per square metre of 180 gms, thickness
of 1.8 mm, a bursting strength of 30 KPa and a tensile
strength of 8 kN/m.

NUMERICAL STUDY

ANSYS a general purpose Finite Element [F.E.]
package was used for the present study. It is based
on classical engineering concepts and documented
F.E. and numerical analysis techniques.

The typical grid used for the F.E. analysis
is shown in figure 2. As the problem was symmetric
only the symmetric half was simulated in this analysis.
A twodimensional four noded iso-parametric element
was used to simulate sand and geotextile in a plane
strain analysis. The element had orthotropic property
input and plasticity capabilities. The interface between
the sand and the geotextile was modelled using a
two dimensional interface element.

The sand was modelled as an isotropic material.
The Drucker Prager yield criteria which uses the
outer cone approximation to the Mohr’s Coulumb
theory was deopted for this study.

The modulus of sand being lateral stress dependent
and the footing being 10 cm, a modulus corresponding

to a loose state was used. The sand was assumed
to be in a nbndilatant condition. Therefore, an asso
ciated flow rule was used.

The geotextile was modelled as a membrane
having high tensile strength and negligible compressive
strength. The geotextile modulus being one of the
most influential property in the reinforced case, an
attempt was made to determine the modulus in an
insitu test.

Miki et. al. [1990] have reported the use of
a plane strain test to correctly model the behaviour
of geotextile in situ. Another method would be to
perform an in-place test. An apparatus was fabricated
to determine the inplace shear apparatus and at the
same time could use a 200 x 100 mm sample as reco
mmended by ASTM. Photograph 1 shows the inplace

tensile test apparatus. However, due to restrictions
in space [in the direct shear apparatus] the failure
load could not be reached. The geotextile was subjected
to two normal pressures [54.1 kPa and 91 kpa]. The
load versus strain plot is shown in Figure 3 together
with the in isolation tst. An average initial tangent
modulus of 140 kg/cm wp adopted for analysis [in
comparison to 73 kg/cm in an in-isolation test].

Fukoka [1990] has reported that
strain condition the Poisson ratio tends
view of this, a Poisson ratio of 0.02 was
analysis.

The interface friction between the sand and
the geotextile was determined in a direct shear test
by sandwitching the geotextile between a wooden

FIG. 1. £xperimental Set -up

The air dry Mumbra sand used in the experiments PhotoraEh 1. In—situ tensile—test aaratus.
was passing through B.S.S. no. 7 sieve and had3a specific
gravity of 2.68, maximum3density of 18.1 kN/, , minimum
densit’ of 16.051 kN/m , placement density of 17.6
kN/m [corresponding relative density of 76%], effective
diameter [D ] of 0.2 mm, and a uniformity coefficient

(Cu) of 4.6.

FIG2_T,pt,I F.EU.,4,

in a plane
to zero. In
used in the
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block and sand. A summary of the properties used
in the finite element procedure is given below

a] Sand : modulus of elasticity 500 kpa,
Poisson ratio = 0.3

b] Geotextile : average in-situ modulus = 140,00 kPa,
Poisson ratio = 0.02

c] Interf ace friction angle 6 = 31 degrees [from direct
shear test] corresponding tan 6= 0.6.

RESULTS AND DISCUSSIONS

Load settlement curves for experimental and
finite element procedures for unreinforced case drawn
on a semilog scale are shown in Figure 4, while Figure
5 shows the load-settlement curves for reinforced
case [i.e. u/B = 0.25]. From Figures 4 and 5 it can
be observed that the settlements in a geotextile rein
forced case are lower compared to the unrein
forced case. A good agreement is also seen in the
finite element and experimental results, both in the
reinforced and the unreinforced case upto the elastic
part of the load settlement curve. However, beyond
the yield point there is a variation in results, indicating
that the plasticity effects are not well simulated
in the finite element procedure. The finite element
procedure has under predicted the settlements in
the unreinforced cases while it was overpredicted
in the reinforced case.

Prn.wr. ffit.n.ity IhPat

FIGA Load Settlement Qnv,s for Unretnferc.d
Sand

Table-i gives a comparison of the ultimate bearing
capacity [U.B.C.] and the bearing capacity ratio as
obtained from the experimental and finite element
methods. The U.B.C. was taken as the projection
of the intersection of the initial tangent to the load
settlement curve and the post yield curve, on the
x-axis. It is clear from the Table-i that there is good
agreement in the UBC and BCR obtained from the
finite element and experimental methods.

FIG. 5 Load Settlement Curves for
Reinforced Case (uiB.0.25)

Table 1. Comparison of Experimental and Finite Element
Results

Depth of Placement Experimental ANSYS
Width of footing qu*[kPa] BCR qu [kPa] BCR*
i.e. u/B

Unreinforced 47 - 45 -

84 1.79 83 1.84
77 1.64 75 1.67
71 1.51 70 1.56
64 1.32 62 1.38

* Note: qu = ultimate bearing capacity

BCR = bearing capacity ratio i.e. the ratio of
of the bearing capacity in reinforced
to unreinforced cases

Figures 6 and 7 represent respectively contours
of vertical stress in the unreinforced and reinforced
case of 60 kPa applied pressure intensity, while Figures
8 and 9 represent horizontal stress Controus for the
unreinforced and reinforced cases [at 60 kPa pressure
intensity].

FIG.6 Vertical Stress Contours (Unreinforced Case) at
60 (Pa Pressure Intensity

•4

Pr...ure (kpo)
on si

L
E.p.,Ill,.fllOI 0

-00 F.E.M Amy.)

0.25
0.50
0.75
1.0
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FIG. 8 HorIzontal Stress Contours (Unrelnforced Case) at
60 IWo Pressure tntenstV

Figures 10 and 11 represent contours of horizontal
displacements in the unreinforced and reinforced cases
[u/B = 0.25] at 60 kPa, while figures 12 and 13 exhibit
contours of vertical stress for the unreinforced and
reinforced cases [u/B 0.25] at 60 kPa. These contours
are drawn from finite element results.

From Figures 6 through 9 it can be observed
that the horizontal and vertical stresses are reduced
by the inclusion of a horizontal geotextile compared
to unreinforced case. Horizontal and vertical displace
ments are also reduced by reinforcing sand with a
geotextile [as seen in Figures 10-13] compared to
unreinforced case. Introduction of horizontal layer
of geotextile eliminates tensile stresses and consequently
displacements, as seen in Figures 6 to 9. From Figures
6 and 7 it can be observed that the vertical stress
contour of 0.16 0v [where o, is applied. stress i.e. 60 kPa]

is contained within a depth of 0.30 B for the unreinforced
case, while it reaches only a depth of 0.18 B for
the reinforced case. Similarly, the 0.1 v vertical
stress contour is within a depth of 0.5 B nd 0.25
B for the unreinforced and reinforced cases respectively.
Figures 8 and 9 indicate that only a marginal change
in the horizontal stress contours is seen. From Figures
10 and 11 it can be observed that vertical displacement
contours of 0.15 B are within depths of 1.0 B and
0.75 B for the unreinforced and reinforced cases respec
tively indicating that the bulb of displacement has
shifted up. Also at a depth of 2 B the 0.09 B and
0.07 B contours are contained.

P10.7 WrIkal Stress Contours for ReInforced Case
(uIG 0.25) at 60 KF Plessu,e Intensity

.L.

FIG. 9 Horizontal Stress Contours for Reinforced Case
(uiE.Q.25) at 60 tWo Pressu,e Intensity.

L

FIGlO Horizontal OispIoce,,.e, Contours Unrelnforced Case
at 60 tWa Pressure Intensity
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The horizontal displacement contours of O.09B

[where B width of the footing] are upto depths

of 1.0 B and 0.25 B for the unreinforced and reinforced
cases respectively as seen in Figures 12 and 13. Similarly,
upto a depth of 2 B the 0.3 B and 0.013 B horizontal

displacement contours for the unreinforced and reinforced
cases are contained.

Table 2 shows a comparison of the stresses

and displacements as obtained from the finite element

results. An estimate of the reduction in stresses and

displacements can be had by observing Table 2.

Table 2. Comparison of Stresses and Displacement
at Various Depths Below the Centre/edge
of the footing.

Stresses[kPa] *
Dispaceent[mmi

Depth Horizontaf’ Vertical Horizontal Vertical

below UR R UR R UR R UR R
Centre of

Surface -96.2 —86.2 -28.9 -29.6 -14.7 —10.0 -24.2 -18.4

0.25 B -64.9 -62.3 - 6.1 10.6 —14.0 - 9.0 -23.0 -17.6

0.5 B -44.9 -43.2 - 6.1 - 5.9 -12.1 — 7.1 -21.0 -17.0

* below centre of footing UR = unreinforced

+ below edge of footing R = reinforced_

CONCLUSIONS

The experimental and finite element [ANSYS]
studies carried out on sand reinforced with a single

layer of horizontal geotextile indicate that the Bearing

capacity ratio is maximum for a u/B ratio of 0.25.

Finite element [ANSYS] procedure showed a good

agreement with the experimental results upto the

elastic part. However, beyond the yield point variation

in results were seen indicating that the plasticity

effects were not accurately simulated. It can be also

concluded from the finite element results that due

to reinforcement the vertical and horizontal displace

ments are reduced and the contours of displacement

shift up. Similarly there is a reduction in horizontal

and vertical stresses and elimination of stresses causing
tension. Besides, the depth upto which the effect

of the applied stress is felt is reduced. Since the

U.B.C. of footing on sand depends upon the width

of the footing [among several other factors] the results

cannot be directly applied to full scale footings. Para

metric studies essential for this purpose are being
presently carried out.

FIG.11. Hailzoaial DlspiQcemefll Contour. for

Cot. 1 u, e —0.25)ot 60 KPo Pfassue. Inteouty.
P15.13 Vertical Displacement Contours Reinforced Case

(ulB—0.25* at 60 KPa .snure Intensity

FIG.12 1rtIcal Displacement Contours Unreintorced Case at
60 KPa Pressure Intensity
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Abstract: In recent years, a lot of experimental studies were carried
out for the improvement of bearing capacity of sandy soil, but
very few experimental and theoretical studies were carried out
regarding the bearing capacity of marine clay which is found in
some parts of our country. Keeping above facts in mind, some
laboratory studies were carried out to improve the bearing capacity
of marine clay using geotextile reinforcement at sand-clay interface.
The tests were reported for strip foundation without and with
geosynthetic reinforcement at sand-clay interface with two different
depth ratios (i.e. H/B 0.5 and 0.8) only. A theoretical model
was developed to prove the validity of the experimental results.

INTRODUCTION

In recent years, a lot of experimental studies
were carried out for the improvement of bearing
capacity of sandy soil, but very few experimental
and theoretical studies were carried out regarding
the bearing capacity of soft clay such as marine
clay. Ingold and Miller (1982) studied model testing
for behaviour of strip foundation in clay with geogrid
reinforcement. Love et. al. (1987) used geogrid as
reinforcement at sand-clay interface and presented
the model test results in addition to Finite Element
Analysis. Das (1989) studied the beneficial effects
in the performance of a shallow foundation on compacted
sand layer underlain by a soft clay with the geotextile
reinforcement at sand-clay interface and showed
the maximum Bearing Capacity Ratio (BCR) was
1.08 at H/B = 0.75 for strip footing and 1.24 at H/B
= 0.5 for square footing. Here, H is the depth
of sand fill measured from the base of the footing
and B is the width of footing. Mandal and Dixit (1990)
have used the variational method for analytical approach
to the design of soil-geosynthetic system. Madhav
(1989) examined the application of geosynthetic in
reinforcing soft soil by proposing some reasonable
geotechnical models. Maccown and Andrawes (1990)
studied the improvement of soil bearing capacity
with the application of geotextile at sand-clay interface.
Keeping above facts in mind, some laboratory studies
were carried out to study the improvement of the
bearing capacity of marine clay using geotextile rein
forcement at sand-clay interface. The tests were
reported for strip foundation without and with geo
synthetic reinforcement at sand-clay interface with
two different depth ratios (i.e. H/B = 0.5 and 0.8)
only. A theoretical model was developed to prove
the validity of the experimental results.

TEST PROCEDURES AND
PROPERTIES OF MATERIALS

The strip footing was tested in a steel tank
measuring 600 mm (length) x 302 mm (width) and
400 mm (height). A 18 mm perspex sheet was used
in the frontage for observing, the development of
failure mechanism in the vicinity of the footing.
From the observed failure surface, we can measure
the dispersion angle through compacted sand layer.
The details of tank are shown in Figure 1. The model

FIG. 1. DETAILED OF MODEL
RECTANGULAR TANK
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strip footing had the width of 75 mm and length of
302 mm. The length of the model was essentially equal
to the width of the testing tank to simulate the case
of strip footing. The model footing was made of mild
steel and a rough base. To assume the plane strain
condition, the displacements of the longitudinal sides
of the testing tank were measured during testing using
dial gauges mounted on both sides of the tank. The
measured lateral displacements were found to be negli

gible. The load cell of 2000 kg. capacity was used
for measuring the load that was recorded by the elec
tronic recorder with the accouracy of 1 kg. Two dial
gauges are used to record the footing settlement upto
the accouracy of 0.01 mm.

The sand used in the present experimental
investigation is known as Mumbra sand. The sand had
uniformity coefficiej’it of 2.94, the density of Mumbrf
sand = 16.87 kN/m , maximum dnsity = 17.76 kN/m
minimum density = 15.69 kNim , relative density =

64.6% and the effective grain size = 0.165. The thickness
of nonwoveri geotextile = 2.35 mm, bursting strength

100 kPa; bearing load 250 kg; and the tensile strength
of geotextile = 150 kg/cm

The dry unit weight of marine clay = 9.08 kN/m
cohesion (from undrained triaxial test) = 7.06 kPa;
moisture content = 61% and degree of saturation
98%. The saturated soft clay was prepared from slurry.
The slurry was made uniformly at liquid limit i.e.
71% moisture content. In the tank, a sufficient amount

of sand was placed at the bottom for drainage. Three
geotextile pieces are used on the three vertical faces
of the tank for the horizontal drainage. Now the prepred
slurry was put in the tank and top sufae of slurry
was levelled. Then a sheet of geotextile was placed
on it for vertical drainage purpose. After that some
amount of coarse sand was for vertical drainage. For
gravity loading nearly seventy concrete cubes of average
weight of 8.4 kg. each, were placed centrally on the
loading platform Four dial gauges were istalled at
four corners of loading platform to measure the settle
ment during consolidation period. Also by measuring
the settlement at four corners we can decide about
any eccentricity of loading and differential settlement.
When the dial gauges did not show any further settlement,
the loads were removed and soil was allowed completely
to release the stress. During the consolidation period,
the flow of water in the tank was continued.

The top surface prepred of clay was levelled
and if required, the geotextile reinforcement was
placed over clay surface and sand was placed into
the box depending upon the H/B value required and
the load cell of capacity 2000 kg was fitted in vertically
movable ro d as shown in figure-2.

Two dial gauges were fixed on either side of
the centre of the footing to record the footing settlement
for each increment of load. The electronic recorder
was used for reading the load applied through the
load cell. The load was transmitted to the footing
through a steel ball centrally placed on the footing.
The loading was applied by hand operated hydraulic
jack under the strain control test and amount of load
applied was read by electronic recorder. The loading
was continued to the failure or to the settlement
about 50% of the size of the footing width. The central
deflection of the geotextile reinforcement was measured
by a special nut-bolt arrangement as shown in Figure
2. The tests were conducted for strip footing without
and with geosynthetic reinforcement at sand-clay
interface with H/B = 0.5 and 0.8 only. Here H is the
depth of sand fill measured from the base of the footing

and B is the width of the footing. The failure pattern
was also measured for the purpose of observing the
failure surface and the measurement of dispersion

angle () through sand fill.

THEORETICAL MODEL

A theoretical model for the problem of a strip
footing on granular sand underlain by soft clay with
geotextile reinforcement at sand clay interface has
been developed. Based on the observed model tests
behaviour, a failure hypothesis is proposed for the
estimating of the bearing capacity of geosynthetic
reinforced soil. The analytical results are then compared
with the experimental data obtained from the laboratory
model tests. Figure 3 shows the strip footing on said

underlain by soft clay with geosynthetic at sand clay
interface. The reinforcement at sand-clay interface

FIG. 3. Model strip foobng on compacted sand on
clay with Geotextile reinforcement at san&lay

interlace
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prevents the lateral movement of the fill under imposed
load so that the base of the fill acts as a full rough
footing on the surface of the clay. For unreinforced
system, the fill is able to move laterally under the
imposed load and induce shear stresses on the surface
of the clay. Based on observed model tests, the failure
mechanism may be assumed as shown in Figure 4 for

the analysis of geosynthetic reinforced soil system.
The load is assumed to be dispersed through the fill
and acts on the increased width (2B1) on the surface
of the clay shown in figure 4. The shape of the failure
surface may be divided into three parts

(1) The central parabolic surface with central deflection
of reinforcement, h0 and

(2) Two cubic parabolic surfaces with zero slope at
ends F and M and common slope at junction point
E, on either side of the central parabolic surface
(Fig. 4).

Equation of central parabolic surface (DO’E) : Let
the general equation of parabola be

Y=aX2÷bX÷c (1)

where Y is the deflection of reinforcement at a distance
X from the point 0 as shown in the figure 4.

The boundary conditions are

(i) Y=OatX=B1
(ii) Y — h at X = 0

(iii) dY/dX
0=

0 at X = 0

Applying the above boundary conditions to the equation
(1), we have

[---- 1]Y=h0
B2

where h0 is central deflection of reinforcement

= half of the increased width on the clay

B/2 + H tan
B = width of the footing

H =. depth of the sand fill

= angle of dispersion

In the failure surface shown in figure 4, the points
D and E are known as point of inflexion where sign
of slope changes

From the equation (2)

(dY/dX)DE (2hox/B)XB = 2h0/B1

(dy/dx)0=2h0/B1

If the slope at point D or E is assumed to be as shown
in Fig.4.

Tan= (dy/dx) = 2h /B
DorE o

4, tan (2h0/B1) (5)

Equation of the curve beyond the point E Let the
equation of cubic parabolic surface (EPM) be

3 3
y=ax ÷bx +cx+d (6)

Where y is the deflection of reinforcement at distance
x measured from the point E as shown in Fig. 4 and
a, b, c and d are constants to be determined. The
boundary conditions .s-e

(i) y 0 at x = 0

,(ii) y 0 at x = L

(iii) dy/dx = 0 at x = L

(iv) dy/dx = 2h /B at x 0
ol

(i.e. maintaining common slope at junction)

Where L is the length of reinforcement beyond the
point E.
Applying the boundary conditions (i) in the equation
(6), we have d = 0.0
Putting d = 0 in the equation (6) becomes

y=ax3+bx2cx (7)

Differentiating the equation (7) with respect to x
and applying the boundary condition (iv), we get

c = 2h3/B1 (8)

Now, differentiating the equation (7) with respect
to x and applying the boundary condition (ii) and (iii)
and solving, we get

a = c/L2 and b = - 2C/L (9)

Substituting the value of c in eouition (9), we get
2h -4h

0 0
a= andb=
.B1L B1L

Now from equation (7)

FI 4. FAILURE MECHANISM IN REINFORCED SOIL
SYSTEM FOR STRIP FOOIWG

(2)

dy/dx = 2h0 XIB (3)

The slope of failure surface at point D or E

3 2
y=ax +bx +cx

= 2h0x3 - 4Lx2 + 2h0x

2hx 2hx 2=

2 x2 - 2xL + L2]
°

(x-L) (10)
B1L B1L2

Differentiating the equation (10) with respect to x,
we have

dy/dx =—j--(3x2- 4xL + L2)

For the point where y will be maximum,
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max

2h0(L/3 - L)2
EMT = EKT + KMT (16)

= Total pullour resistance for
reinforcement (EKM) in the direction
of T

EKT = the pullout resistance of portion
of geotextile EK in the direction
T

KMT = the pullout resistance of the geotextile
reinforcement KM in the direction
of T

the figure 5, the height of the triangle
small, so KEEN = L/3 and KMNM

dy/dx 0

3x2 - 4xL + L2 = 0

x=L/3orL (11)

The maximum upward deflection of reinforcement
occurs at a distance of L/3 from E and its maximum
value of deflection (Y ) in this zone can be deter
mined by putting x =m,3

in the equation (10) i.e.

T
= EMT (15)

For the simplicity, the pullout resistance of reinforce
ment always measured in the horizontal direction.
For that point of view, the figure 5 may be simplified
as traingular surface taking its head K at the point
where slope (dy/dx) = 0 (at L/3 from E) for simple
calculation of pollout resistance without having any
significant error. Therefore, the total pullout resistance
at point E may be estimated as

B1L where
EMT

8h L

‘max = 27Bi
(12)

The value of Y has been shown in Figure
4. The two cubic parab DGF and EPM are symme
trical to the central parabolic surface as shown in
Figure 4. So the equation of cubic parabolic surface
DGF will be the same of the equation of cubic parabolic
surface EPM. The equations (2) and (10) together fit
well the deformed shape of the reinforcement at the
point of failure.

Considering the unit width of the reinforcement,
the total failure load (Q ) on the strip footing may
be calculated as the sum o±’the

1. bearing pressure (x + 2) c over the width (2B1)
and u

2. membrane action of reinforcement layer

The membrane action of geotextile reinforcement
layer provides direct upward component 2T Sin (Fig.
4). Where T is the tension in reinforcement at E and
kis the horizontal angle at E.

Total load, = 2B1 ( + 2 )cu + 2T sin (13)

The horizontal angle is defined in equation (5). The
tension in reinforcement at E can be estimated as
follows

Consider the equilibrium of the portion the
geotextile reinforcement layer beyond the point E
as shown in the figure 5. The tension in the reinforcement

— REAL SURFACE

K —--- SNPUFIEO SMCE FOR
IKE

L3 7L11

FIG5.-EOUILIBRIUM THE PORTION OF GEO1ERTILE
REINFORCEMENT BEVORD 1W PORT OF IWLEX, E

at point E is resisted by the frictional forces at geotextile
sand and geotextile-clay interface. The tension, T
is maximum at point 0’ and assumed to be zero at
point (M) where slip surface meets the top surface
of the clay as shown in figure 4. According to the
figure 4, the value of ‘L’ is given by

L=B+2HtanJ3 (14)

Symmetrically, the tension at E is equal to the tension
at D (i.e. TE= T,, = T). The tension T at point E will
equal to pullout’ resistance (P ) of the portion the
geotextile reinforcement beyond

According to
EKM is very

2L/3

Therefore the value EKT and are given by

EKT = L/3 c in the direction of T and

KM = 2L/3 C in the direction of KM (17)

The component of pullout force in the direction
of T is given by KMT 2L/3 c sec (1.5) (Fig.5)

From the equation (16), the pullout resistance EMTgiven by

EMT = L/3 c ÷ 2L/3 c sec (1.54’)

= L/3 c + 2 sec (l.5#).j (18)

From the equation (5) subsituting the value of * in
the equation (18), we get

EMT = L/3 c [1 + 2 sec

jl.5 tan (2h0/B1)Ji

From the equation (15), we have

T = L/3 c [1 + 2 sec )j.s tan(2h0/B1)J (19)

Now substituting the value of T in the equation (13),
we get

= 2B1 (X÷ 2) c + 2T sin

= 2B1 ((- 2)cu + 2L/3 c [1 + 2 sec

1.5 tan (2h0/B)}]

x [sin ftan’ f2_)J] (20)

The ultimate bearing capacity (q ) of strip footing
on sand underlain by soft clay wit1 geotextile reinfor
cement at sand clay interface is given as = Q/B
where = total failure load

B = width of the footing
The value of L is defined in equation (14)
i.e. L B + 21-1 tanfr
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So from the equation (20),

2B (.+ 2)c 2 (B + 2H tanC
1 U

_________

q— B + 3B
[l+2sec

2h
(1.5 tan B° )3] x sin £tan (2h0/B,)’j

If we write the equation (21) in terms of and B1,
then the equation b-comes

5.14(2B1) 2 (2B1) c

_______________

p
B ÷ 3B

1 + 2 sec (1.5t)3sint

10.28 B1 c 4B1 c2 sin

B + 3B

Li + 2 sec (1.5+)] (22)

tan’ (2h0/B1)
B -p 2H tanj

depth of sand fill
central deflection of geotextile reinforcement

undrained cohesion

coefficient of pullout resistance

width of footing
angle of dispersion

RESULTS AND DISCUSSIONS

The load settlement curves without and with
geotextile reinforcement at sand-clay interface are
shown in figur6 and 7 for H/B = 0.5 and 0.8 respectively.

FIG.6.APPLIED PRESSURE Vs STTLEMENT CURVE WITH
AND WITHOUT GEOTEXTILE REINFORCEMENT AT

SAND-CLAY INTERFACE

From figures 6 and 7 respectively the ultimate bearing
capacity (q ) were determined from the load settlement
diagrams fr unreinforced and reinforced clay in the
manner as described by Vesic (1973) and tabulated
in the Table 1. From the Table 1, the bearing capacity
ratios were found to be 1.043 and 1.085 for the depth
ratio of 0.5 and 0.8 respectively. The value of pullout
resistance, central deflection of geotextile reinforcement
cohesion etc. are given in Table 2. The experimental
and theoretical results are given Table 3. From Table
3, it is noted down that the pereicted value from the
theoretical approach are slightly greater than the
measured one. However the overall agreement between
predicted and measured value indicates that the assumed

FIG 7. APPLIED PRESSU Vs SErTLEMENT CURVE WITH
AND WITHOUT GEOTEXTILE REINFORCEMENT AT

SAND
- CLAY INtERFACE

TABLE 1. Ultimate Bearing Capacity Without and
with Geotextile at Sand-clay Interface

H/B

____

Unreinforced Reinforced

0.5 41.80 43.60

0.8 45.00 48.83

Note H = the depth of sand fill measured from the
base of the footing and
B = width of foundation = 75 mm.

TABLE 2. Test Result Data for Geotextile Reinforcement
at Sand-clay Interface

Coefficient of Pullout2 0.0219 0.03466
Resistance C (kg/cm

Central Deflection of 0.11 0.94
Geotextile h0 (cm)

Undrained ohesion, 0.072 0.072

Cu (kg/cm

Dispersion angle, 9.4 9.5
(degree)

Failure load (kg) - 100 112

N.B 1 kg/cm2 = 98.1 kPa and 1 kg 9.81 Newton

failure surface in reinforced tests resonably well both
for the observed deformation patterns and measured
failure load. The observed failure surface at the point
of failure is shown in figure 8. The assumed failure
surface using equation 2 and 10 for h 0.94 cm and

L = 2Bi 9.5 cm is shown in figure°4. The observed

(21)

where 4’ =
2B 1=

=

Cu =

c=
p

m
z
-4

Particulars Values

H/B = 0.5 H/B = 0.8
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TABLE 3. Comparison Between Experimental and
Theoretical Results for the Ultimate
Bearing Capacity of Reinforcement

H/B _y&cc!!gL
Theoretical Experimental

0.5 104.01 100.00

0.8 119.47 112.00

Note H = the depth of sand fill measured from
the base of the footing and

B = the width of foundation 75 mm.

failure surface in model tests as shown in figure 8
justify the assumed failure surface as shown in figure
4. This also justified by the faihre surface suggested
by Love et. al. (1987). Love et. al. (1987) also outlined
the expected zones of deformation after taking 2B
as width of the surface rough footing and compare
with the measured displacement vectors. The pattern
of displacement fits well. The measured width (2B1)
in the reinforced test vary very slightly with the settl
ement of the footing but assumed to L” constant through
out the rest and this fact is justified by Love et. at.
(1987) also. The angle of dispersion may depend on
the degree of compaction of the particular type of
sand fill. In the case of well compacted sand fill,
the interlocking friction contribution in shear strength
is of higher order, whereas in loose sand fill, it is
relatively very less. Therefore the contribution of
well compacted sand fill is more in increasing bearing
capacity of the clay by dispersing the loading width
to a greater width on the surface of the clay. The
experimental result shows that the dispersion angle,

3 is 9.5° only for the H/B 0.8 in the case of strip
footing test.

For the sand fill used in strip footing test,
the value of dispersion angle,j3comes to 9.5° at degree
of density, D equal to 64.6% . This means that the
compacted safd fill may not be well compacted. By
the better compaction of sand fill, the bearing capacity
may further be improved by increasing dispersion angle,

through the sand fill.

The bearing capacity of strip footing increases
with the introduction of geotextile reinforcement
at the sand-clay interface. The bearing capacity ratios
with the use of geotextile at sand clay interface,
are 1.04 and 1.085 for the depth ratio (H/B) equal
to 0.5 and 0.8 respectively for the strip footing. The
suggested theoretical model may be used for the calcu
lation of ultimate hearing capacity of a strip footing
on sand underlain by soft clay with geotextile at sand-clay
interface. The central deflection of reinforcement
may depend on the type of geotextile used and the
nature of soil sand system. The value of central deflec
tion, h0 can be measured by the method described
earlier. However, in absence of any data the value
of h may be suitably assumed to 10-15% of the width
of t%e footing at the point of failure for geotextile
reinforcement at sand-clay interface. The coefficient
of pull out resistance (c ) depends on the normal pressure
for the particular said-clay system. The value of
C increases with the increase in normal stress. The
psent experimental results compared well with the
theory developed.
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FINITE ELEMENT ANALYSIS OF GEOSYNThETIC
REINFORCED SOIL WALL

by

J.N. Mandal, Ph.D. and K.S. Jambale, M.Tech.
Civil Engineering Department

I.I.T., Powai, Bombay - 400 076
India

Abstract: A non-linear Finite Element Method (FEM) of geosynthetics
reinforced soil wall has been adopted for this present investigation.
In the analysis the soil and geosynthetic materials have been treated
as a composite material. Eight noded isoparametric elements have
been used herein for the non-linear analysis. The vertical, horizontal
and shear stress distribution of unreinforced and geosynthetic rein
forced soil wall in the contour form under self weight and external
load have been reported.

INTRODUCTION

Many investigators have documented the
analysis of reinforced earth by using Finite Element
Method technique such as Romastad et a! (1976),
Shen et. al. (1976) Chang (1977), Naylor and Richard
(1978), Andrews et al (1982), Soderman and Rowe
(1986), Baur and Halim (1989), Hird (1990), Rowe
and Mylleville (1990), Burd and Brocklehurst (1990),Burd
and Brocklehurst (1990), Jonathan and Helwany (1990)
Giulio (1990), Toshiakai (1990) and
many others. In this paper the geosynthetic reinforced
soil wall behaviour under self weight and external
load have been reported. The brief formulation of
composite material (soil and geosynthetics) is explained
herein and the detailed formulation of composite
model have been reported by Romstad et. al. (1976).
Non-linear behaviour of soil has been included in
the finite element method programme developed
for this purpose.

DETAILS OF PROBLEM

Analysis of geosynthetic reinforced soil wall
considered here as a plane strain condition. The total
wall above the ground selected for the analysis is
3.2 m in height and 2.4 m in width. Sufficiently larger
dimensions in the analysis are considered for the
foundation of the wall where the de—formation in
the media are negligible.

The details of the geosynthetic reinforced
soil wall is shown in Figure 1. The total system of
the wall has been descritised in 144 elements. The

descritisation, boundary conditions arid external loading
pattern are shown in Figure 2. The backfill of eosyn
thetic reinforced soil wall is cohesioriless and other
properties of soil and geosynthetic are given in Table
I. The flow chart of computational scheme is given
in Figure 3.

FIG. I. G..,yith.ti, WII S.I.c$.d F., flM
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TABLE 1

Properties of Soil and Reinforcement

Soil Properties

Unit Weight of soil (kg/rn3) 1660

Angle of internal friction (degree) 40.

Poissons ratio 0.35

Modulus number (k) 1200

Failure ratio 0.8

Modulus exponent 0.5

Atmosphere pressure 2(not soil property) (kg/rn ) 10.000

Properties of Geosynthetics -

F. I Wl I

0j and are principal stresses is the shear stress.

and
2

are strains and is the shear strain. Equal
srain as assumed in both the soil and Geosynthetics.

s G
i = +•j

where,
= strain in composite material

= strain in soil
G

strain in geosynthetics

The stress in geo synthetic reinforcement and soil
respectively are

G G
G A E

=

ACES + AG EG

Cs
E (4)

AC E5 + AG EG

where,

F= total stress in composite mass
E = Young’s modulus for soil

G
E Young’s modulus for Geosynthetics

AC = Area of composite mass

AG = Area of Geosynthetics

The quantities of ‘c’ matrix in equation 1. are

C
1 AC

11 o ACES+AGEG

Type Nonwoven

Tensile strength (kg/m) 1485

Thickness (mm) 10

ANALYTICAL MODEL

Soil and Geosynthetic mass has been treated
as a composite material and ‘unit cell’ concept has
been used in the analysis to obtain the stress strain
properties of composite material. The stress strain
relationship of composite material during the application
of small incremental of load as

1 C1 C12 o\ fci

1 &.2
C21 C22 0 cr

0 C33 Li (1)

where C11, C12, C21, C73 and C33 are the parameters
of the composFt maferiaf.
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2 v5 AC

ACES+AGEG

where vS = Poisson’s ration
The other quantities of the ‘Cu’ matrix are

where AG EG
=

AS ES

[C] (

The ‘D’ matrix required in the FEM analysis
has been directly obtained by the inversion of ‘C’
matrix.

The stress strain relations of unreinforced soil
are obtained herein are based on incremental stress
behaviour suggested Smit et. al. (1976)

6 Mb + Md) (Mb - Md) O (- 1
(J = \(Mb - Md) (Mb + Md) 0

l2 L
0 0 M-12

- E - E
Mb - i + v) (1 - 2v) ,Md_ 2(1 + v)

The initial modulus of soil has been calculated
based on Janbu’s equation and the tangent modulus
for the unreinforced and reinforced soil used in the
analysis are

EU (1 - sin 0) (3 - ç
E =[l- ]2E-
t

2C Cos + 23 sin

E =[l- IHsinO(1_sin0)]2E
t 2CcosO+2qsin0 1

E = initial tangent modulus KPa
)n

Rf = failure ratio

c
e)

= minor principal stress

= unit weight of soil

C cohesion of soil

H = height of wall

H 2C

N

In the present investigation the element stiffness
is varing. The elements in the foundation are assumed

(7) elastic and linear analysis was carried. The stiffness
of the elements were calculated by

K çç[8]T [Dl [B] d d k [3] (12)

where [Dl represents the properties of medium and
[3] is the Jacobin matrix.

(8) RESULTS AND DISCUSSIONS

Vertical Stress Distribution

Figure 4 contours are for the vertical stress
distribution under self weight of soil. The contours
indicate that the compressive stresses are decreasing
near the toe of the wall, soil do not take any tensile
forces and the chances of failure may commence from
the toe of the wall.

Figure 5 contours are vertical stress distribution
under external load, in this figure the levels in the
contours of reinforced zone are less changed than
the unreinforced zone.

(6)
N0 = tan2 (45 + 0/2)

= Atmospheric pressure

K = Soil modulus number

n modulus exponent

ELEMENT STIFFNESS MATRIX
- v

E5 ( 1 +c.ic)

2
1 +(l - vS )
ES (1

0

where

(9)

where

(10)

(11)
FIG. I. V.rtic,,I Stress Ojitributian Und.r Self W.iiht
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Horizontal Stress Distribution

Figure 6 is for the contours of horizontal stress
distribution under self weight of soil mass. More stress
contours are concentrating in between foundation

and back- fill. The stress contours concentration was
also found in foundation, but the soil selected in the
foundation for the analysis is very strong and the
chances of bearing failure are very remote. Sliding
seems more predominant here. Figure 7 is for contours

-100 —_____

u

for horizontal stress distribution under external load.
These contours indicates the same nature with magnified
value.

Shear Stress Distribution

Figure 8 for contours of shear stress distribution
under self weight. The slope of the contours in the
reinforced zone found very flat and very sharp slope

moving upwards in the unreinforced zone. P failure
plane of similar nature has been observed in the investi
gations on geosynthetic reinforced soil wall by using
FEM (Jambale, 1990). Figure 9 is for contours of shear

In the case of vertical stress distribution contours
under self and external load, the disturbance in the
levels of contours of reinforced mass are always less
than that of unreinforced mass. The levels in the con
tours in reinforced zone nearly parallel to each other.
The entire body of the reinforced mass acts as a rigid
body.

FIG. 5. VertIcal Stress Distribution Under Internal Load

RU.;. Sheer Stress Olatnlbailan Under Sdf WeIght

FIG. 6. Horizontal Stress Distri bution Under Silt Weight

FIG. 9. Shear Stress Dlatrlbutleo Under hternal Lend

stress distribution under external load also indicates
the same nature with magnified contour values.

CONCLUSIONS

FIG. 7. Haejznntal Stress Distribution Lisder External Load
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The more stress concentration have been observed
in between backfill and foundation for the horizontal
stress distribution under self and external load. Here
the chances of failure by sliding are more predominant.

The slope in the contours of shear stress distribu
tion under self and external load remained flat in rein
forced mass and with very sharp upward slope in unrein
forced zone.
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JAMES S. MARTIN, RE.
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RO. Box 240967
8702 Red Oak Blvd.
Charlotte NC 28224

7484 Butler-Warren Road KEN BREWSAUGH (704) 523-7477 or (800) 234-0484
Mason OhIo 45040 396-7937 Fax (704) 527-9547
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PLASTIC FUSION FABRICATORS, INC. Seaman CorporationTHERMOPLASTIC CONSULTING FABRICATION INSTALLATION
INDUSTRIAL FABRIC DIVISIONGARY MATHENY

Felon R. Wilson, RE.
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•

ENVIRONMENTAL CONSULTANTS
JPS Elastomerics Corp. Janice Hall

___________________

395 Pleasant Street Product Specialist
Northampton, MA 01060 Environmental Products Div.
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Mike Klein

(606) 272-6618
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Lexington, KY 40583-2588
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ATE Associates, Inc.

V 28l5WattersonTrail 832-E Nandino Blvd.
Louisville, KY 40299-8528 Lexington, ICY 40511-2498
[5021267-8355 (6061253-9395
FAX #15021267-8528 FAX # [6D6J 255-9939

MICHAEL E. GRAHAM
District Manager

ERCE Bernard H. Voor ill, PE
Office Manager

3128 East 17th Avenue
Suite B
Columbus, Ohio 43219
Telephone: 614-471-6180
Fax: 614-471-1340

Consulting Environmental, Geotechnical ond Materials Engineers

Fuui, MOSSBARGER, Scorr & MAY
CIVIL ENGINEERS INC.

1409 N. FORBES RC’AD LEXINGTON. KY. 40511

HANS E. NAUMANN, JR., P.E.
SENIOR VICE PRESIDENT
606/266-0000 (HOME)

R. . (JAY) MAZZONI, JR., RE.
PRINCIPAL ENGINEER

LAW ENGINEERING
GEOTECHNICAL. ENVIRONMENTAL
& MATERIALS CONSULTANTS

2025 LEESTOWN ROAD • SUITE S • LEXINGTON, KENTUCKY 40511
606-252-8808 • FAX 606-254-2327

J. RICHARD CHEEKS, P.E.
PRESIDENT

Stokley-Cheeks and Associates, Inc.
Georechnical & Materials Engineers

132 MacArthur Court
Nicholasville, KY 40356

(606) 887-4049

PHONE (606) 233.0574
FAX (606) 254-4800

606/263-2855 FAX 606/263-2839
5480 SWANTON DRIVE
LEXINGTON. KY 40509-9420

KENTUCKY
TRANSPORTATION

CENTER

University ofKentucky

For help with your transportation
needs, call us toll-free at 1-800-432-
0719 (in Kentucky) or 606-257-4513.



APPENDIX - A3

PAST OHIO RIVER VALLEY SOILS SEMINARS

ORVSS I: BUILDING FOUNDATION DESIGN AND CONSTRUCTION,
October 16, 1970, Lexington, Kentucky

ORVSS II: EARTHWORK ENGINEERING, START TO FINISH,
October 15, 1971, Louisville, Kentucky

ORVSS III: LATERAL EARTH PRESSURES
October 27, 1972, Fort Mitchell, Kentucky

ORVSS IV: GEOTECHNICS IN TRANSPORTATION ENGINEERING,
October 5, 1973, Lexington, Kentucky

ORVSS V: ROCK ENGINEERING
October 18, 1974, Clarksville, Indiana

ORVSS VI: SLOPE STABILITY AND LANDSLIDES,
October 17, 1975, Fort Mitchell, Kentucky

ORVSS VII: SHALES AND MINE WASTES: GEOTECHNICAL
PROPERTIES, DESIGN AND CONSTRUCTION,
October 8, 1976, Lexington, Kentucky

ORVSS VIII: EARTH DAMS AND EMBANKMENTS: DESIGN,
CONSTRUCTION, AND PERFORMANCE,
October 14, 1977, Louisville, Kentucky

ORVSS IX: DEEP FOUNDATIONS,
October 27, 1978, Fort Mitchell, Kentucky

ORVSS X: GEOTECHNICS OF MINING,
October 5, 1979, Lexington, Kentucky

ORVSS XI: EARTH PRESSURES AND RETAINING STRUCTURES,
October 10, 1980, Clarksville, Indiana

ORVSS XII: GROUNDWATER: MONITORING, EVALUATION,
AND CONTROL,
October 9, 1981, Fort Mitchell, Kentucky



APPENDIX - A3

PAST OHIO RIVER VALLEY SOILS SEMINARS
(Continued)

ORVSS XIII: RECENT ADVANCES IN GEOTECHNICAL ENGINEERING
PRACTICE,
October 8, 1982, Lexington, Kentucky

ORVSS XIV: FOUNDATION INSTRUMENTATION AND GEOPHYSICAL
EXPLORATION,
October 14, 1983, Clarksville, Indiana

ORVSS XV: PRACTICAL APPLICATION OF DRAINAGE IN GEOTECHNICAL
ENGINEERING,
November 2, 1984, Fort Mitchell, Kentucky

ORVSS XVI: APPLIED SOIL DYNAMICS,
October 11, 1985, Lexington, Kentucky

ORVSS XVII: NATURAL SLOPE STABILITY AND INSTRUMENTATION,
October 17, 1986, Clarksville, Indiana

ORVSS XVIII: LIABILITY ISSUES IN GEOTECHNICAL ENGINEERING
AND CONSTRUCTION,
November 6, 1987, Fort Mitchell, Kentucky

ORVSS XIX: CHEMICAL AND MECHANICAL STABILIZATION OF
SOIL SUBGRADES,
October 21, 1988, Lexington, Kentucky

ORVSS XX: CONSTRUCTION IN AND ON ROCK,
October 27, 1989, Louisville, Kentucky

ORVSS XXI: ENVIRONMENTAL ASPECTS OF GEOTECHNICAL
ENGINEERING,
October 26, 1990, Cincinnati, Ohio


